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Editorial

We are publishing the second issue of volume 11 of the IBRACON Structures and Materials Journal with ten articles.
The issue begins with an article on modelling of fracture problems in quasi-brittle materials by the E-FEM. The sec-
ond article presents an experimental study on solid reinforced concrete slabs strengthened on the upper surface.
The third article discusses experimental results to assess stiffness plasticity degradation of masonry mortar under
compression. The fourth article draws on the use of semi-continuity to remove fireproof coatings in simply supported
composite steel and concrete beams. In the fifth article, computational routines, based on the Brazilian Norm ABNT
NBR 6118:2014, are used to analyze the ultimate flexural strength of prestressed concrete beams. Lateral-torsional
buckling of cellular composite beams is addressed in the sixth article. The seventh article analyzes the Real Class
building collapse, a residential building with reinforced concrete structural system and located in the urban area of
the city of Belem / PA, occurred in 2011. The eighth article proposes a standardized solution for the application of
Tuned-Mass Dampers to the control of floor vibrations based on the characteristics of the acting loads associated
to human usage and the characteristics of the most common structures of the contemporary engineering practice.
The ninth article evaluates the effect of the mixing method on the mini-slump spread of Portland cement pastes.
An evaluation of international design codes on punching resistance of reinforced concrete footings is presented in
the last article.

Américo Campos Filho, Eduardo N. B. Santos Julio, José Luiz Antunes de Oliveira e Sousa, José Marcio
Fonseca Calixto, Leandro Francisco Moretti Sanchez, Mauro Vasconcellos Real, Osvaldo Luis Manzoli,
Paulo César Correia Gomes, Rafael Giuliano Pileggi, Roberto Caldas de Andrade Pinto, Ronaldo Barros
Gomes and Tulio Nogueira Bittencourt, Editors

Estamos publicando a segunda edi¢éo do volume 11 da Revista IBRACON de Estruturas e Materiais com dez artigos.
A edigdo comega com um artigo sobre modelagem de problemas de fratura em materiais quase-frageis por E-FEM.
O segundo artigo apresenta um estudo experimental em lajes de concreto armado reforgado pela superficie superior.
O terceiro artigo discute resultados experimentais para avaliar a perda de rigidez a argamassa de assentamento
da alvenaria sob compressao. O quarto artigo baseia-se no o aproveitamento da semicontinuidade para eliminar o
revestimento contra fogo em vigas mistas de ago e concreto biapoiadas. No quinto artigo, rotinas computacionais, ba-
seadas na Norma Brasileira ABNT NBR 6118:2014, s&o utilizadas para analisar a resisténcia Ultima a flexdo de vigas
de concreto protendido. A flambagem lateral com distorgao de vigas mistas celulares é abordada no sexto artigo. O
sétimo artigo analisa o colapso do edificio Real Class, prédio residencial com sistema estrutural de concreto armado,
localizado na area urbana de Belém / PA, ocorrido em 2011. O oitavo artigo propde uma solugdo padronizada para
a aplicacdo do Tuned-Mass Dampers para o controle de vibragcdes em lajes de piso com base nas cargas atuantes
associadas ao uso humano e as caracteristicas das estruturas mais comuns a engenharia contemporanea. O nono
artigo avalia o efeito do método de mistura no espalhamento mini-slump de pastas de cimento Portland. Uma avalia-
¢do dos codigos internacionais de projeto sobre a resisténcia a pungdo de sapatas de concreto armado é apresentada
no ultimo artigo.

Américo Campos Filho, Eduardo NB Santos Julio, José Luiz Antunes de Oliveira e Sousa, José Marcio
Fonseca Calixto, Leandro Francisco Moretti Sanchez, Mauro Vasconcellos Real, Osvaldo Luis Manzoli,
Paulo César Correia Gomes, Rafael Giuliano Pileggi, Roberto Caldas de Andrade Pinto, Ronaldo Barros
Gomes e Tulio Nogueira Bittencourt, Editores
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Aims and Scope

Aims and Scope

The IBRACON Structures and Materials Journal is a technical and sci-
entifical divulgation vehicle of IBRACON (Brazilian Concrete Institute).
Each issue of the periodical has 5 to 8 papers and, possibly, a techni-
cal note and/or a technical discussion regarding a previously published
paper. All contributions are reviewed and approved by reviewers with
recognized scientific competence in the area.

Objectives
The IBRACON Structures and Materials Journal’s main objectives are:

» Present current developments and advances in the area of concrete
structures and materials;

* Make possible the better understanding of structural concrete
behavior, supplying subsidies for a continuous interaction among
researchers, producers and users;

+ Stimulate the development of scientific and technological research
in the areas of concrete structures and materials, through papers
peer-reviewed by a qualified Editorial Board;

» Promote the interaction among researchers, constructors and users
of concrete structures and materials and the development of Civil
Construction;

» Provide a vehicle of communication of high technical level for
researchers and designers in the areas of concrete structures
and materials.

Submission Procedure

The procedure to submit and revise the contributions, as well as the for-
mats, are detailed on IBRACON'’s WebSite (www.ibracon.org.br). The
papers and the technical notes are revised by at least three reviewers
indicated by the editors. The discussions and replies are accepted for
publication after a revision by the editors and at least one member of
the Editorial Board. In case of disagreement between the reviewer and
the authors, the contribution will be sent to a specialist in the area, not
necessarily linked to the Editorial Board.

Contribution Types

The periodical will publish original papers, short technical notes and
paper discussions. Announcements of conferences and meetings, in-
formation about book reviews, events and contributions related to the
area will also be available in the periodical’'s WebSite. All contributions
will be revised and only published after the Editorial and Reviewers
Boards approve the paper. Restrictions of content and space (size)
are imposed to the papers. The contributions will be accepted for re-
view in Portuguese, Spanish or English. The abstracts are presented
in Portuguese or Spanish, and in English, independently of the lan-
guage in which the paper is written. After the review process, papers
originally written in Portuguese or Spanish should be translated into
English, which is the official language of the IBRACON Structures and
Materials Journal. Optionally, papers are also published in Portuguese
or Spanish.

Original papers will be accepted as long as they are in accordance with
the objectives of the periodical and present quality of information and
presentation. The instructions to submit a paper are detailed in the tem-
plate (available on IBRACON'’s WebSite).

The length of the papers must not exceed 20 pages.

A technical note is a brief manuscript. It may present a new feature of
research, development or technological application in the areas of Con-
crete Structures and Materials, and Civil Construction. This is an oppor-
tunity to be used by industries, companies, universities, institutions of
research, researchers and professionals willing to promote their works

and products under development. The instructions to submit a technical
note are detailed on IBRACON'’s WebSite.

A discussion is received no later than 3 months after the publication of
the paper or technical note. The instructions to submit a discussion are
detailed on IBRACON'’s WebSite. The discussion must be limited to the
topic addressed in the published paper and must not be offensive. The
right of reply is guaranteed to the Authors. The discussions and the re-
plies are published in the subsequent issues of the periodical.

Internet Access
IBRACON Structural Journal Page in http://www.ibracon.org.br

Subscription rate

All IBRACON members have free access to the periodical contents
through the Internet. Non-members have limited access to the pub-
lished material, but are able to purchase isolated issues through the In-
ternet. The financial resources for the periodical’s support are provided
by IBRACON and by research funding agencies. The periodical will not
receive any type of private advertisement that can jeopardize the cred-
ibility of the publication.

Photocopying

Photocopying in Brazil. Brazilian Copyright Law is applicable to users in
Brazil. IBRACON holds the copyright of contributions in the journal un-
less stated otherwise at the bottom of the first page of any contribution.
Where IBRACON holds the copyright, authorization to photocopy items
for internal or personal use, or the internal or personal use of specific
clients, is granted for libraries and other users registered at IBRACON.

Copyright

All rights, including translation, reserved. Under the Brazilian Copyright
Law No. 9610 of 19th February, 1998, apart from any fair dealing for
the purpose of research or private study, or criticism or review, no part
of this publication may be reproduced, stored in a retrieval system, or
transmitted in any form or by any means, electronic, mechanical, photo-
copying, recording or otherwise, without the prior written permission of
IBRACON. Requests should be directed to IBRACON:

IBRACON

Rua Julieta do Espirito Santo Pinheiro, n° 68 ,Jardim Olimpia,
Séao Paulo, SP — Brasil CEP: 05542-120

Phone: +55 11 3735-0202 Fax: +55 11 3733-2190

E-mail: arlene@ibracon.org.br.

Disclaimer

Papers and other contributions and the statements made or opinions
expressed therein are published on the understanding that the authors
of the contribution are the only responsible for the opinions expressed in
them and that their publication does not necessarily reflect the support
of IBRACON or the journal.



Objetivos e Escopo

A Revista IBRACON de Estruturas e Materiais € um veiculo de divulga-
¢ao técnica e cientifica do IBRACON (Instituto Brasileiro do Concreto).
Cada numero do periddico tem 5 a 8 artigos e, possivelmente, uma nota
técnica e/ou uma discussao técnica sobre um artigo publicado anterior-
mente. Todas as contribuicbes sao revistas e aprovadas por revisores
com competéncia cientifica reconhecida na area.

Objetivos

Os objetivos principais da Revista IBRACON de Estruturas e Mate-

riais sdo:

» Apresentar desenvolvimentos e avangos atuais na area de estruturas
e materiais de concreto;

« Possibilitar o melhor entendimento do comportamento do concreto
estrutural, fornecendo subsidios para uma interagédo contribua entre
pesquisadores, produtores e usuarios;

» Estimular o desenvolvimento de pesquisa cientifica e tecnolégica
nas areas de estruturas de concreto e materiais, através de artigos
revisados por um corpo de revisores qualificado;

» Promover a interagdo entre pesquisadores, construtores e usuarios de
estruturas e materiais de concreto, e o desenvolvimento da
Construgéo Civil;

» Prover um veiculo de comunicagao de alto nivel técnico para
pesquisadores e projetistas nas areas de estruturas de concreto
e materiais.

Submissio de Contribuigcoes

O procedimento para submeter e revisar as contribuigbes, assim
como os formatos, estdo detalhados na pagina Internet do IBRACON
(www.ibracon.org.br). Os artigos e as notas técnicas sao revisadas por,
no minimo, trés revisores indicados pelos editores. As discussdes e
réplicas sédo aceitas para publicagdo apds uma revisédo pelo editores
e no minimo um membro do Corpo Editorial. No caso de desacordo
entre revisor e autores, a contribuicdo sera enviada a um especialista
na area, nao necessariamente do Corpo Editorial.

Tipos de Contribuigao

O periédico publicara artigos originais, notas técnicas curtas e dis-
cussdes sobre artigos. Anuncios de congressos e reunides, informa-
¢ao sobre revisdo de livros e contribuigdes relacionadas a area se-
rdo também disponibilizadas na pagina Internet da revista. Todas as
contribuigdes serao revisadas e publicadas apenas apos a aprovagao
dos revisores e do Corpo Editorial. Restrigbes de contelido e espago
(tamanho) sdo impostas aos artigos. As contribuicdes serao aceitas
para revisdo em portugués, espanhol ou inglés. Os resumos serdo
apresentados em portugués ou espanhol, e em inglés, independen-
temente do idioma em que o artigo for escrito. Apds o processo de
reviséo, artigos originalmente escritos em portugués ou espanhol de-
verao ser traduzidos para inglés, que é o idioma oficial da Revista
IBRACON de Estruturas e Materiais. Opcionalmente, os artigos sao
também publicados em portugués ou espanhol.

Artigos originais serdo aceitos desde que estejam de acordo com os
objetivos da revista e apresentam qualidade de informagéo e apresen-
tagdo. As instrugdes para submeter um artigo estdo detalhadas em um
gabarito (disponivel no sitio do IBRACON).

A extensao dos artigos ndo deve exceder 20 paginas.

Um nota técnica é um manuscrito curto. Deve apresentar uma nova linha
de pesquisa, desenvolvimento ou aplicagdo tecnoldgica nas areas de
Estruturas de Concreto e Materiais, e Construgao Civil. Esta € uma opor-
tunidade a ser utilizada por industrias, empresas, universidades, institui-

¢Oes de pesquisa, pesquisadores e profissionais que desejem promover
seus trabalhos e produtos em desenvolvimento. As instrugdes para sub-
misséo estao detalhadas na pagina de Internet do IBRACON.

Uma discusséo é recebida ndo mais de 3 meses ap6s a publicagéo
do artigo ou nota técnica. As instrugdes para submeter uma discusséo
estdo detalhadas na pagina de Internet do IBRACON. A discusséo deve
se limitar ao tépico abordado no artigo publicado e ndo pode ser ofen-
sivo. O direito de resposta é garantido aos autores. As discussodes e
réplicas sédo publicadas nos numeros subseqlientes da revista.

Acesso via Internet

Pagina da Revista IBRACON de Estruturas e Materiais em
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Assinatura
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Modelling of fracture problems in quasi-brittle materials
by the E-FEM

Modelagem de problemas de fratura em materiais
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Abstract
E———

In this paper a numerical model with strong discontinuities is presented to address fracture problems in quasi-brittle materials. A non-symmetrical
statically and kinematically consistent formulation is implemented. The strong discontinuity in the displacement field is represented using the el-
emental enrichment finite element method (E-FEM). In other words, the strong discontinuity is introduced into the finite element and the additional
degrees of freedom are condensed at the element level, allowing the implementation into existing computational codes. Two constitutive models
are used to analyze the behavior of the cracked zone, linear and exponential. The exponential model results are closer to those obtained in ex-
perimental data and representative numerical simulations than the linear model.

Keywords: fracture, quasi-brittle material, elemental enrichment finite element method (E-FEM).

Resumo
E———

Neste artigo, um modelo numérico com descontinuidades fortes € apresentado para abordar problemas de fratura em materiais quase frageis.
E implementada uma formulacdo ndo simétrica estaticamente e cinematicamente consistente. A descontinuidade forte no campo de desloca-
mentos é representada usando o método do elemento finito com enriquecimento elementar (E-FEM). Em outras palavras, a descontinuidade
forte é introduzida no elemento finito e os graus de liberdade adicionais sdo condensados em nivel de elemento, permitindo a implementagéo
em codigos computacionais existentes. Dois modelos constitutivos séo utilizados para analisar o comportamento da regido fissurada, um linear
e outro exponencial. Os resultados do modelo exponencial estdo mais proximos dos obtidos em dados experimentais e simulagdes numéricas
representativas do que o modelo linear.

Palavras-chave: fratura, material quase-fragil, método de elementos finitos com enriquecimento elementar (E-FEM).
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1. Introduction

EE

The formation and propagation of cracks is a phenomenon observed
in many materials used in engineering, such as concrete, metals,
ceramics and rocks. This process happens due to the formation of
zones with strain localization where the concentration of damage and
other inelastic effects occurs. Crack propagation occurs in arbitrary
directions that can be influenced by the geometry of the structure,
boundary conditions, heterogeneity or local defects of the material [1].
Therefore, one of the major challenges in discretization of crack prop-
agation problems is the fact that the discontinuities propagate through
the structure in arbitrary directions as loading evolves. Several mod-
els to represent the crack propagation can be found in the literature,
as discrete cracks (see [2], [3], [4], and [5]) and smeared cracks (see
[6], [7], [8] and [9]). However, due to the complexity and limitations
of those models, methods that are mesh independent and allow the
propagation of cracks without remeshing are also being considered.
In the context of finite elements, two new approaches have been
proposed. The extended finite elements (X-FEM), based on nodal
enrichment or interpolation functions enrichment associated with
existing nodes ([10], [11]) and the elemental enrichment (E-FEM),
involving finite elements with internal degrees of freedom to repre-
sent strong or weak discontinuities ([12], [8], [13], [14]).

One of the major advantages of considering elemental enrichment
(E-FEM) is the local enrichment feature, i.e., additional degrees of
freedom are eliminated from the global solution by static conden-
sation. The technique allows the implementation in existing finite
element codes making few modifications, besides presenting ad-
vantages in terms of computational cost and convergence when
compared to extended models (X-FEM), as observed by [15].

This paper presents a strong discontinuity model proposed by [12].
The model is nonsymmetrical (SKON) according to the nomenclature
of [15] and belongs to the elemental enrichment elements (E-FEM).
The model was implemented in the code METAFOR (METAFOR is
a commercial FE code developed in the Liege University, see [16]).

u

e Continuous domain

Figure 1

The outline of the rest of this paper is as follows. Section 2 presents
the Variational Principle governing the problem. Section 3 describes
the approximation of the model by the finite element method. Section
4 presents the asymmetric model implemented. Section 5 provides
the crack propagation criterion and constitutive relation. Section 6
shows the results and the conclusions are discussed in chapter 7.

ows the results and the conclusions are discussed in chapter 7.

2. \Variational principle
_—

Strong discontinuity models simulate the relation between forces
through the crack and the opening of the crack (discontinuity of the
internal displacement field of the element). For these models, the
variational principle that represents the problem should include the
relation between the transmitted stresses versus crack opening [8].
In the implemented model [12], the Hu-Washizu variational principle
for incorporation of discontinuities in the displacement field is used. In
this principle the displacement u, strain €, and stress o fields are inde-
pendent of each other. These fields are defined in a V domain, where
volume forces b are applied. The surface is divided into two parts: S,
where the essential boundary conditions, u = @, are applied; and S,
in which the natural boundary conditions are applied (Figure 1a) [15].
The principle can be extended to a body with an internal interface
S, Figure 1b), which divides the domain and the boundary condi-
tions into two parts. A field of surface forces, t, appears on the in-
ner surface. This field is a function of the discontinuity of displace-
ments through the internal interface [8].

The field equations that govern the problem can be coupled on a
variational principle according to equation (1):

f(SsTcr(s)dV +6faT(Vu— e)dV = | su’tds +f6uTBdV (])
v v v

St

in which & represents variation, o(¢) the stress obtained from the
constitutive relations, Vu the displacement gradient.

e Domain with inner interface

Boundary condition in the domain. a) continuous, b) with inner interface
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Modelling of fracture problems in quasi-brittle materials by the E-FEM

The stationary condition of this principle provides the relations of
strain-displacement, the constitutive relation, the differential equation
of equilibrium and the static boundary condition, according to equa-
tions to, respectively. In addition, it provides geometric and mechani-
cal boundary conditions as natural boundary conditions [17].

Vu=c¢ (2)
o&)=o (3)
S 4
no =t (5)

where n is the outward normal vector to the boundary.

3. Finite element method approximation
EE
The numerical modeling of strong discontinuities on solids requires
the use of a formulation that correctly represents the discontinuity
in the displacement field, considering the independence between
the fields of stress, strain and displacement. In this item, a general
formulation will be presented within the context of finite elements,
based on the works of [8], [15] and [18].
In order to represent the discontinuity of displacements in the internal
interface, the displacement field is represented by the sum of the con-
tinuous and discontinuous portions representing the relative motion
between the two parts of the domain separated by the discontinuity
[19]. Therefore, the field of displacements with discontinuities is:

(6)

u= NdN + chc
where N are the standard shape functions, which assume the uni-
tary value on its respective node and zero elsewhere, d, are the
nodal displacements, N_ are the shape functions of the additional
displacement terms and d_. are the additional displacement modes.
The strain field can be determinate as:

(7)

where B are the derivatives of the standard shape functions (N), G
is the matrix that contains the additional shape functions for strain,
e is the vector that contains the additional strain modes [8].
Based on the variational principle defined in , the stress field, strain
field and displacement field can be defined independently. There-
fore, the stresses are calculated as:

(8)

in which S is the matrix that contains the stress interpolation func-
tion and s is the vector that contains the stress parameters.
Replacing the equations (6) to (8) in (1) and considering
V(Nd,) = Bd, and V(N_d. ) = B.d., we have:

crc’

€ =~ Bdy + Ge

o~ Ss

sdl f Bla(e)av + 6£TfGT[a(£) — SsldV +
v v (9)

ssT f ST(Bcdc — Ge)dV + 6d¢ f BLSsdV =
14 14
Sdlfexr + Sdefc

In that, f_,, are the usual external forces and f_are the additional

external forcers defined by:
(10)

fext = f Nbdv + f N"tds
14 S

t

and

f. = f NIbav +
74

StNEidS ('| 1 )

For loads applied outside the region with additional interpolation,
f,=0.

In the equation (9) B, are the additional displacement interpolation
functions, G are the additional strain term shape functions, which
can be defined independently, in the case where additional displace-
ments and strains are defined independently. Due to the indepen-
dence of the variables, we can obtain the discretized equations:

[0t = fox (12)
[[o@ar - ( ["sav)s-o (13)
([s7Beav ) ac - ([ s7Gav - (14)
( fVBngv>s=o (15)

In order to linearize the dependence of o in relation to d and e,
the formulation is changed to incremental form (rates). For a given

state, the linearized stress-strain relation is:

o = De ~ D(Bdy + Ge) (]6)

where D = 3o / 8¢ (constitutive matrix of the material).

Changing the equations (12) to (15) for the rate form and replacing
(16) in these equations we obtain the following set of equations:

B'DB B'DG 0 0 dy fext
GTDB ¢'DG -GS 0 avlel_)o (]7)
—sT 0 s"B s(7) o
BLs 0 dc

The interpolation of stresses and strains can be discontinuous.
Therefore, the stress and strain parameter can be associated with
only one finite element. The same happens for the additional dis-
placement parameters (e, s, d.). They can be condensed at the
element level and global equations contain then only the degrees
of freedom relative to the standard displacement, d [8].
Therefore, the equations (12) to (15) and (17) can be rewritten to a
finite element that occupies a volume V, and the external forces f_,
are replaced by the elemental contribution of internal forces f'_,. .
According to [15], the formulation presented can be particularized
in three cases: Kinematically optimal symmetric elements (KOS),
Statically optimal symmetric elements (SOS), and Kinematically
and statically optimal non-symmetric elements (SKON). The first
describes the kinematic aspects satisfactorily, but leads to an in-
appropriate relation of stresses in the crack, the second consid-
ers the continuity of stresses through the internal interface, but
does not guarantee kinematic continuity and the latter presents

246 EEEE———
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a better performance by using a continuity condition of natural
stresses and fairly well represent kinematic continuity.

Akinematically and statically optimal non-symmetric elements (SKON)
model is implemented because this formulation presents more robust
and reliable results than the others [19], for more information see [16].

4. Asymmetric model implemented

EE

In this paper the asymmetric model proposed by [12] is im-

plemented to represent the strong discontinuities, with the

following characteristics:

B Consider the entire element as a minimum domain in the local-
ization of strains, instead of working at the integration point level.

B The strain localization within the finite element is considered
as a displacement discontinuity line incorporated in the ele-
ment domain.

B Two constitutive relations are defined to represent the material
behavior when the localization is started at the element. A stress-
displacement relation for the discontinuity line, related to fracture
energy, and a stress-strain relation for the element domain.

B The elements resulting from this formulation are non-conforming.

B This formulation represents the global effects of locating strains
on a structure. Hence, it is not possible to obtain a detailed de-
scription of the stress field near the localization zone.

In order to better understand the implemented asymmetric formu-

lation, initially a simple case of a bar finite element with two nodes

is analyzed, Figure 2a).

Before the opening of cracks, displacements are obtained accord-

ing to equation (18).
(18)

u~= NU

where U is the vector that contains the increments of nodal dis-
placement and N contains the interpolation functions.

The dashed line 3 in the Figure 2a) represents this interpolation.
When the crack opens, a discontinuity of displacements is consid-
ered in center A, which divides the element into two subdomains

Figure 2

V,and V,. Itis assumed that V, suffers an increment of rigid body
displacement (e) regarding V.
In order to obtain the same strain for both subdomains, the interpo-
lations of lines 1 and 2 shown in Figure 2a) are adopted for V, and
V,. Therefore, the displacements for each subdomain considering
the line of discontinuity becomes:

(19)

u; = N(U — ¢e)
where ¢ =(0 1)". Deriving the equations (19) and (20), the same
incremental strain is obtained. Therefore, for any point into subdo-

mains V, and V,.
21)

£ =B(U — ®e)
For the two-dimensional case (Figure 2b)) the concepts presented
above can be generalized considering:

e =dc =Re’
where e’ contains the rigid body motion components associated with
the localization line, evaluated at the center of the element, in the
local system (x’, y):

. uc
¢ =[5 (23)
and R is the rotation matrix of the local Cartesian system of discon-

tinuity (x’, y) to the coordinate system of the element. Moreover, ¢
becomes a matrix defined by:

b=[b; b, ;3 ¢,

where each submatrix ¢ is a matrix of 2x2 dimension, defined
according to:

_ 0t0V1
¢n_{lt0V1

where | represents the identity matrix.

and
u; =N(U — ¢e) + e

Finite element with localization line a) one-dimensional, b) two-dimensionall
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Therefore, the displacements u, and u, takes the form.
u; = N(U — ¢pRe")

(29)

u; = N(U — ¢Re’) + Re’

(26)
where

dy = U— ¢Re’

(27)

which is the displacement that causes strains.
For two points near the line of discontinuity, one on V, and another
on V, the displacement is given by:

ut —u” =Re’ (28)
The strain for the two-dimensional case is:
€ = B(U — ¢pRe’) = Bdy

(29)

After the crack is open, it is necessary to consider an internal equi-
librium condition for the discontinuity line. Starting from equation
(1), see more details in [16], we have:

J (30)

The matrix P selects the stress components that will be transmitted
through the crack.
The constitutive relation for the localization line is defined as:

t — DCTe!

[tl] - [Et(uc) 0] [“] (31
ty 0 Gl Lve

where E, (u°) is adjusted according to the fracture energy, G, and

G, is related to the shear modulus.
For the element domain:

tds = f P’ adsS
S

L L

titg = tg +D® At

(32)

In that t and t+At represents pseudo-times relatives to the load
increments, where t is the previous increment and t+At is the
current load increment (total). D¢ is the elastic constitutive matrix
of the material.

For the elements in the region where the localization does not oc-
cur, the same relation presented in (32) is used.

Considering the strain in (29), replacing (32) in (12):

t+At

f B'D’B(U — ¢pRedV = fgxr — 'F
/4

(33)
where

t+AthXT — fNTt+AtpdS
N

(34)

(35)

Replacing (32) and (31) in the additional equilibrium condition (30),
we have:

(

F = f BT todV
14

PTDeBdS> U= [ f (P"D°BR + D) ds] e
SL

(36)

L

where

Suu = j P'D°BdS (37)

and

Sec = f (P"DBOR + D) dS (38)
St

Therefore, replacing (37) and (38) in (36) and isolating the addi-

tional displacement, we obtain:

e = Sc_clsuuU
From (39) we have the condensation of the internal degrees of
freedom of equation (33) resulting in:

t+At ¢
fexr — F

(40)

[ f B'D’B(1 — ¢RS Sy, )dV|U =
%4

where

K= f B D°B(1 — ¢pRS! Sy )dV (4])
14
is the consistent tangent stiffness matrix. It is observed that the
terms in parentheses make the matrix asymmetric, which can be a
problem for implementation in pre-existing codes that use only
symmetric solvers.
In the implemented model, only the symmetric part of the stiff-
ness matrix of equation (41) was used because, for the ana-
lyzed problems, the difference in disregarding the asymmetric
part is irrelevant. This is supported by [12], that observed that
the symmetric matrix presented satisfactory results, although it
required more iterations to achieve convergence. Even using
only the symmetrical part of the stiffness matrix in equation (41),
the presented method produces results more consistent and ro-
bust than methods based on the symmetrical formulations — in
crack propagation, the conditions of continuity of stresses at the
internal interface and rigid body motion between the sides of the
element separated by the crack are still guaranteed.
Therefore, at the global level the system of equations to be solved
is given by:

t t+At

Ku= (42)
To obtain the equilibrium at time ¢+ At it is necessary to iterate
at the element level the equation and, at the global level (struc-
ture), using load control for the ith iteration:

fEXT - tF

) t+At
KUD = fpyr

U(i) — U(i—l) + AU(i)

S

(43)

The final equilibrium of the equations given in (43) is obtained
using some iterative method. In this work we used the Newton-
Rhapson method.

The stiffness matrix is obtained by integration with 2x2 Gauss
points. After the crack opens on an element, the element is con-
sidered as the minimum domain, i.e., all properties are calculated
in the center of the element, using integration with 1 Gauss point.
This may lead to null strains modes (spurious modes) in the use of
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distorted finite elements in the cracked region. In order to avoid this
problem, it is interesting to use finite elements able to overcome
this problem, such as the QMITC element [8].
To obtain the equilibrium within the element, equation (30),
presents some particularities. Reference [20] shows an algorithm
to obtain this equilibrium when a localization line is opened inside
an element:
a) Consider the crack opening equal to the opening of the previ-
ous global iteration k=0 local iteration counter
(44)

t+At -
O] t
e 0) = e
b) From the displacement obtained by the global equation system,
determine the displacement that causes strain in the element
dNe(;() =

o t+At (45)

c) Calculate the incremental stress in the element domain, using (32)
d) Calculate the incremental stress in the discontinuity line using (31)
e) Obtain the increment of crack opening

() _ -1 T () 0]
SL SL
f) Update the crack opening value

t+At - t+At - .
@ @ ()
ey = €+ A€y

LAt (i) _ t+At ®
i ’
U - ¢Re 1)

(46)

(47)
g) Verify convergence

(48)
(49)

if (|Ae’|<Tolerance) ok
elsek=k+1
h) Return to item b)

5. Constitutive relations and crack
propagation criterion

The constitutive relations used in this work are presented in Figure 3.

.
L

/) — 7

The linear elastic constitutive relation (Figure 3a)) is used to
represent the behavior of the intact material (without cracking)
and to represent the discharge behavior of the material in the
non-cracked region after the cracking process has begun. This re-
lation is presented in equation (50).

(30)

where o represents the stress in the domain, D¢ the elastic consti-
tutive matrix and ¢ the strain.
The linear softening constitutive relation used for the cracked line,
Figure 3b), is the Hillerborg model [21]. The area under the graphic
in the Figure 3b) represents the fracture energy.
The fracture energy (G,) and tensile strength (f,) are characteristic
of the material, then the maximum crack opening can be obtained
through equation (51),

(1)

2Gy
Wmax =~
fe
The equation that represents this constitutive relation is given by:
w
o=f(1- ) 52
- (52)
The exponential constitutive relation, schematized in Figure 3c), is

based on the model presented by [12]. The equations that repre-
sent the exponential softening curve is:

o =D’

(33)

o= ftexp(—aw)

a=af /6 (54)
A limit is imposed for the factor exp(-aw) = 0.05 in order to obtain
a maximum crack opening value (w, . ). o is taken equal to 1.05.
In the implemented model, the failure criterion proposed by Ran-
kine was used, then failure occurs by fracture in planes of maxi-

mum tensile stress. Therefore, according to this criterion, when

v
-
=

o

Figure 3

wm:i.\‘ W )

max

Constitutive relations: a) linear elastic; b) linear softening: ¢) exponential softening
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.
; \ ;
450 mn&
Figure 4

Beam geometry and boundary conditions - four-point bending fest

one of the principal stresses (in modulus), |o,| or |o,|, reaches the
tensile strength (ft), the crack opens [22].

6. Numerical examples

EE

In this section, we present the numerical experiments to illustrate
the application of the presented methodology.

6.1 Four-point bending test

In this first example, a simply supported beam loaded by two sym-
metric disposed forces, tested experimentally by [23], is analyzed,
as seen in Figure 4. In this case, shear effects are eliminated be-
tween the points of loading application and beam is under pure
bending in the region.

The beam was discretized by four different finite element mesh-
es, according to Table 1 (elements at the crack line include en-
riched interpolation functions described above). In Figure 5, M1 e
M4 meshes are shown. In Table 2 material and geometrical data
are given.

Initially, the influence of the softening law on global behavior is
analyzed. In Figure 6, the softening functions used are presented.
In the linear model the maximal opening is smaller than in the ex-
ponential model. As it will be seen later, this difference changes
global behavior.

available in the material for larger openings. In the exponential
case, post-peak descent is not so steep and closer to values
obtained by [23].

In Figure 8, a study of the mesh influence is shown. Meshes M1,
M2, M3 and M4 (see Table 1) are considered. It can be concluded
that results tend to converge to one result with mesh refinement,
showing the objectivity of the formulation is fulfilled. Results R1
and R2 of the reference are also shown.

6.2 Three-point bending test

A classic test to analyze the crack propagation in mode | is the
notched beam tested under three-point bending. To validate the
methodology implemented in this paper, the beam tested experi-
mentally by [24] was used as reference.

Figure 9 shows the beam geometry and the boundary conditions.
The beam was discretized with three different finite element mesh-
es, according to Table 3.

Figure 10 shows the meshes used with discretization detail at the
notched region.

Table 2
Input parameters for the four-point bending test

Geometric properties

In Figure 7, load versus displacement results for the two soft- Beam
ening functions are shown for mesh M4. Displacement is mea- L ih 450
sured at loading point. Lotfi and Shing [23] analyzed the same erlwg mm
example using two types of fracture models: one incorporated Height 100 mm
(R1) and another distributed (R2). In Figure 7, R1 case is also Thickness 50 mm
shown. As seen, linear softening leads to larger peak load-
ing. Post-peak behavior is also brittler because less energy is Notch
Length 2,5 mm
Table 1 Height 10 mm
Meshes for the four-point bending test 9
Thickness 50 mm
Total of Elements at
Name : - -
elements crack line Material properties
M1 423 15 Tensile strength (ft) 3.0 MPa
M2 548 20 Young modulus (E) 38000 MPa
M3 690 30 Poisson coefficient (v) 0.2
M4 822 30 Fracture energy (Gf) 0,06 N/mm

25()
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M1 — 423 FINITE ELEMENTS

M4 — 822 FINITE ELEMENTS

Figure 5

Discretization of the meshes M1 and M4 with detail in the region of the notch - four-point bending test

Table 4 shows the input data used for this example and correspond
to experiments done by [24].

For the non-cracked zone a linear elastic constitutive relation
was used. In the cracked zone, the influence of the two different
softening laws, linear and exponential, are again investigated.
Figure 11 presents a comparison of the results obtained for the two
softening laws used, for the most refined mesh (M3), and also the
experimental results. As can be observed the exponential soften-

25t . —  Lixponential
oo Lmear

Lot “

Transmitted Stress (MPa)

P T_. |
0.05  0.06

R I I
0.02 0.03 0.04

Crack Opening (mm)

. o
U'%_O{'} 0.01

Figure 6
Constitutive models to the crack line

ing presents results very similar to the real behavior of the tested
beam. In the linear model, the maximum stresses are overestimat-
ed and the post-peak curve is steeper than the exponential model.
This behavior is similar to the previous case analyzed.

A comparison among different finite element meshes is presented
in Figure 12. A finer refinement of the mesh was done in the zone
near the crack. It is noted that even for a coarse mesh (M1) the

=
=)
1

Load (kN)

I - — = - M4LIN -~ __
0.5p ————— Lotfi ¢ Shing (1995)

. . ) | . 1 .
400 0.05 0.10
Deflection (mm)
Figure 7
Load x Deflection of the beam with linear
and exponential softening
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Load (kN)

1 R
0.05 0.10
Deflection (mm)

0800 — '

Figure 8

Load x Deflection of the beam in the load points
for the 4 meshes. (R1 and R2 results are from
reference [23])

present results are satisfactory. Numerical results tend to converge
to a smoother response with the increase of refinement.

7. Conclusion
E——

The aim of this work was to implement a crack model with strong
discontinuities in code METAFOR, in order to analyze the behavior
of structural elements in the post-peak stage. The implemented
model was based on the study proposed by [12]. Kinematically
and statically optimal non-symmetric elements (SKON) formulation

ability of the model to correctly capture the behavior of the material
in the regions with and without cracking.

It was possible to verify that the softening laws have big influence
on the behavior of the structure. The exponential softening mod-
el [12] appeared to be the best solution because the peak stress
was correctly estimated and the softening curve presented a more

Table 3
Meshes for the three-point bending fest
Total of Elements at
Name ;
elements crack line

M1 381 15

M2 721 25

M3 811 25
Table 4

Input parameters for the three-point bending test

Geometric properties

Beam
Length 2000 mm
Height 200 mm
Thickness 50 mm
Notch
Length 20 mm
Height 100 mm
Thickness 50 mm

Material properties

was implemented and the QMIT finite element (Quadrilateral with Tensile strength (ft) 3,33 MPa
Mixed Interpolation of Tensorial Components) was used. In this Young modulus (E) 30000 MPa
work a quadrilateral bilinear element in addition to the symmetrical Poisson coefficient (v) 0.2
part of the stiffness matrix is used.
Analyzing the results presented in section 6 we could verify the Fracture energy (Gf) 0.124 N/mm
1000 mm | 1000 mm | e
1 I I e ‘M,‘\
-l_ /" 20mm ™,
/ l ;
200 mm "‘ I 100 mm /

2000 IIIIN |

Figure 9

Beam geometry and boundary conditions - three-point bending test

252 IEEEE——
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realistic behavior, when compared with experimental data. In the linear
model [21], the peak loads were overestimated when compared to ex-
perimental data. In addition, the linear model presented a more brittle
softening branch than is actually observed for quasi-brittle materials.

M1 - 381 ELEMENTS

In general, the results obtained presented a good agreement to the
experimental results as well as numerical results obtained by crack
models presented in the literature. Therefore, it can be stated that
the implemented model is suitable for the simulation of quasi-brittle
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materials. It is worth mentioning that this model has as advantage
the use of relatively coarse meshes, besides the possibility of im-
plementation in existing finite element codes.
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Abstract

The current study presents the results of tests conducted in 5 reinforced concrete slabs (415 cm x 415 cm x 7 cm) in order to experimentally
check the possibility of reinforcing their upper surface, as well as to assess the adhesion between the old and the reinforcing concrete layers in
the slab. The main variables were the concrete and reinforcement strength deficiencies. Reference slab “L1” was tested until reaching the failure
load, whereas the others were tested until reaching certain load limit, reinforced and retested until reaching the failure load. All slabs failed under
bending. The strengthening increased the failure load by 30% in slabs reinforced at minimum reinforcement rate when they were compared to
similar non-reinforced slabs, regardless of the original concrete strength. None of the tests conducted in the reinforced slabs showed detachments
or evidence of adhesion loss between the old and reinforcing concretes.

Keywords: slab, reinforced concrete, strengthening, adherence.

Resumo
E———

Este trabalho apresenta os resultados dos ensaios de 5 lajes de concreto armado (415 cm x 415 cm x 7 cm) com o objetivo de se verificar ex-
perimentalmente a possibilidade de reforgo pela face superior de lajes de concreto armado e também de se avaliar a aderéncia entre o concreto
antigo da laje e a camada do concreto do reforgo. As principais variaveis foram as deficiéncias da resisténcia do concreto e de armadura. A laje
L1, de referéncia, foi ensaiada até a ruptura e as demais até um limite de carregamento quando foram reforgadas e reensaiadas até a ruptura.
Todas as lajes romperam por flexao e nas lajes armadas com uma taxa minima de armadura, o reforgo elevou em até 30% a carga de ruptura em
relacéo a uma laje similar sem reforgo, independentemente da resisténcia original do concreto. Em todos os ensaios das lajes reforcadas néo se
detectou descolamentos ou evidéncias de perda de aderéncia entre o concreto antigo e o concreto do reforgo.

Palavras-chave: laje, concreto armado, reforgo, aderéncia.
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Experimental study of solid RC slabs strengthened on the upper surface

1. Introduction

EE

Over the years, the great demand for the application of reinforced
concrete to buildings and other large construction works enabled the
emergence of several issues concerning construction, component-
material performance and lack of maintenance. More suitable, prac-
tical and low-cost solutions started being sought when the first pa-
thologies in reinforced-concrete construction works were detected.
Among the most frequent problems of reinforced concrete pieces,
one can highlight the large deflections and cracks affecting slabs.
Slab issues resulting from low reinforcement ratio, from the use of
inadequate concrete and even from inappropriate slab height may
lead to restrictions for use and to the need of strengthening.
Several materials can be used for strengthening depending on the
adopted technique. The use of reinforced concrete demands de-
ciding about aspects such as cement type, aggregate granulom-
etry and steel grade. When glued-in steel sheets or carbon fibers
are used for strengthening purposes, the process requires mak-
ing special preparations before the gluing procedure is applied, as
well as checking the compatibility between material demands and
deformations. Weighing the probable causes and consequences
associated with the herein proposed solution may improve or not
the efficiency of the adopted strengthening method. Every deci-
sion, whether they are of structural character or related to actions
involving corrosion processes affecting the reinforcement, to fire
accidents or shocks, or even to foundation settlements, among
others, should be based on the structure strengthening diagnosis.
Each case will present one or more solutions depending on the use
of appropriate and specific materials.

The surface treated with the new concrete must be rough; it cannot
show remnant cement slurry from the old concrete, as well as dust,
oil or grease, because these elements can hinder the attachment
process. Surface preparation can be performed through electric or
pneumatic hammers, manual chipping, mechanical milling machines,
high-pressure hydro-demolition equipment (75.0 MPa) and, eventu-
ally, through dry or wet sand jet. Reinforcing a piece, column, beam
or slab may imply the addition of a new concrete volume (layer) to the
old concrete. By considerations, this concrete addition must be mono-
lithic, i.e., the new and the old concrete must work together.

Climaco [1] addresses several processes involving possible adhe-
sion tests such as the direct tensile strength, according to which a
special specimen is pulled off by the extremities until reaching the
failure load; and the indirect tensile strength tests such as the one

known as diametral compression, which was recommended by Prof.
Lobo Carneiro. The direct tensile strength test results recorded for
concrete cannot present lower values than the adhesion strength
results recorded through the pull-off adhesion strength test.

The micro concrete fluid, also known as grout, is recommended for
structural strengthening services due to its higher quality, as well as
to the easy control of processes and materials. Strengthening using
grout — which is a cement-based product - requires rough and satu-
rated surfaces. Additives of any nature, accelerators, retarders, plas-
ticizers or superplasticizers are relevant to the preparation of recovery
materials. Active silica addition to concrete enhances the interface
zone between slurry and aggregate; consequently, it improves adhe-
sion, impermeability, axial compressive strength and the fresh concrete
cohesion itself, thus avoiding exudation (Aitcin, [2]). The strengthening
conducted on the upper surface of slabs requires the application of a
high-performance concrete layer of varying thickness. The thickness
variation gives a flat-convex lens shape to the reinforcing layer; there-
fore, the central area is thicker than the edges. Such variation is calcu-
lated based on span, reinforcement rate and demands.

The aim of the current study was to experimentally investigate and
analyze the structural behavior of reinforced concrete slabs that
were subjected to upper surface strengthening by testing real-
scale molded pieces. The experiment focused on the efficiency
of the strengthening process against the two most frequent slab
pathologies, that are deficiencies in the reinforcement rate and in
concrete compressive strength. It also investigated the adhesion
between the old slab concrete and the concrete in the reinforcing
layer (Campos [3]).

2. Materials and experimental program
EE

Five real-scale models (415 cm x 415 cm x 7 cm) were subjected
to bending test in order to analyze the structural behavior of solid
reinforced concrete slabs subjected to upper surface strengthen-
ing. The slabs, which were simply supported and evenly loaded
on the upper surface, were reinforced in both directions and di-
mensioned according to NBR 6118/2014 [4], by using the recom-
mended overload for residential use (1.5 kN/m?2). The main tested
variables were reinforcement rate, p (0.076% and 0.164%) and
concrete compressive strength, f_ (10 MPa and 20 MPa).
Reference slab “L1” was tested until reaching the failure load in a
single run. Slab L2 was built identical to L1, whereas slabs L3 and
L4 were concreted and presented pathologies: the first showed

Table 1
Main variables in the fested models
Slab p (%) f. (MPa) 1° test 2° test
L1 0.164 20 Failure -
L2 0.164 20 Stop load Failure (L2R)
L3 0.076 20 Failure* -
L3a 0.076 20 Stop load Failure (L3aR)
L4 0.164 10 Stop load Failure (L4R)
* — Failure with load below expected.
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Figure 1
Details of the reinforcement in the slabs

reinforcement deficiency (L3, p = 0.076) and the second showed
concrete strength deficiency (L4, f, = 10 MPa). An additional slab
(L3a) was built to replace slab L3, which failed during the initial
test. Slabs L2, L3, L3a and L4 were initially tested until reaching
the loading-stop limit. The loading-stop limit, which is defined in or-
der to set a condition characterized by intense cracking and large
deflections, was based on three parameters: a) deformation in the
main reinforcement reaching the yield point (10%o); b) crack open-
ing according to the thresholds set by NBR 6118/2014 [4]; c) verti-
cal deflections according to the slab thickness magnitude order.
Subsequently, the slabs, except for the failed L3, were unloaded,
reinforced and tested until they reached the failure load.

Strengthening lied on the application of a high-performance con-
crete layer, of varying thickness (2.0 cm in the edges and 4.0 cm
in the center), on the upper surface of the slab. The concrete type
used for strengthening and layer dimensions were kept constant in

“ SlabsL1.L2.L3.L3aand L4

all reinforced slabs, which were renamed L2R, L3aR and L4R. Ta-
ble 1 shows the test schedule and the main variables in the tested
models, whereas Figure 1 presents the nominal dimensions and
details of the reinforcement in the slabs.

The concrete used to manufacture slabs L1, L2, L3 and L3a was
purchased from a pre-mixed concrete supplier, its 21-day com-
pressive strength estimate was 20 MPa. The concrete used in slab
L4, which had compressive strength estimate 10 MPa at the time
the test was performed, was prepared in the Structures Labora-
tory - EEC / UFG and followed previously studied concrete ratios.
Table 2 shows the concrete mix proportions used for slabs L1, L2,
L3, L3a and L4. The concrete used to reinforce slabs L2R, L3aR
and L4R was prepared at the slab concreting site, and followed
previously studied concrete ratios. Ten cylindrical specimens
(150 mm X 300 mm) were molded in all concrete pouring in order
to characterize the material.

Table 2
Concrete mix proportions used for slabs (kg/m3)
Materials L1,L2,L3 e L3a L4
Cement(CP Il F - 32) 297 240
Artificial sand 861 868
Coarse agregate#4 - 197
Coarse aggregate#3/4 960 782
Water 172 195
Superplasticizer REAX RX 104 R 0.89 -
Ratio 1:2.90:3.23:0.58 1:3.62:0.82:3.26:0.81
Specified concrete strenght f.,, =20.0 MPa f.,, =10.0 MPa
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Position of the deflectometers and electrical strain gages fixed in the flexural reinforcement and on the

concrete surface of the slabs

Mechanical analogical deflectometers were the instruments used
in tests conducted to measure vertical deflections, whereas electri-
cal resistance strain gages were used to measure steel and con-
crete deformations. A metal strip was positioned at the center of
the slab (lower surface) in all tests, except for slab L1, in order to
measure the approximate central deflection in the fracture after the
mechanical deflectometers were removed. At least five Mitutoyo
deflectometers, at precision 0.01 mm, were positioned on the low-

13 45 [[12 44’|11§43 10 | 42

Figure 3
The bag placement sequence and slab with
a load of 1,0 kN/m?

er surface of each slab. The deflections were measured in a single
quadrant by positioning the devices on the central axis and in the
diagonal of the slabs for symmetry purposes. Kiowa KLM PA 06
250BA 120L electric strain gages were also attached to the main
flexural reinforcement, at 12 different points, of each slab. Two dia-
metrically opposed strain gages per point were used in the lower
and upper sides of the reinforcement in slabs L1 and L2. A single
strain gage per point was used in the other slabs; it was fixed in the
lower side of the reinforcement. Kiowa “KLM PA 06 201BA 120L"
electrical strain gages were attached to four points on the concrete
surface, and on the upper surface of all slabs, in order to measure
the deformations. Figure 2 shows the position of the deflectom-
eters and electrical strain gages fixed in the flexural reinforcement
and on the concrete surface of the slabs.

Slab L1 was loaded with 0.50 kN sandbags, whereas the other
slabs were loaded with 0.25 kN bags. Each slab was initially

p— s See
(e

Figure 4
Slab L4R loaded of 12,0 kN/m?
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Table 3
Concrete mix proportions used for strenghted
concrete (kg/m3)

Table 4
Number of pull-off tests performed

divided in 16 squares measuring 1m?. Each loading stage occupied
a quadrant of these squares. The bag placement sequence followed
the previously established positioning instruction: bags placed from
the center towards the edges, as shown Figure 3. The bags only
touched each other inside each of the 16 squares in order to avoid
the “bow effect”. Figure 4 shows the picture of the full load on slab
L4R (after strengthening), with 12 layers and 4 stacks in each square
did not touching the stacks in the neighboring squares.

The strengthening was equally prepared for reinforced slabs L2R,
L3aR and L4R. Firstly, a manual chipping was applied to their upper
surface, with the aid of a pointer and a hammer, in order to cre-
ate a rough surface without cement slurry. The chipped surface
was washed with water by using a high-pressure pump to remove
all loose powder and sand. A hydraulic jack was used to return the
slabs to their original flat shape at the beginning of the tests. This
operation was controlled through a stretched line fixed on the up-
per surface of the slab, in the center of the slab sides, and leveled
through optical level (NA K1 - WILD). The strengthening procedure
lied on applying a high-performance concrete layer, of varying thick-
ness (2.0 cm in the edges and 4.0 cm in the center), to the upper

Number of tests in the
Materials L2R, L3aR and L4R Slab Number reference species
aps
Cement (CPV - ARl 50.0 of tests No With
Artificial sand 375 strenght | strenght
Coarse agregate#4 72.5 L2R 36 _ ’
Silica fume (SILMIX) 4.0 L3aR 28 6 6
Water (1) 20 LAR 23 6 L
Superplasticizer 0.7
(RX 3000A) ' surface of the slab. Figure 5 shows pictures of The manual chipping
Ratio 1:0.75:1.45:0.37 on the upper surface and the spreading of the strengthen layer.
S ified " The same high-performance concrete was used to strenght the
peciiied concrete f ,=50.0 MPa three slabs. Right after the application and finishing of the reinforc-
strenght o7 . .
ing layer, when the concrete was still fresh, the slab was covered

with wet burlap sacks, protected with polyethylene tarpaulin and
kept under these conditions for 7 days, for curing purposes. Table
3 shows the concrete ratio used for strengthening.

Pull-off tests were carried out in some points of the reinforcing layer
applied to the slabs, as well as in reference pieces, in order to as-
sess adhesion strength between the reinforcing layer and the old
concrete in the slab. A pair of reference pieces (50 cm x 50 cm x 7
cm) was molded for slabs L3aR and L4R. One piece of each pair just
had the slab concrete, whereas the other piece also had a reinforc-
ing layer. The same concrete, strengthening and techniques applied
to the slabs were used in both pieces. These pieces were made
for reference purposes, and they were not influenced by the deflec-
tions and cracks resulting from the loads applied to the slabs. Thirty-
six (36) tests were performed in the strengthening of slab L2R , 28
tests were carried out in slab L3aR, and 23 were conducted in the
strengthening of slab L4R, in randomly selected undamaged points.
The reference pieces were subjected to 29 tests. The test procedure
consisted in using a “hole saw” with diamond crown under water cir-
culation to make a circle (50 mm internal diameter and depth of ap-
proximately 30 mm) below the reinforcing layer. Table 4 summarizes
the number of pull-off tests performed in the current study.

Figure 5

The manual chipping on the upper surface and the spreading of the strengthen layer

IBRACON Structures and Materials Journal * 2018 « vol. 11 +n°® 2
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Figure 6
Arrangement of pull-off test (unit: cm)

A metal pull head plate was glued onto the specimens after they
were cleaned and dried in order to distribute the applied tension.
The tests were performed after the glue got hard - overall, one day
after the metallic plate was glued. The pulling force was applied by
using a mechanical analogical device; the force was increased by
activating a crank using a fine-threaded screw, which compressed
the double dynamometric ring. In turn, the ring reacted on the me-
tallic plate glued to the strenghted layer (Figure 6). The mean test
duration was 5 minutes.

3. Results and discussion
EE
Table 5 shows the concrete cylindrical compression strength after

7 days of the pouring concrete and on the slab test day, as well as
the modulus of elasticity of the concrete at the day the test was

applied to the slabs. At least two flexural reinforcement samples
per slab were subjected to axial traction in order to find the yield
and breaking strengths, the modulus of elasticity and the specific
deformation according to NBR 6892-1 / 2013 [5]. The bars did not
show defined yield strength in all tests. Table 6 shows the main
steel characterization results.

Reference slab L1 failed when it was subjected to load 9.25 kN/m?2.
The remaining slabs, except for L3, were tested until the stop load
was reached in the first test. Slabs L2 (f, = 20.8 MPa) and L4 (f, =
12.4 MPa), which presented 0.164% reinforcement rate, showed
stop loads 6.50 kN/m? and 4.75 kN/m?, respectively. Slab L3 was
loaded up to 3.0 kN/m? in order to cause maximum deterioration,
then it failed, since a stop load ranging from 2.75 to 3.25 kN/m?
was predicted. Slab L3 results were kept for comparison purposes.
Slab L3a was made to replace slab L3. The stop load for slab L3a

Table 5
Mechanical properties of concrete used for all slabs
Slab Age (days) f. M (MPa) f.® (MPa) E.® (GPa)
L1 18 17.0 20.8 16.1
L2 21 17.6 20.7 17.1
L3 21 17.0 204 17.3
L3a 30 16.0 19.8 16.5
L4 17 9.6 12.4 15.7
Strenghted concrete
L2R 16 44.9 51.9 36.0
L3aR 17 51.9 58.2 32.0
L4R 11 48.7 56.4 30.7
M Concrete cylindrical compression strength at 7 days; @ Concrete cylindrical compression strength af the day of the fest; ® Modulus of elasticity
of the concrete at the day of the fest.
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Table 6
Mechanical properties of reinforcement
Slab ¢ (mm) f, (MPa) e, (%) f, (MPa) E, (GPa)
L1 5.0 761.7 0.57 829.2 204.7
L2 50 734.2 0.56 771.6 200.3
L3 3.4 801.2 0.62 822.0 192.4
L3a 3.4 759.2 0.57 780.6 205.2
L4 5.0 777.2 0.58 841.2 201.4

was 2.25kN/m?. Since the strengthening presented varying thick-
ness along the slab, the effective height taken into consideration in
the current study was measured in the region of maximum bend-
ing moment, in the center of the slabs. The failure loads of slabs
L2R and L4R were very close to each other; 12.25 kN/m? and 12.0
kN/m?, respectively. Slab L3aR, which had low reinforcement rate,
failed at 3.25 kKN/m?2.

Table 7 summarizes and compare the main features and failure
loads in slabs L1, L3, L2R, L3aR and L4R. Slabs L1 and L3 (with-
out strengthening), as well as slabs L2R, L3aR and L4R (rein-
forced), failed under bending and showed large vertical deflections
and high reinforcement yield on the lower surface, mainly in the
central region. In addition to yield, the central bars failed in all tests.
There was no evidence of crushing on the upper concrete surface
after the tests were finished and the load was removed.
Reinforced slabs L2R and L4R showed higher failure loads (32%
and 30%, respectively), whereas the failure loads of slabs L3 and
L3aR were significantly lower than that of reference slab L1. The
concrete compressive strength of slab L3 was similar to that of
slab L1. However, its useful height and reinforcement rate were
14% and 50% lower than that of slab L1, respectively. Thus, slab
L3 failed under bending when it was subjected to a load 68% lower
than that applied to reference slab L1.

It was possible seeing reduced geometric reinforcement rate (from
0.14% in L1 to 0.09% and 0.10% in L2R and L4R, respectively),
increased concrete strength (from 20.8 MPa in L1 to 51.9 MPa and
56.4 MPa in L2R and L4R, respectively) and, mainly, increased
useful height (from 7.2 cm in L1 to 10.2 cm and 10.0 cm in L2R
and L4R, respectively) by comparing slabs L2R and L4R to refer-
ence slab L1. The increased useful height, in this particular case,

played a significant role in the respective 32% and 30% increase
recorded for the failure loads of slabs L2R and L4R, when they
were compared to slab L1.

Slab L3aR showed useful height 48% higher, concrete compres-
sive strength in the reinforcing layer 2.8 times higher and geomet-
ric reinforcement rate lower than slab L1. Slab L3aR failed when it
was subjected to 35% of the failure load applied to slab L1, regard-
less of reinforcing concrete layer application. This result shows
that increasing the useful height and the concrete compressive
strength of the reinforcing layer, without using the minimum flexural
reinforcement rate, leads to an innocuous strengthening.

The comparison between reinforced slabs L2R and L4R reaffirmed
useful height (d) as the most important parameter to set the ul-
timate load of reinforced slabs presenting similar reinforcement
rates (0.09% and 0.10% respectively). Although slab L4, which
was the basis of slab L4R, was made of low-strength concrete
(f, = 12.4 MPa) - approximately 60% lower than that of slab L2
(20.7 MPa) -, its behavior at failure load was very similar to that of
L2: ultimate load 12.25 kN/m? in slab L2R and 12.0 kN/m? in slab
L4R. It showed little or no influence from the pulled-zone concrete
on the failure load capacity of the reinforced slab. It is worth high-
lighting that slabs L2 and L4 showed distinct behavior until reach-
ing the stop load in the initial test.

The first cracks visually observed in slabs L1 and L2 happened un-
der loads 2.50 kN/m? and 2.25 kN/m?, respectively. The first cracks
were observed in slabs L3, L3a (with low reinforcement rate) and
L4 (with low concrete compressive strength) when they were sub-
jected to loads 1.25 kN/m? (L3) and 1.0 kN/m? (L3a and L4). The
first cracks appeared in the central region towards the edges. Four
(4) areas with failure lines passing through the center towards the

Table 7
Details summary, slab characteristics and failure loads of all slabs
d . f
Slab (cm) p (%) (MFC’CI) d,/ d, Pu /Py fcu / fcu Arupture Api /qrup.L1
L1 7.1 0.14 20.8 1.0 1.0 1.0 9.25 1.0
L3 6.0 0.07 204 0.86 0.5 0.98 3.00 0.32
L2R 10.2* 0.09 51.9 1.43 0.64 2.49 12.25 1.32
L3aR 10.5* 0.04 58.2 1.48 0.28 2.80 3.25 0.35
L4R 10.0* 0.10 56.4 1.41 0.71 2.71 12.00 1.30
*effective depth of slab include the layer of reinforced concrete.
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Figure 7

Scheme of cracks pattern of slab L1 and cracks of slab L2R after failure

edges were clearly defined in advanced loading stages. Figure 7
shows the slab L1 cracking scheme and a picture of the crack on
the lower surface of slab L2R.

Figure 8 shows the graph of load x central deflection in all slabs.
All the slabs showed increased deflections due to increased
load. Slab L1 (effective height 7.1 cm) showed the largest cen-
tral deflection among all slabs; it reached 12.5 cm for the failure
load 9.25 kN/m2. The central deflection values of non-reinforced
slabs ranged from 6.5 cm (L3a, d = 6.0 cm) to 7.5 cm (L2, d =
6.3 cm), at stop loads 2.25 kN/m? and 6.50 kN/m?, respectively,
except for slab L3. Slab L3, which failed at 3.0 kN/m?, showed
6.4 cm central deflection at load 2.75 kN/m2. Reinforced slabs
L2R (d = 10.3 cm) and L4R (d = 10.0 cm) failed at 11.0 cm and
9.5 cm vertical deflections, respectively, whereas slab L3aR (d
= 10.5 cm) failed at 6.9 cm deflection. It was possible seeing
that the slabs showing reinforcement deficiency (L3 and L3a)
and the reinforced slab (L3aR) presented the largest deflections
at the lowest loads. A second group, which comprised slabs L1,
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Load deflection curves (all slabs)

L2 (without strengthening and concrete deficiencies) and L4
(with concrete deficiency), showed deflections in the same or-
der of magnitude, and with intermediate values, when they were
compared to other slabs subjected to the same loads. The third
group comprised reinforced slabs L2R and L4R, which showed
similar behavior and presented the smallest deflections at loads
higher than 2.0 kN/m2. These smallest deflections took place
due to the increased useful height deriving from concrete rein-
forcing layer application. Slab L3aR, which also received rein-
forcing layer similar to that of L2R and L4R, did not present the
same deflection profile, probably because it was manufactured
with flexural reinforcement deficiency.

Table 8 presents the central deflection results of all slabs at loads
1.5 kN/m?, 3.0 kN/m?, as well as the stop load (varying in each
slab) and the load in the last reading before breaking. Slabs L1
and L2 (with reinforcement rates complying with the standard) met
the NBR 6118/2014 [4] requirements for maximum permissible
vertical deflections. Slabs L3, L3a (with reinforcement deficiency)
and L4 (with concrete strength deficiency) reached deflections that
exceeded the standard limit (1/500 = 8.0 mm) at load 1.5 kN/m? (of
design). Reinforced slabs L2R, L3aR and L4R showed 40%, 32%
and 53% lower deflections, respectively, when they were subject-
ed to the same stop load applied to the respective non-reinforced
slabs. Such outcome evidences the strengthening efficiency in re-
lation to the central vertical deflection.

By comparing slabs L1, L3 and L3a, which showed similar con-
crete strength values and useful height, it was possible seeing that
slab L1 (with reinforcement rate 0.14%) showed just 3.2 mm de-
flection at 1.5 kN/m2. This value was lower than half of the limit
value imposed by the standard (NBR 6118/2014 [4]). On the other
hand, slabs L3 and L3a (which were composed of 50% of the re-
inforcement in slab L1) showed vertical deflections 8 to 14 times
higher than that of L1.

The reinforcing concrete layer in Slab L3aR led to a new useful
height (d = 10.5 cm) and to higher concrete strength in the com-
pressed region (f, = 58.2 MPa). However, the lower geometric rate
in this slab led to deflection values in the same order of magnitude
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Table 8
Summary of central load-deflection for all slabs
Slab | P d f. q Displa. q Displa. | A, 0a | DiSPIA. | Qiiereas | DISPIAL | Ay
(%) | (mm) | (MPa) | (kN/m2) | (mm) | (KN/m?2) | (mm) | (KkN/m2) | (mm) | (KN/m2) | (mm) | KN/m?
L1 014 7.1 20.8 1.50 3.2 3.00 39.4 - - 9.00 124.7 9.25
2 |0.15] 6.2 20.7 1.50 4.0 3.00 31.3 6.50 62.3 - - -
2R | 0.09 | 102 | 51.9 1.50 6.1 3.00 16.0 - - 12.00 109.6 | 12.25
L3 |007| 60 20.4 1.50 26.1 3.00 - - - 275 64.0 3.00
3a | 0.08 | 6.5 19.8 1.50 46.1 3.00 - 2.25 65.2 - - -
L3aR | 0.04 | 10.5 | 58.2 1.50 27.0 3.00 62.0 - - 3.25 65.2 3.25
L4 [016] 6.0 124 1.50 13.7 3.00 46.6 4.75 69.8 - - -
L4R | 0.10| 10.0 564 1.50 7.2 3.00 19.6 - - 11.00 954 12.00
p (%) = flexural ratio; g (kN/m?) = distributed load; g, ..s (KN/M?) = distributed load relative the last reading; Displa (mm) = central vertical deflection.

of slabs L3 and L3a, fact that shows the importance of setting a
minimum reinforcement rate to control vertical deflection, regard-
less of the strengthening.

The comparison between central deflections in slabs L1 (f, = 20.8
MPa) and L4 (f, = 12.4 MPa) showed the influence of concrete
compressive strength on the central vertical deflection behavior.
The 60% reduction in the concrete compressive strength led to
deflections 4.3 times greater at load 1.5kN/m? and 18% greater at
load 3 kN/m?, thus indicating the early emergence of cracks in less
resistant slabs.

Although slab L4R showed vertical deflection greater than that
of slab L1, and smaller than that of slab L4 at load 1.5 kN/m?, it
showed considerably smaller deflections than that of the same
slabs at heavier loads. It evidences that the increased useful
height resulting from the reinforcing layer helps overcoming losses
deriving from the influence of concrete compressive strength in ad-
vanced loading stages.

The reinforced slabs increased the load limit in relation to the ulti-
mate load; however, this fact did not change the vertical deflection
in the initial loads, probably due to the steel cracking and deforma-
tion state resulting from the initial test.

Steel deformation measurements made through electrical strain
gages attached to the strengthening are presented for each tested
slab, except for the reinforced slabs, since the strain gages were
requested in the initial test and many of them failed during loading

until the test stopped. Two strain gages per point were used in
slabs L1 and L2, one on the upper surface and the other one on
the lower surface of the instrumented bar. The other slabs - L3, L3a
and L4 - were instrumented with a single strain gage per point. Fig-
ures 9 and 10 show graphs representing load-versus-deformation
in the reinforcement of slabs L1, L2, L3, L3a and L4 until reaching
the failure (L1 and L3) or the stop load (L2, L3a and L4) points. The
central strain gages showed deformations equivalent to the yield
of bars in slab L3.

The adhesion between the old and the new strengthening concrete
was assessed through pull-off test, wherein steel wafers (50 mm
diameter circular cutouts) were glued to the strengthening surface.
A total of 87 pull-off tests were carried out to check the reinforc-
ing concrete adhesion to the old concrete. In addition, 29 tests
were conducted in reference pieces. The results of the pull-off tests
regarding the failure spot in the cutout specimen were presented
in four different ways: a) failure at the old concrete-new concrete
interface - OC/NC; b) failure in the old concrete of the slab - OC; c)
failure in the new strengthening concrete - NC and; d) failure in the
glue, between the concrete and wafer - GLUE. The failure in the
old concrete-new concrete interface - OC/NC — rarely takes place
integrally in the plane of the interface between concretes. In most
cases, the failure partly involved the surface of the old-new con-
crete interface; as for the remaining cases, the failure involved the
old concrete surface. None of the herein performed tests showed
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Figure 9
Load strain curves (slabs L1, L2 and L3)
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Load strain curves (slabs L3a and L4)

Figure 11

Failed specimens
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failure surface concomitantly involving part of the old-new concrete
interface and the new concrete surface. Figure 11 shows a picture
of the failed specimens and indicates the failure modes.

Results of reference pieces showed 5% variation in the reinforced
pieces and 2% variation in the non-reinforced ones. However, the
adhesion strength values showed differences of almost three times
between the tested slabs. Table 9 shows the mean pull-off force
values and the respective standard deviations (S,) of the tests,
the failure mechanism in each of the three reinforced slabs - L2R,
L3aR and L4R -, as well as the results of the reference pieces. The
general calculation of the means did not take into consideration the
three points in the wafer glue where the failures occurred during
the tests conducted in slab L2R. All reference specimens without
reinforcing layer in slabs L3aR and L4R failed in the old concrete
at mean values 1.13 MPa and 1.15 MPa, respectively. The mean
adhesion strength in the other two reference pieces (with reinforc-
ing layer) were 1.02 MPa and 1.07 MPa, respectively; there was
predominant failure in the new-old concrete interface. The pull-off
stress ranged from 0.49 MPa to 1.08 MPa in the tests conducted
in slab L2R, from 0.36 MPa to 1.07 MPa in the tests conducted in
slab L3aR, and from 0.43 MPa at 1.03 MPa in the tests conducted

Table 9
Results of pull-off tests in slabs and specimens of references
L2R Number S, L3aR | Number S, L4R Number S,
(MPa) | oftests | (MPa) | (MPa) | oftests | (MPa) | (MPa) | oftests | (MPa)
General 0.96 33 0.17 0.88 28 0.21 0.86 23 0.19
Old concrete/ 0.97 23 017 | 086 18 020 | 089 20 0.15
new concrete
Old concrete 0.94 9 0.19 0.85 10 0.24 0.64 3 0.32
Reference specimen . - . 113 6 0026 | 1.15 6 0.016
without reinforcing
Reference specimen - - _ 1.02 6 0015 | 107 1 0.022
with reinforcing
S, — the respective standard deviations.
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in slab L4R. Although slab results indicated broader limits, there
was significant concentration of values in the range between 1.0
MPa and 1.1 MPa (Figure 12).

The values of pull-off tests conducted in the reinforced slabs may
be justified by the bending cracks that took place on the lower
surface of the slab during the initial tests until the stop load was
reached, as well as by failures in the final tests. These cracks may
have reached the old concrete, as well as the reinforcing concrete
layer, through specimen cutout. Another factor that may have influ-
enced the adhesion test results was the possible existence of small
“holes” between the new concrete layer used as strengthening and
the old concrete in the slab. Adhesion strength results (from 1.0
MPa to 1.10 MPa) found in the tests performed in the reinforced
slabs (Figure 12) indicated adhesion strength compatible with the
results of the pull-off tests conducted in the reference specimens
(from 1.02 MPa to 1.15 MPa) (Table 9) when the possible influ-
ence of the damages caused to the slabs, after the failure load
was applied (bending cracks, holes, etc.), was taken into account.
It is worth emphasizing that the adhesion tests were conducted in
slabs that failed after being subjected to loads up to eight times
higher and to vertical deflections up to nine times higher than the
design load and vertical deflection limit.

Figures 13a and 13b show the schematic drawing of the speci-
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Histogram variation results of the pullout fest slabs
L2R, L3aR e L4R

men cutout, which reached the bending cracks in the slab, as well
as the picture of a demolished section in slab L4R focused on
the presence of “holes”, respectively. It is worth highlighting that
these “holes” were not found in most of the demolished slab sec-
tions. There was no visual sign of debonding in the new reinforc-
ing concrete layer during the tests. It was possible seeing perfect

Metallic plates glued using epoxy adhesive

1< Layer of Strengthed Concrete

Slab =

Cracks

«— Flexural Reinforcement

Figure 13

Schematic drawing of the specimen cutout (a), Picture of a demolished section in slab L4R (b) Picture of
the perfect adherence between the strenghted concrete and the old concrete (¢)
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adhesion between the old and the new concretes in most of the
demolished slab sections (Figure 13c).

4. Conclusions

EE

With respect to slabs originally reinforced at minimum reinforcement
rate according to NBR 6118/2014 [4], reinforcing layer application in-
creased the ultimate failure load by up to 30% in comparison to simi-
lar non-reinforced slabs (L2R and L4R). Although the strengthening
increased the ultimate failure load in slabs showing insufficient rein-
forcement rate (50% of the minimum rate required by the standard),
it did not show the same efficiency level shown by L2R and L4R, be-
cause it was obviously limited by the amount of reinforcement (slab
L3a). This effectiveness limit presented by the strengthening applied
to the upper surface of the slab was caused by the amount of rein-
forcement; this limitation may evidence slab strengthening feasibility
(or not) through the herein addressed process. All the tested slabs,
whether they were reinforced or not, showed great ductility until the
failure point, as well as deflections greater than the useful height; how-
ever, they failed when the reinforcement in the central region failed.
When slabs showing the minimum strengthening required by the stan-
dard were reinforced, they showed smaller vertical deflections at loads
above the design loads or above the loads that caused the emergence
of the first crack. However, even when the slabs showing reinforcement
deficiency were reinforced, they always showed great deflections.
Slabs L1 and L2, whose reinforcement rates complied with the stan-
dard, met the NBR 6118/2014 requirements for limit deflections. Slabs
L3, L3a (with reinforcement deficiency) and L4 (with concrete strength
deficiency) reached vertical deflections higher than the limit set by the
standard 1/500 (8.0 mm), when they were subjected to 1.5 kN/m? (de-
sign load). The reinforced slabs L2R, L3aR and L4R showed vertical
deflections at least 30% lower when they were subjected to the same
load applied to the respective non-reinforced slabs, fact that confirmed
the strengthening efficiency linked to the central vertical deflection.
The different adhesion strength measurements made between the
reinforcing concrete layer and the base concrete in the slab indi-
cated strain in the order of 1.0 MPa. It was not possible setting
the minimum adhesion. The effort made to produce good adhesion
aimed at developing a monolithic strengthening in the old concrete
of the base slab. None of the tests conducted in the reinforced
slabs showed generalized detachment of the reinforcing layer.
Even the fragments from the demolished slab showed perfect ad-
herence between the old and the new concrete.
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Abstract

The current study presents the results of tests conducted in 5 reinforced concrete slabs (415 cm x 415 cm x 7 cm) in order to experimentally
check the possibility of reinforcing their upper surface, as well as to assess the adhesion between the old and the reinforcing concrete layers in
the slab. The main variables were the concrete and reinforcement strength deficiencies. Reference slab “L1” was tested until reaching the failure
load, whereas the others were tested until reaching certain load limit, reinforced and retested until reaching the failure load. All slabs failed under
bending. The strengthening increased the failure load by 30% in slabs reinforced at minimum reinforcement rate when they were compared to
similar non-reinforced slabs, regardless of the original concrete strength. None of the tests conducted in the reinforced slabs showed detachments
or evidence of adhesion loss between the old and reinforcing concretes.

Keywords: slab, reinforced concrete, strengthening, adherence.

Resumo
E———

Este trabalho apresenta os resultados dos ensaios de 5 lajes de concreto armado (415 cm x 415 cm x 7 cm) com o objetivo de se verificar ex-
perimentalmente a possibilidade de reforgo pela face superior de lajes de concreto armado e também de se avaliar a aderéncia entre o concreto
antigo da laje e a camada do concreto do reforgo. As principais variaveis foram as deficiéncias da resisténcia do concreto e de armadura. A laje
L1, de referéncia, foi ensaiada até a ruptura e as demais até um limite de carregamento quando foram reforgadas e reensaiadas até a ruptura.
Todas as lajes romperam por flexao e nas lajes armadas com uma taxa minima de armadura, o reforgo elevou em até 30% a carga de ruptura em
relacéo a uma laje similar sem reforgo, independentemente da resisténcia original do concreto. Em todos os ensaios das lajes reforcadas néo se
detectou descolamentos ou evidéncias de perda de aderéncia entre o concreto antigo e o concreto do reforgo.

Palavras-chave: laje, concreto armado, reforgo, aderéncia.
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1. Introducgao

EE

Ao longo dos anos a grande demanda pelo uso do concreto ar-
mado na construgao civil, aplicado nas edificagdes e outras obras
de grande porte, permitiu o aparecimento de diversos problemas
de ordem executiva, de desempenho dos materiais componentes
e até mesmo pela falta de manutengao. Desde que comegaram a
surgir as primeiras patologias nas obras de concreto armado tem-
-se buscado solugdes mais adequadas, praticas e de baixo custo.
Dentre os problemas mais frequentes em pegas de concreto arma-
do, podem-se ressaltar os ocorridos em lajes, com manifestagdes
de grandes deslocamentos e aparecimento de fissuras. Os proble-
mas em lajes causados por insuficiéncia na taxa de armadura, uso
de um concreto inadequado e mesmo pela altura util indevida da
laje, podem resultar em restrigdes de utilizagdo gerando eventual
necessidade de um reforgo.

Dependendo da técnica empregada, o reforgo pode ser executado
com os mais variados materiais. O reforgo com concreto armado
envolve decisdes sobre diferentes aspectos tais como os tipos de
cimento, granulometria de agregados e classes de agos. Se o refor-
¢o for com chapas de ago coladas ou com o uso de fibras de car-
bono, envolvem processos de preparagdes especiais para colagem
e verificagdo de compatibilidades entre solicitagdes e deformagdes
dos materiais. Ponderar sobre as possiveis causas e consequén-
cias associadas a solugao proposta resulta na eficiéncia ou ndo do
reforgo executado. Toda decisao vai ser baseada neste diagndstico.
Se de carater estrutural ou se de agdes que envolvem processos
de corrosao de armaduras ou de sinistros de incéndio ou abalos ou
ainda recalques de fundagdes, etc. Para cada caso havera uma ou
mais solugdes com o uso de materiais proprios e especificos.

A superficie que vai receber novo concreto deve se apresentar
rugosa, sem a presenga de nata de cimento do concreto antigo e
sem a presenga de po, 6leos ou graxas que impegam esta ligagao.
As formas de preparo superficial vao desde os marteletes elétricos
ou pneumaticos até o apicoamento manual, as fresadoras mecani-
cas, equipamentos de hidro demoligdo de altissima pressao (75,0
MPa) e eventualmente o jato de areia seco ou umido. O reforgo
de uma pega, pilar, viga ou laje pode implicar no acréscimo de
um novo volume de concreto a pega antiga. Por consideragdes
de projeto e célculo, este aumento deve ser monolitico, em que
concreto novo e antigo trabalham juntos.

Climaco [1] aborda varios processos de possiveis testes de ade-
réncia; a tragao direta, onde um corpo-de-prova especial é tracio-

nado pelas extremidades até a ruptura e a tragao indireta, como
o teste preconizado pelo Prof. Lobo Carneiro, conhecido como
compressao diametral. No teste da verificagdo da resisténcia de
aderéncia por tragao direta implica que a resisténcia a tragao dire-
ta no concreto nao pode ser menor que a resisténcia de aderéncia.
Em razdo da qualidade superior, pela facilidade de controle dos
processos e materiais, o micro concreto fluido, também denomi-
nado graute, € um material muito indicado nos servigos de reforgo
estrutural. O reforgo com graute, produto a base de cimento, impli-
ca superficie rugosa e saturada. Os aditivos de qualquer natureza,
aceleradores, retardadores, plastificantes ou superplastificantes
sao relevantes na elaboragéo de um material de recuperagao. A si-
lica ativa, ao ser adicionado ao concreto, além de melhorar a zona
de interface entre a pasta e o agregado, melhora por consequén-
cia a aderéncia, a impermeabilidade, a resisténcia a compressao
axial e a propria coesédo no concreto fresco, evitando exsudagao
(Aitcin, [2]). O reforgo em laje pela face superior prevé a aplicagao
de uma camada de concreto de alto desempenho com espessura
variavel. Esta variagdo na espessura confere a camada de reforgo
uma forma de lente plano-convexa de bordos delgados, pequena
espessura nos bordos e espessuras maiores no centro, calculada
levando em conta o vao, taxa de armadura e solicitagoes.

Este trabalho tem por objetivo verificar e analisar experimetnal-
mente o comportamento estrutural de lajes de concreto armado
reforgadas na face superior, de através de ensaios em pegas mol-
dadas em escala real. Enfoca a eficiéncia do processo de reforgo
diante de duas patologias mais frequentes em lajes que sédo as
deficiéncias na taxa de armadura e na resisténcia a compressao
do concreto. E, também, pesquisada a aderéncia entre concreto
antigo da laje e o concreto da camada de reforgo (Campos [3]).

2. Materiais e programa experimental
EE

Com o objetivo de analisar o comportamento estrutural de lajes
macicas de concreto armado reforgadas pela face superior, fo-
ram ensaiados a flexdo cinco modelos em escala real (415 cm x
415 cm x 7 cm). As lajes, simplesmente apoiadas e carregadas
uniformemente na superficie superior, foram armadas nas duas
diregcdes e dimensionadas de acordo com a NBR 6118/2014 [4],
com sobrecargas recomendadas para usos residenciais de 1,5
kN/m2. As principais variaveis de ensaio foram taxa de armadura,
p (0,076% e 0,164%), e a resisténcia a compresséo do concreto,
f. (10 MPa e 20 MPa).

Tabela 1
Programa de ensaios e principais vari@veis das lajes ensaiadas
Laje p (%) f. (MPa) 1° ensaio 2° ensaio
L1 0,164 20 Ruptura -
L2 0.164 20 Parada programada Ruptura (L2R)
L3 0,076 20 Ruptura*
L3a 0.076 20 Parada programada Ruptura (L3aR)
L4 0,164 10 Parada programada Ruptura (L4R)

* - Ruptura com carregamento aquém do previsto.
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Figura 1

Dimensodes das lajes e detalhamento das armaduras

A laje L1, de referéncia, foi ensaiada até a ruptura em um unico
ensaio. A laje L2 foi construida idéntica a L1 e as lajes L3 e L4
foram concretadas, apresentando patologias, uma com deficiéncia
na armadura (L3, p = 0,076) e outra com deficiéncia na resisténcia
do concreto (L4, f, = 10 MPa). Foi construida uma laje adicional,
L3a, que substituiu a laje L3 em fungao de sua ruptura no ensaio
inicial. As lajes, L2, L3, L3a e L4, foram ensaiadas inicialmente até
o carregamento limite de parada. O limite de parada do carrega-
mento, definido para atingir um estado caracterizado por intensa
fissuragéo e grandes deslocamentos, teve por base trés parame-
tros: a) deformacéo, na armadura principal, atingindo o limite de
escoamento (10%o); b) abertura das fissuras com limites estabele-
cidas pela NBR 6118/2014 [4] e; c) deslocamentos verticais com
a ordem de grandeza da espessura da laje. Apds este ponto, com
excegdo da L3 que rompeu, as lajes foram descarregadas, refor-
cadas e ensaiadas até a ruptura.

N3 - LajesL1,L2,L3,L3a elL4

O reforgo foi realizado com aplicagdo de uma camada, de espes-
sura variavel, na face superior da laje, de concreto de alto desem-
penho, com espessuras de 2,0 cm nos bordos e 4,0 cm no centro.
Em todas as lajes reforgadas, renomeadas de L2R, L3aR e L4R,
o tipo do concreto utilizado no reforgo e as dimensdes da camada
foram mantidos constantes. A Tabela 1 apresenta o programa de
ensaios e as principais variaveis dos modelos em teste e a Figura
1 apresenta as dimensdes nominais e detalhamento das armadu-
ras das lajes.

O concreto utilizado na confeccéo das lajes L1, L2, L3 e L3a foi ad-
quirido de empresa fornecedora de concreto pré-misturado, com
uma previsao de resisténcia a compressao, para 21 dias, de 20
MPa. O concreto para a laje L4 com a resisténcia a compressao
prevista para 10 MPa, na data do ensaio, foi elaborado no La-
boratério de Estruturas — EEC/UFG, seguindo o trago previamen-
te estudado. A Tabela 2 apresenta as proporgdes utilizadas na

Tabela 2
Composi¢cdo do concreto usado nas lajes (unidade: kg/m?)
Materiais L1,L2,L3 e L3a L4
Cimento (CP Il F - 32) 297 240
Areia artificial (granulito) 861 868
Brita zero (granulito) - 197
Brita 1 960 782
Agua 172 195
Plast./Retardador REAX RX 104 R 0.89 -
Trago unitério (em massa) 1:2,90:3,23:0,58 1:3,62:0,82:3,26:0,81
Expectativa de resisténcia f.,, = 20,0 MPa f.,, =10,0 MPa
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guanto na superficie do concreto das lajes

dosagem do concreto para as lajes L1, L2, L3, L3a e L4. O con-
creto utilizado no reforgo das lajes L2R, L3aR e L4R foi preparado
no local de concretagem das lajes, seguindo trago previamente
estudado. Em todas as concretagens foram moldados dez corpos-
-de-prova cilindricos de 150 mm X 300 mm para caracterizagao
do material.

A instrumentagao das lajes nos ensaios foi feita com deflectome-
tros mecanicos, analdgicos, para medigdo dos deslocamentos

Figura 3
Esquema da colocagdo dos sacos e fotografia
da laje L2R com carga de 1,0 kN/m?

verticais, e extensdmetros elétricos de resisténcia para medigao
das deformagdes no ago e no concreto. Em todos os ensaios,
exceto no ensaio da laje L1, foi utilizada uma trena metalica, po-
sicionada no centro da laje (face inferior), com a finalidade de
obtengdo aproximada do deslocamento central na ruptura, apdés
a retirada dos deflectdmetros mecéanicos. Foram utilizados, em
cada laje, no minimo cinco deflectdometros da marca Mitutoyo,
com precisao de 0,01 mm, posicionados na superficie inferior.
Devido a simetria, os deslocamentos foram medidas em apenas
um quadrante, utilizando-se os aparelhos posicionados no eixo
central e na diagonal das lajes. Também foram fixados, na ar-
madura principal de flexdo, extensémetros elétricos do tipo KLM
PA 06 250BA 120L da Kiowa, em 12 pontos de cada laje. Nas
lajes L1 e L2 foram utilizados dois extensdmetros por ponto, dia-
metralmente opostos, nos lados inferior e superior da armadura.

e = ..‘-‘ J v
Figura 4
Fotografia da laje L4AR com carregamento
de 12,0 kN/m?2
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Tabela 3
Composicdo do concreto usado no reforco das
lajes (unidade: kg)

Tabela 4
Quantidade de testes de arrancamento nas lajes
e nas pecas de referéncia

Nas demais lajes utilizou-se apenas um extensémetro por ponto,
fixado no lado inferior da armadura. Na superficie do concreto,
na face superior de todas as lajes, foram colados extensémetros
elétricos, do tipo KLM PA 06 201BA 120L da Kiowa, em quatro
pontos, para determinacdo das deformagodes. A Figura 2 apre-
senta a posicdo dos deflectdémetros usados e dos extensémetros
elétricos fixados tanto nas armaduras de flexao quanto na super-
ficie do concreto das lajes.

A laje L1 foi carregada com sacos de areia de 0,50 kN e as de-
mais lajes foram carregadas com sacos de 0,25 kN. Inicialmen-
te cada laje foi marcada em 16 quadros de um metro quadrado.
Cada etapa de carregamento ocupava um quadrante destes qua-
dros. A sequéncia de colocagéo dos sacos seguiu a orientagao
previamente estabelecida de posicionar os sacos do centro para
os bordos, conforme esquema apresentado no desenho da Figura
3. Para evitar o “efeito de arco” no carregamento, os sacos se
tocavam apenas no interior de cada um dos 16 quadros. A Figura
4 apresenta a fotografia do carregamento total da laje L4R (apds
reforgo), com 12 camadas e as quatro pilhas em cada quadro sem
tocar as pilhas dos quadros vizinhos.

A confecgao do reforgo foi igual para as lajes refor¢adas, L2R, L3aR

Materiais L2R, L3aR e L4R N° de testes nas pecas
Cimento (CPV - ARI) 50,0 Lajes N° de de referéncia
Areia artificial (granulito) 37.5 festes Sem Com
Bt i 25 reforco refor¢co
rita zero (granulito) . oR 3% B -
Silica ativa (SILMIX) 4.0
A m 0 L3aR 28 6 6
a (litros
gua (litros) LAR 23 6 1
Superplastificante 0.7
(RX 3000A) !
Trago unitdrio (em massa) 1:0,75:1,45:0,37 e L4R. Inicialmente fez-se o apicoamento manual na face superior,
Expectativa de resisténcia f_=50.0 MPa com ponteiro e martelo, criando-se uma superficie rugosa e sem
c7 — 4

nata de cimento. A superficie apicoada foi lavada com agua através
de bomba de alta pressao para remogéao de todo po e areia solta.
Com o uso de macaco hidraulico, as lajes foram retornadas a sua
forma plana original, no momento no inicio dos ensaios. Esta ope-
ragao foi controlada por linha esticada na face superior fixada no
centro das laterais e com nivelamento feito com de nivel ético (NA
K1 — WILD). O reforgo foi realizado com aplicagao de uma camada,
de espessura variavel, na face superior da laje, de concreto de alto
desempenho, com espessuras de 2,0 cm nos bordos e 4,0 cm no
centro. A Figura 5 mostra fotografias da execugéo do servigo de
apicoamento manual e do langamento da camada de reforgo.

O concreto de alto desempenho utilizado para o reforgo foi o mes-
mo para as trés lajes reforgadas. Imediatamente apds aplicagéo e
acabamento da camada de reforgo, ainda com o concreto fresco,
a laje foi recoberta com mantas de aniagem Umidas e protegidas
com lona de polietileno, e mantida nestas condigbes para cura,
durante sete dias. A Tabela 3 apresenta o trago do concreto utili-
zado no reforgo.

Com a finalidade de avaliar a resisténcia de aderéncia entre a ca-
mada de refor¢co e o concreto antigo da laje, foram executados
testes de arrancamento em pontos na camada de reforgo nas la-
jes ensaiadas e em pegas de referéncias. Foi moldado um par de
pecas de referéncia para cada uma das lajes L3aR e L4R com

Figura 5

Fotografias da execugdo do apicoamento manual e do espalhamento da camada de reforco
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Esquema do dispositivo para teste de arrancamento e fotografia do aparelho (unidade: cm)

dimensdes de 50 cm x 50 cm x 7 cm. Em uma pega de cada par
continha apenas o concreto da laje, e na outra pecga executou-se
também a camada de reforco. Em ambas as pecas utilizou-se o
mesmo concreto, reforgo e técnicas usadas nas lajes. Estas pe-
cas foram executadas com a finalidade de servirem de referéncia,
sem a influéncia dos deslocamentos e das fissuragdes devido aos
carregamentos impostos nas lajes. Foram executados 36 testes
no reforgo da laje L2R, 28 na laje L3aR e 23 testes no reforgo
da laje L4R, em pontos n&o danificados, escolhidos aleatoriamen-
te. Nas pecas de referéncia foram feitos um total de 29 testes. O
procedimento do teste consistiu em serrar com “serra copo” com
coroa diamantada, em meio a circulagado de agua, um circulo com
didametro interno de 50 mm e profundidade até cerca de 30 mm
abaixo da camada de reforgo. A Tabela 4 apresenta em sintese a
quantidade de testes de arrancamento executados.

Tabela 5
Caracteristicas do concreto utilizado nas lajes

Apos limpeza e secagem do testemunho serrado, foi colada uma
pastilha metalica para distribuir a tensdo aplicada. Os testes fo-
ram realizados apos o endurecimento da cola, em geral, no dia
seguinte ao da colagem das pastilhas. A aplicagdo da forgca de
arrancamento ocorre através de dispositivo mecanico, analdgico,
com incremento da forga pelo acionamento de manivela com pa-
rafuso de rosca fina que comprime o anel dinamométrico duplo,
que reage na pastilha colada sobre o reforgo (Figura 6). A duragao
média do ensaio é de 5 minutos.

3. Resultados e discussoes
EE
A Resisténcia a compressao cilindrica do concreto aos 7 dias. e

no dia do ensaio da laje, além do Maddulo de elasticidade do con-
creto na data do ensaio das lajes séo apresentados na Tabela 5.

Laje Idade (dias) f. M (MPa) f.® (MPa) E.® (GPa)
L1 18 17.0 20,8 16,1
L2 21 17.6 20,7 17.1
L3 21 17.0 20,4 17,3
L3a 30 16,0 19.8 16.5
L4 17 12,4 15,7
Concreto do refor¢co
L2R 16 44,9 51,9 36.0
L3aR 17 51,9 58.2 32,0
L4R 11 48,7 56,4 30,7
O Resisténcia & compressdo cilindrica do concreto aos 7 dias; @ Resisténcia & compressdo cilindrica do concreto no dia do ensaio da laje;
® Médulo de elasticidade do concreto na data do ensaio da lgje.
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Tabela 6
Principais caracteristicas do aco
Laje ¢ (mm) f (MPa) e, (%) f, (MPa) E, (GPa)
L1 50 761,7 0,57 829,2 204,7
L2 50 734,2 0,56 771,6 200,3
L3 3.4 801,2 0,62 822,0 192.4
L3a 3.4 759,2 0,57 780,6 205,2
L4 50 777.2 0.58 841,2 201.4

Foram ensaiadas a tragdo axial, no minimo, duas amostras por
laje das armaduras de flexdo, com a finalidade de determinar as
resisténcias de escoamento e de ruptura, médulo de elasticidade
e a deformagédo especifica de acordo com a NBR 6892-1/2013
[5]. Em todos os ensaios as barras nao apresentaram patamar de
escoamento definido e a Tabela 6 mostra os principais resultados
de caracterizagao do ago.

A laje L1, de referéncia, rompeu com um carregamento de 9,25 kN/
m2. As demais lajes, com excegéo da L3, foram ensaiadas no primei-
ro ensaio até o carregamento de parada. As lajes L2 (f=20,8 MPa)
e L4 (f =12,4 MPa), com taxa de armadura de 0,164%, tiveram car-
gas de parada de 6,50 kN/m? e 4,75 kN/m? respectivamente. Com o
objetivo de provocar a maxima deterioragcdo possivel e como estava
prevista uma carga de parada na faixa de 2,75 a 3,25 kN/m?, a laje L3
foi carregada até 3,0 kN/m2, quando ocorreu a ruptura. Os resultados
da laje L3 foram mantidos para efeito de comparagéao. A laje L3a foi
confeccionada em substituicdo da laje L3. A carga de parada para a
laje L3a foi de 2,25kN/m?. Devido ao fato de o reforgo ter sido feito
com espessura variavel ao longo do plano da laje, a altura efetiva
considerada foi medida na regido de momentos maximos no centro
das lajes. As cargas de ruptura das lajes L2R e L4R foram muito
préximas entre si, com 12,25 kN/m? e 12,0 kN/m?, respectivamente,
e a laje L3aR, com baixa taxa de armadura, rompeu com 3,25 kN/m?.
A Tabela 7 apresenta um sumario e comparagdes das principais
caracteristicas e cargas de ruptura das lajes L1, L3, L2R, L3aR e
L4R. As lajes L1 e L3 (sem reforgo) e as lajes L2R, L3aR e L4R
(reforgadas) romperam por flexdo apresentando grandes deslo-
camentos verticais e escoamento da armadura na face inferior,
principalmente na regido central. Em todos os testes, além do es-
coamento, houve a ruptura das barras centrais. Foi observado,

Tabela 7

apos o término dos ensaios e a retirada do carregamento, que nao
havia indicios, na face superior, de esmagamento do concreto.
Pode-se observar, em relacéo a laje de referéncia, L1, que as lajes
reforgadas L2R e L4R apresentaram cargas de ruptura superio-
res em 32 e 30% respectivamente, enquanto as das lajes L3 e
L3aR foram significativamente inferiores. A laje L3 com resisténcia
a compressao do concreto similar, e altura Gtil de apenas 14 %
inferior, mas com uma taxa de armadura 50% menor que a da laje
L1, rompeu por flexdo com um carregamento 68 % menor do que
a laje de referéncia, L1.

Com relagédo as lajes L2R e L4R, comparadas com a laje de re-
feréncia L1, pode-se notar, por um lado, uma redugdo na taxa
geométrica de armadura (de 0,14 % na L1 para 0,09 % e 0,10
% nas lajes L2R e L4R, respectivamente), e por outro lado, um
incremento da resisténcia do concreto (de 20,8 MPa na L1 para
51,9 MPa e 56,4 MPa nas lajes L2R e L4R, respectivamente) e
principalmente um aumento na altura util (de 7,2 cm na L1 para
10,2 cm e 10,0 cm na L2R e L4R, respectivamente). O aumento
da altura util neste caso foi preponderante no ganho de 32 % e 30
% das cargas de ruptura das lajes L2R e L4R, respectivamente,
em relagao a laje L1.

A laje L3aR, com altura util 48 % maior, com uma resisténcia a
compressao do concreto na camada de reforgo de 2,8 vezes su-
perior e uma reduzida taxa geométrica de armadura em relagéo a
laje L1, rompeu com apenas 35 % da carga de ruptura da laje L1,
mesmo com a aplicagdo da camada de concreto do reforgo. Este
resultado mostra que o incremento da altura util e o aumento da
resisténcia a compressao do concreto na camada de reforgo sem
a devida existéncia de uma taxa minima de armadura de flexdo
acarretam em um reforgo inécuo.

Sumario e comparacdes das principais caracteristicas e cargas de ruptura das lajes L1, L3 e das lajes

reforcadas L2R, L3aR e L4R

Laje (c(rjn) p (%) (Mfﬁq) dLi l dLl pLi lpL1 chi / ch1 qrupiuro qrup.Li /qrup.H
L1 7.1 0,14 20,8 1,0 1,0 1,0 9,25 1,0
L3 6.0 0,07 20,4 086 0.5 0,98 3,00 0,32
L2R 10,2* 0,09 51,9 1,43 0,64 2,49 12,25 1,32
L3aR 10,5* 0,04 58,2 1,48 0,28 2,80 3.25 035
LAR 10,0 0,10 56,4 1,41 071 2,71 12,00 1,30

ma;

*d, ., Na regido central reforcada.
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Figura 7

Esquema de fissuracdo da laje L1 e fotografia ilustrando a fissuracdo da laje L2R apds ruptura

Uma comparagao entre as lajes reforgcadas L2R e L4R cor-
robora a importancia da altura util (d) como parametro mais
importante na determinagédo da carga ultima das lajes refor-
cadas, para lajes com taxas de armadura similares (0,09% e
0,10% respectivamente). Apesar da laje L4, base da L4R, ter
sido confeccionada com concreto de baixa resisténcia (f,
12,4 MPa), cerca de 60 % menor que o da laje L2 (20,7 MPa),
o comportamento na ruptura foi bastante semelhante, carga
ultima de 12,25 kN/m? para a laje L2R e de 12,0 kN/m? para a
laje L4R denotando a pouca ou nenhuma influéncia do concre-
to da zona tracionada na capacidade de carga de ruptura da
laje reforgcada. Ressalte-se que as lajes L2 e L4 apresentaram
comportamentos distintos durante o ensaio inicial até a carga
de parada.

As primeiras fissuras observadas visualmente nas lajes L1 e L2
ocorreram com cargas de 2,50 kN/m? e 2,25 kN/m?, respectiva-
mente. Nas lajes L3, L3a, com baixa taxa de armadura, e L4, com
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5 8.0 | /
x : 2R
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Deflexdo central (mm)
Figura 8

Grdéfico carga x deslocamento vertical central de
todas as lajes

pequena resisténcia a compressao do concreto, as primeiras fis-
suras foram observadas com cargas de 1,25 kN/m? (L3) e 1,0 kN/
m? (L3a e L4). As primeiras fissuras apareceram na regido central
em diregcao aos cantos. Em estagios avangados de carregamento
ficam nitidamente definidas quatro areas com as linhas de ruptura
passando pelo centro em direcao aos cantos. A Figura 7 mostra
um esquema de fissuragao da laje L1 e uma fotografia com a fis-
suragao da face inferior da laje L2R.

A Figura 8 mostra um grafico de carga x deslocamento central
de todas as lajes. Em todas as lajes houve um aumento dos
deslocamentos em fungdo do acréscimo do carregamento. A
laje L1, com altura efetiva igual a 7,1 cm, apresentou o maior
deslocamento central entre todas as lajes, atingindo 12,5 cm
para um carregamento de ruptura de 9,25 kN/m2. Com excecéo
da laje L3, os valores dos deslocamentos centrais das demais
lajes ndo refor¢cadas variaram de 6,5 cm (L3a,d =6,0cm)a 7,5
cm (L2, d =6,3 cm), com cargas de parada de 2,25 kN/m? e 6,50
kN/m?, respectivamente. A laje L3, que rompeu com 3,0 kN/m?
apresentou um deslocamento central medido de 6,4 cm para
uma carga de 2,75 kN/m2. As lajes reforgadas L2R (d = 10,3
cm) e L4R (d = 10,0 cm) tiveram, na ruptura, deslocamentos
verticais de 11,0 cm e 9,5 cm, respectivamente, enquanto a laje
L3aR (d = 10,5 cm) rompeu com um deslocamento de 6,9 cm.
Pode-se observar que aquelas confeccionadas com deficiéncia
de armadura, L3 e L3a, e a laje reforgada, L3aR, apresentam os
maiores deslocamentos com as menores cargas. Um segundo
grupo com as lajes L1 e L2, sem deficiéncias de armadura e
do concreto, e a L4, com deficiéncia do concreto, apresentam,
para os mesmos carregamentos, deslocamentos em uma mes-
ma ordem de grandeza e com valores intermediarios quando
comparados com as demais lajes. No terceiro grupo, as lajes
reforgadas L2R e L4R, com comportamentos similares entre si,
apresentam os menores deslocamentos para cargas maiores
de 2,0 kN/m2. Estes menores deslocamentos, ocorrem devi-
do ao aumento da altura util com a aplicagdo do concreto da
camada de reforgo. A laje L3aR, também com camada de re-
forgo similar, ndo apresentou o mesmo perfil de deslocamento,
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Tabela 8
Sumdrio dos deslocamentos verticais centrais de todas as lajes
Laje | P d f. q Desloc. q Desloc. | .4 |Desloc. | A . |Desloc. | d, ..
(%) | (mm) | (MPa) | (kN/m2) | (mm) | (kN/m?) | (mm) | (kN/m2) | (mm) | (kN/m2) | (mm) | kN/m?
Lt (014 7.1 20,8 1,50 3.2 3,00 39.4 - - 9.00 124,7 9.25
L2 |015] 6.2 20,7 1,50 4,0 3.00 31.3 6,50 62,3 - - -
L2R | 0,09 | 10,2 51,9 1,50 6.1 3,00 16,0 - - 12,00 109.6 | 12,25
L3 | 0,07 | 60 204 1,50 26,1 3.00 - - - 2,75 64,0 3.00
L3a | 0,08 | 6,5 19,8 1,50 46,1 3,00 - 2,25 65,2 - - -
L3aR | 0,04 | 10,5 58,2 1,50 27,0 3.00 62,0 - - 3.25 65,2 3.25
L4 |016| 6,0 12,4 1,50 13.7 3.00 46,6 4,75 69,8 - - -
L4R | 0,10 | 10,0 56,4 1,50 7,2 3.00 19.6 - - 11,00 95,4 12,00
p (%) = taxa de armadura de flexdo; g (kN/m2) = carga distribuida aplicada; g, ., (KN/m?2) = carga distribuida aplicada correspondente & ditima
leitura; Desloc. = deslocamento vertical.

provavelmente devido ao fato de ter sido confeccionada com
deficiéncia da armadura de flexao.

A Tabela 8 apresenta um sumario dos resultados dos desloca-
mentos centrais de todas as lajes para carregamentos de 1,5 kN/
m?, 3,0 kN/m?, carga de parada (variavel para cada laje) e carga
da ultima leitura antes da ruptura. As lajes L1 e L2, com taxas
de armaduras de acordo com a norma, atendem aos requisitos
da NBR 6118/2014 [4] quanto aos deslocamentos verticais maxi-
mos admissiveis. As lajes, L3 e L3a, com deficiéncia de armadura,
a laje L4, com deficiéncia na resisténcia do concreto, alcangam,
para carregamentos de 1,5 kN/m? (de projeto), deslocamentos su-
periores ao limite de norma (I/500 = 8,0 mm). As lajes reforgcadas
L2R, L3aR e L4R apresentaram deslocamentos, respectivamente
de 40%, 32% e 53% inferiores, para o mesmo carregamento de
parada das respectivas lajes nao reforgadas, indicando a eficién-
cia do reforgo quanto ao deslocamento vertical central.

Ao se considerar apenas as lajes L1, L3 e L3a, com valores si-
milares da resisténcia do concreto e da altura util, pode-se per-
ceber que a laje L1 com uma taxa de armadura igual a 0,14%,
apresentou um deslocamento, para o carregamento de 1,5 kN/m?,
de apenas 3,2 mm, menos da metade do valor limite imposto por
norma (NBR 6118/2014 [4]), enquanto as lajes L3 e L3a, com 50%
de armadura da laje L1, apresentaram deslocamentos verticais de
8 a 14 vezes maiores.

a0

Carga (kNm)
Carga (kN/'m)

A laje L3aR, com a camada do concreto de reforgo conduzindo por
um lado a uma nova altura util maior (d = 10,5 cm) e uma resistén-
cia do concreto na regiao comprimida bastante superior (f, = 58,2
MPa), e por outro lado com uma taxa geométrica inferior, apresen-
tou valores de deslocamentos na mesma ordem de grandeza das
lajes L3 e L3a, denotando a importancia de uma taxa de armadura
minima no controle do deslocamento vertical, independentemente
do reforgo.

Uma comparagédo entre os deslocamentos centrais das lajes
L1 (f, = 20,8 MPa) e L4 (f, = 12,4 MPa) evidencia a influéncia
da resisténcia a compressado do concreto no comportamento
dos deslocamentos verticais centrais. Uma redugdo de 60%
da resisténcia a compressdo do concreto acarretou desloca-
mentos 4,3 vezes maiores para um carregamento de 1,5kN/m?
e de apenas 18% maior para a carga de 3 kN/m?, indicando,
provavelmente um aparecimento precoce de fissuras na laje de
menor resisténcia.

A laje L4R apesar de apresentar um deslocamento vertical maior
do que a da laje L1 e menor do que a da laje L4, para um carrega-
mento de 1,5 kN/m?, apresenta deslocamentos consideravelmente
menores do que as destas lajes para maiores carregamentos, de-
monstrando que o aumento da altura util provocado pela camada
de reforgo supera, em estagios avangados de carga, a perda devi-
da a influéncia da resisténcia a compressao do concreto.
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Fotografia dos testemunhos rompidos

As lajes reforgadas aumentaram o limite de carregamento em re-
lagéo ao carregamento final, mas este fato ndo alterou o desloca-
mento vertical nos carregamentos iniciais, provavelmente devido
ao estado de fissuracdo e deformagdo do ago provocado pelo en-
saio inicial.

As medidas de deformagdes no aco obtidas através de extenso-
metros elétricos colados nas armaduras sao apresentadas para
cada laje ensaiada, exceto para as lajes reforgadas, pois no en-
saio inicial os extensdmetros foram solicitados e muitos se rom-
peram durante os carregamentos até parada do ensaio. Para as
lajes L1 e L2 utilizou-se dois extensdmetros por ponto, um na face
superior outro na inferior da barra instrumentada. As demais lajes,
L3, L3a e L4, foram instrumentadas com apenas um extensdémetro
por ponto. As Figuras 9 e 10 apresentam os gréaficos de cargas
versus deformagoes das armaduras das lajes L1, L2 e L3 e L3a
e L4, até o carregamento de ruptura (L1 e L3) ou de parada (L2,
L3a e L4). Os extensdmetros centrais apresentaram deformacgdes
equivalentes as de escoamento das barras como na laje L3.

A aderéncia entre o concreto antigo e concreto novo do reforgo foi
avaliada pelo ensaio de arrancamento, com pastilhas de ago co-
ladas em recortes circulares de 50 mm de diametro, na superficie

Tabela 9
Resultados médios dos testes de arrancamento nas lajes e nas pecas de referéncia
L2R N° de S, L3aR | N°de s, L4R N° de S,
(MPa) | ftestes (MPa) | (MPa) | testes (MPa) | (MPa) testes (MPa)
Geral 0,96 33 0.17 0.88 28 0.21 0,86 23 0.19
Conerefo anfigo/ 0,97 23 017 | 086 18 020 | 089 20 0.15
concreto novo
Concreto antigo 0,94 9 0.19 0.85 10 0.24 0.64 3 0.32
Pega de referéncia - - - 113 6 002 | 115 6 0.016
sem reforco
Peca de referéncia - - - 1,02 6 0015 | 1,07 11 0.022
com reforco
S, — the respective standard deviations.
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do reforgo. Foram realizados 87 testes de arrancamento para a
verificagdo da aderéncia do concreto de reforgo ao concreto an-
tigo, além de 29 testes em pecgas de referéncia. Os resultados
dos testes de arrancamento apresentaram-se de quatro modos
distintos quanto ao local de ruptura no testemunho recortado: a)
ruptura na interface do concreto antigo e concreto novo — CA/CN;
b) ruptura no concreto antigo da laje — CA; c) ruptura no concreto
novo do reforgo — CN e, d) ruptura na cola, entre concreto e pas-
tilha — COLA. A ruptura caracterizada como na interface concreto
antigo e concreto novo — CA/CN - raramente ocorre integralmente
no plano da interface entre os concretos. Na maioria dos casos a
ruptura envolveu, em parte, a superficie da interface entre o con-
creto antigo e o novo e, no restante, envolveu uma superficie do
concreto antigo. Em nenhum teste foi evidenciada uma superficie
de ruptura envolvendo parte da interface entre o concreto antigo e
0 novo concomitantemente com uma superficie do concreto novo.
A Figura 11 mostra fotografia dos testemunhos rompidos indican-
do os modos de ruptura.

Os resultados nas pegas de referéncia apresentam variagdes, de
5% nas pegas com reforgo e de 2% nas pecas sem reforco. En-
tretanto, os valores das tensdes de aderéncia nas lajes ensaiadas
apresentam diferencas de até quase trés vezes entre si. A Tabela

“Brocas" ou segregacodes

Nimero de ensalos

00-04

04-06 06-08 08-10 10-12

Tensé&o de arrancamento (MPa)

Figura 12
Histograma de varia¢do de resulfados dos testes
de arrancamento nas lajes L2R, L3aR e L4R

9 apresenta os valores médios das tensdes de arrancamento e
os respectivos desvios padrdo (Sd) dos testes, em geral, e por
mecanismo de ruptura para cada uma das trés lajes reforcadas,
L2R, L3aR e L4R além dos resultados nas pegas de referéncia.
No célculo da média geral ndo foram considerados os trés pontos

Pastilha colada com adesivo epoxi

+]-a Camada de concreto reforcado

Laje ensaiada —

Fissuras

— Corte com sonda rotativa

- Armadura principal

Figura 13

Esquema do recorte de um corpo de prova com fissuras e falhas de concretagem (a), fotografias de
uma parte demolida da laje LAR (b) e evidenciando aderéncia entre o concreto novo de reforgo no
concreto antigo de uma parte demolida fipica das lajes (¢)
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em que a ruptura ocorreu na cola da pastilha durante os testes na
laje L2R. Todos os testemunhos das pegas de referéncia sem a
camada de reforgo, das lajes L3aR e L4R, romperam no concre-
to antigo com valores médios similares respectivamente de 1,13
MPa e 1,15 MPa. Nas outras duas pecas de referéncia, com a ca-
mada de reforgo, as tensdes médias de aderéncia foram de 1,02
MPa e 1,07 MPa, respectivamente com ruptura predominante na
interface do concreto novo com o concreto antigo. Para a laje L2R
a variagdo da tensdo de arrancamento dos testes foi de 0,49 MPa
a 1,08 MPa e na laje L3aR os resultados foram entre 0,36 MPa e
1,07 MPa, enquanto que na laje L4R os valores variaram de 0,43
MPa a 1,03 MPa. Apesar de os resultados das lajes indicarem limi-
tes mais amplos, ocorre uma concentragao significativa de valores
na faixa de 1,0 MPa a 1,1 MPa (Figura 12).

Os valores dos testes de arrancamento realizados nas lajes refor-
cadas podem ser justificados devido a existéncia de fissuras de
flexdo, na face inferior da laje, ocasionadas durante a realizagdo
dos ensaios iniciais, até o carregamento de parada, e nos finais,
de ruptura. Essas fissuras podem ter atingido, pelo recorte do tes-
temunho, ndo somente no concreto antigo, como também, even-
tualmente, a camada do concreto de reforgo. Outro fator que pode
ter influenciado nos resultados dos testes de aderéncia € a possi-
vel existéncia de algumas pequenas “brocas” entre a camada de
concreto novo utilizado para o reforgo e o concreto antigo, existen-
te da laje. Considerando a possivel influéncia dos danos causados
nas lajes apos a aplicagéo do carregamento de ruptura (fissuras
de flexdo brocas, etc.), os resultados da tensdo de aderéncia nos
testes realizados nas lajes reforgadas, evidenciados na Figura 12,
de 1,0 MPa a 1,10 MPa, indicam uma tensao de aderéncia com-
pativel com os resultados dos testes de arrancamento feitos nas
pecas de referéncia, na ordem de 1,02 MPa a 1,15 MPa (Tabela
9). Deve-se ressaltar que os testes de aderéncia foram realizados
em lajes rompidas com cargas até oito vezes e deslocamentos
verticais de até nove vezes superiores a carga de projeto e deslo-
camento vertical limite.

As Figuras 13a e 13b apresentam um desenho esquematico do
recorte de um corpo-de-prova atingindo as fissuras de flexdo na
laje e uma fotografia de parte demolida da laje L4R enfocando
a presencga de “brocas”, respectivamente. Deve-se destacar que
estas “brocas” ndo foram observadas na maioria significativa das
partes demolidas das lajes. Durante a realizagéo destes ensaios
nao foi observado, visualmente, nenhum sinal de desplacamento
da camada do concreto novo de reforco. Na maioria significativa
das partes das lajes demolidas observou-se, visualmente, uma
perfeita aderéncia entre os dois concretos (Figura 13c).

4. Conclusées

EE

Nas lajes armadas originalmente com uma taxa minima de arma-
dura, segundo a NBR 6118/2014[4], a aplicagédo da camada de
reforgo elevou em até 30 % a carga ultima de ruptura, em relagéo
a uma laje similar sem reforgo, (lajes L2R e L4R). Nas lajes com
insuficiéncia de armadura, executadas com uma taxa de armadu-
ra no valor da metade do minimo de norma, o reforgo, apesar de
elevar a carga ultima de ruptura, ndo demonstra o mesmo grau de
eficiéncia, pois € limitada obviamente pela quantidade de armadu-
ra (laje L3a). Este limite de eficacia do reforco pela face superior

em fungdo da quantidade de armadura pode simbolizar alguns
casos de viabilidade ou nao da execugao do reforgo de lajes por
este processo. Todas as lajes ensaiadas, reforgadas ou ndo, apre-
sentaram grande ductilidade até a ruptura, com deslocamentos
maiores que a altura util, entretanto tiveram uma ruptura com o
rompimento da armadura na regiao central.

As lajes com armadura minima de norma, quando reforgadas
apresentam menores deslocamentos verticais para carrega-
mentos acima das cargas de projeto ou do aparecimento da
primeira fissura. Ja as lajes com deficiéncia de armadura, mes-
mo quando reforgadas, apresentaram sempre grandes deslo-
camentos. As lajes L1 e L2, com taxas de armaduras de acor-
do com a norma, atendem aos requisitos da NBR 6118/2014
quanto a deslocamentos limites. As lajes, L3 e L3a, com defi-
ciéncia de armadura e a laje L4, com deficiéncia na resisténcia
do concreto, atingem, para cargas de 1,5 kN/m? (de projeto),
deslocamentos verticais superiores ao limite de norma de 1/500
(8,0 mm). As lajes reforgadas L2R, L3aR e L4R apresentaram
deslocamentos verticais no minimo de 30% inferiores, para o
mesmo carregamento de parada das respectivas lajes néo re-
forgadas, denotando a eficiéncia do reforgo quanto ao desloca-
mento vertical central.

As varias medidas de tensao de aderéncia entre a camada de
concreto do reforgo e o concreto base da laje, indicam uma tensao
da ordem de 1,0 MPa. N&o foi possivel o estabelecimento de uma
aderéncia minima. Todo cuidado dispensado a uma boa aderén-
cia € no intuito de se criar um reforgo monolitico com o concreto
antigo da laje base. Em todos os ensaios de lajes reforcadas nao
se percebeu descolamento generalizado de areas da camada de
reforgo. Até nos fragmentos da demolicdo das lajes ensaiadas
notava-se a perfeita aderéncia entre os dois concretos.
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Abstract
[

The main goal of this research is to determine the mechanical properties of bedding mortar by assessing the mortar damage onset, the stiffness
plasticity degradation and the apparent Poisson’s ratio under compression. Two mortar types, 1:0.5:4 and 1:1:6 (cement:lime:sand ratio), were used
and tested at 28 days; specimens had diameter-to-height (d/h) ratios of 0.3 and 1.0. These diameter-to-height (d/h) ratios were chosen to evaluate
the effect of confinement caused by the friction between the steel plates of the testing machine and the sample. Numerical models were developed,
and their response compared with the experimental results. From the experimental results, it was concluded that there are meaningful differences in
their responses with weak and strong mortar types and different d/h ratios. The d/h ratio influences the relationship between the stress and strength
and the apparent Poisson’s ratio of the specimen, which is defined herein as the ratio of the horizontal to vertical strain, regardless of cracking of the
specimen. The mortar damage onset and stiffness plasticity degradation for both mortar types and d/h ratio are different and depend on the stress/
strength ratio level. All samples with a d/h ratio of 0.3 show a constant decrease in the volumetric strain until failure but with negligible expansion
on the horizontal deformation. In contrast, samples with a d/h ratio of 1.0 present an increase of stiffness after development of the first crack, which
causes the increase of the sample volume. Numerical simulation and experimental results for mortar 1:0.5:4 with a d/h ratio of 0.3 are similar until
approximately 10 MPa, after which the numerical results diverge from the experimental results. For the d/h ratio of 1.0, the vertical strain results are
also similar, but the horizontal strains results near failure are very different. The model can not represent the nonlinear increase of the horizontal strain
near failure probably because the crack propagation and the stiffness plasticity degradation could not be controlled. For mortar 1:1:6, vertical strains
from numerical and experimental results are similar, but again the model can not reproduce the nonlinear increase of horizontal strain near failure.

Keywords: bedding mortar, damage onset, vertical strain, horizontal strain, strain difference, confinement effect.

Resumo
HE

O objetivo principal desta pesquisa é determinar as propriedades mecanicas da argamassa de assentamento a compresséo, avaliando o inicio do dano,
perda de rigidez e variagdo do coeficiente de Poisson aparente. Foram testados dois tipos de argamassa, com tragos em volume de 1:0,5:4 e 1:1:6 (ci-
mento, cal e areia), testadas aos 28 dias, com corpos de prova de prova cilindricos com duas relagdes didametro/altura (d/h), de 0,3 e 1,0. Estas relagdes
didmetro/altura foram escolhidas de forma a avaliar o efeito do confinamento causado pelo atrito entre os pratos de aplicagéo de carga da prensa e o corpo
de prova. Foram desenvolvidos, também, modelos numéricos de maneira a confrontar os resultados com os experimentais. Dos resultados experimentais
conclui-se que ha diferengas significativas de comportamento mecanico entre os dois tipos de argamassa e as duas relagdes diametro/altura. Arelagéo d/h
influenciou a relagéo tensao-deformagao e o coeficiente de Poisson aparente do material, definido aqui como a relagéo entre as deformacdes especificas
lateral e axial, independentemente da formagéo das fissuras. O inicio da fissuragao e a perda de rigidez para os dois tipos de argamassa e relagdes d/h
sao diferentes e dependem do nivel de tensao aplicado. Todas as amostras com relagéo d/h igual a 0,3 apresentaram decréscimo de volume especifico
constante até a ruptura, mas com uma pequena expanséao das deformacdes laterais. Por outro lado, as amostras com relagédo d/h igual a 1,0 apresentaram
um crescimento da rigidez apds o aparecimento da primeira fissura, resultando em aumento do volume especifico. O comportamento tensdo-deformagao
obtido nas andlises numéricas e experimentais das amostras de argamassa 1:0,5:4 com relagéo d/h igual a 0,3 foram similares até, aproximadamente, 10
MPa, depois disso, houve divergéncia entre os resultados dos dois conjuntos. Para a relagao d/h igual a 1,0, as deformagdes especificas verticais foram si-
milares, mas as deformagoes especificas laterais foram muito diferentes préximo a ruptura. O modelo numérico ndo foi capaz de representar o crescimento
nao linear das deformagoes especificas laterais proximo a ruptura porque a propagagao de fissuras e a perda de rigidez ndo puderam ser controladas. Para
a argamassa 1:1:6, as deformagdes especificas verticais dos modelos numéricos e experimentais foram semelhantes, mas mais uma vez néo foi possivel
repetir o crescimento ndo linear das deformagdes especificas laterais préximo a ruptura.

Palavras-chave: argamassa de assentamento, ruptura, deformacao especifica vertical, deformagéo especifica horizontal, incremento de defor-
magcdes especificas, confinamento.
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Stiffness plasticity degradation of masonry mortar under compression: preliminar results

1. Introduction
EE
Several theoretical and experimental studies have been conducted
to describe the behaviour of concrete under a complex state of
stresses and most of these studies depicted the nonlinearity of
concrete through plasticity models, damage models or a combi-
nation thereof [1-6]. In contrast, structural masonry is considered
anisotropic and has not received the same attention as its concrete
counterpart. Only a few studies have been conducted on the fail-
ure mechanism of masonry under a complex state of stresses and
these studies have focused on the testing of the components [7-
26]. For concrete block masonry mortar is usually the soft compo-
nent due to its high water-cement ratio and may actually control the
deformation of the masonry [27-28]. Therefore, the primary goal of
this research is to evaluate the mechanical properties of bedding
mortar by assessing its damage onset, stiffness plasticity degrada-
tion and apparent Poisson’s ratio under compression for different
diameter/height (d/h) ratios, focusing on the material strain behav-
iour under loading until failure. The results of the pilot testing pre-
sented herein are preliminary and require further validation.
2. Mortar strength versus masonry

failure mechanisms
EE
Masonry is a composite material built with units and mortar that
almost certainly have different strengths, and the interaction be-
tween the individual materials produces a complex stress state un-
der loading. The mortar in concrete block masonry appears to ex-
perience changes in its mechanical properties under loading. Two
factors may be responsible for the observed effects: the confine-
ment produced by the small thickness of the mortar between the
blocks and the required high porosity level to produce proper mor-
tar workability. An example of changes in mortar mechanical prop-
erties is presented in Figure 1, which shows the vertical stress and
strain for three unit high prisms under compression, constructed

with the same block type but with mortars with different strengths.
One prism was assembled with a high strength mortar of 19.8 MPa
(type 1), another prism was assembled with a medium strength
mortar of 7.2 MPa (type Il) and a third prism was assembled with
a low strength mortar of 4.4 MPa (type lll). Hollow concrete blocks
were used with dimensions 39 cm x 14 cm x 19 cm (length x thick-
ness x height), having a net area compressive strength of 23.1
MPa [21-23]. The response of the prism with mortar type | was
almost linear, with a slight release of strain when the prism devel-
oped a sudden crack at a stress/strength ratio of approximately
60%. The response is almost linear both before and after the oc-
currence of the crack. The crack propagated through the block, but
visual inspection detected no crushing or crumbling of the mortar.
The prism finally split into two halves due to propagation of the
crack in the vertical direction. Differently, the prisms with mortar
types Il and Il experienced a gradual non-linear increase in verti-
cal strains with an increase in stress. Although the prism with mor-
tar type Il also experienced a sudden crack at a stress/strength
ratio of approximately 60%, the observed non-linear behaviour fol-
lowing initial loading is an indication of the change in stress state
of the mortar, the propagation of micro cracks inside the mortar or
a combination thereof. The failure of the prisms with mortar types I
and Il was due to localised crushing and crumbling of mortar joint,
as shown in Figure 2. After mortar crumbling, localised spalling of
the mortar and sometimes even of the blocks were observed, and
vertical cracks began to propagate towards the top and bottom
surfaces of the prism.

The results shown in Figure 1 indicate that the mortar, in some cas-
es, governs the failure characteristic of the prisms and that such
failure depends on the f/f  ratio. For example, for a prism

constructed with mortar almost as strong as the block (£ /.
ratio of approximately 0.85), and compressed axially, the mortar
expands laterally due to their different Poisson’s ratios. As a result,
the mortar induces tensile stresses in the block. Because the mor-

tar is strong, it's compressive and shear strengths are greater than

18
fo et = 23,1 MPa
16 fn=7,2 MPa
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Figure 1
Masonry stress-strain for three mortar types
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Figure 2
Failure mechanism of prism with weak mortar

the tensile strength of the block; thus, the block cracks vertically
and the prism fails. For prisms constructed with medium and weak
mortars (f ./, .= 0.31 and 0.19, respectively) and subjected to
axially compressive loading, the mortar will expand laterally, simi-
lar to the case of prisms with strong mortar. Because the mortar,
however, is significantly weaker than the block, any increase in
load causes crushing of the mortar. The mortar essentially cracks
internally and starts to crumble and spall. As the load continues
to increase, the mortar continues to expand laterally and vertical
cracks develop in the mortar. With further increase in load, more
lateral expansion occurs and the cracks in the mortar propagate
vertically through the blocks causing failure of the prism. Such a
failure evolution is depicted in Figure 3.

Sarhat and Sherwood [24] compiled the results of several experimen-
tal investigations in an attempt to develop a model to predict the com-
pressive strength of ungrouted hollow concrete block masonry. With
respect to the mortar effect on the masonry compressive strength, a
considerable scatter in data was determined, as shown in Figure 4.
For example, for a mortar strength of 5 MPa, the masonry strength
ranges from 7.5 MPa to approximately 25 MPa. Although tests results
indicate that mortar strength has no appreciable effect on the strength
of hollow prisms [14], such a scatter may indicate that it is not reliable
to evaluate only the ultimate load obtained from compression tests
without determining the masonry failure mode for the same compres-
sive strength of concrete block; i.e., either the block is failing in tension
(due to the relative low block tensile strength) or the mortar is failing by
crushing (due to the relative low mortar compressive strength). If the
mortar crushes before the block tensile strength is reached, the ulti-
mate measured load is an inflated value, portraying the block strength
rather than the masonry strength.

Researchers believe that much of the observed scatter in Figure
4 occurs because the masonry strength, defined as the maximum
applied load on tested prisms, does not capture the changes on
the mechanical properties and consequently the failure of the mor-
tar confined between the blocks [25-26]. As currently defined, the
strength of masonry is governed by the strength of the blocks; i.e.,
the effects of mortar are underestimated, which explains why many
authors have stated that the mortar does not significantly affect the
strength of masonry [9, 14, 19, 24].

Figure 3
Weak mortar failure model evolution under loading

3. Previous studies on the deformation
of a brittle material

EE

Shah and Chandra [29] investigated the phases, in tests to fail-
ure, of different materials that constitute concrete to evaluate
the causes of volume expansion and to determine the influence
of the material properties on the values of the critical stress,
which is an external indicator of internal change. The critical
stress indicates the stress level that the volume of the specimen
starts to increase rather than to continue to decrease; i.e., there
is a change in Poisson’s ratio. The hardened cement paste or
mortar specimens were 5 cm x 5 cm x 15 cm, the concrete
specimens were 10 cm x 10 cm x 30 cm, and the stone speci-
mens were 2.5 cm x 2.5 cm x 7.5 cm. From that study, the au-
thors observed the following: the volume of the aggregate con-
tinued to decrease with applied load, except near failure, when
a small expansion occurred. There was a slight and continuous
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Masonry versus mortar strength adapted from
Sarhat and Sherwood [24]
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Figure 5
Uniaxial test with short brushes [31]

increase in the values of Poisson’s ratio for the aggregate with
the applied load; the volume of the cement paste decreased with
applied load, while the rate of consolidation increased. Pois-
son’s ratio of the cement paste was not uniform and, in general,
it did not continuously increase with increasing load; the cement
paste stress-strain curves in compression were nonlinear, and
the nonlinearity increased with an increase in the water amount.
For the concrete specimens experiencing stresses above the
critical stress, the volume of the specimens increased rather
than decreased. With the increase of the amount of aggregates
in the concrete specimens, the relative magnitude of the critical
stress was lower and the subsequent expansion was more pro-
nounced. Poisson’s ratio of the concrete specimens increased
above a certain stress level. The main observations for the ce-
ment paste (or mortar) and the concrete from the study were
that at a certain stress level, Poisson’s ratio started to increase
continuously and significantly; the volume of the samples de-
creased until a critical stress level was reached, followed by
the volume increasing until failure. The inelastic behaviour of
the specimens was due to the heterogeneous nature of the ma-
terials. In addition, the cement paste continued to consolidate
up to failure, whereas the aggregates experienced only a slight
volume expansion at a stress near failure.
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Concrete stress deformation relations [31]
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Stockl, Bierwirth and Kupfer [30] evaluated the effect of brick
suction and the restraining caused by the loading plates on the
mortar behaviour. The first method consisted of testing samples,
30 mm in diameter and 12 mm in height, with steel brushes with-
out lateral restraint; the samples used were removed from a bed
joint to simulate actual mortar conditions. The second method
was according to DIN 18555-3, which allows the two halves of
a4 cm x 4 cm x 16 cm mortar prisms, previously tested for
flexure, to be used as specimens for compression testing. The
4 cm x 4 cm % 16 cm mortar prisms were cast in steel moulds.
The tests on samples removed from a bed joint and using steel
brushes yielded a uniaxial mortar strength of 6.17 MPa while the
tests on the halves of the mortar prisms using rigid steel plates
yielded only 46% of that value. Stéckl, Bierwirth and Kupfer [30]
concluded that the test method affected the stress and strain
response and resulted in different maximum loads and initial
range of the deformation curve. The increase in lateral restraint
led to an increase in the vertical deformation of the specimens.
The strains at the maximum load were approximately 8, 60 and
75 mm/m for the tests conducted with 80 mm brush, 40 mm
brush and rigid steel plates, respectively.

Vonk [31] tested several concrete samples using different setups to
determine the influence of the different contact conditions between
the samples and the load platens. LVDTs and strain gauges were
used to monitor the deformation of the samples, with the LVDTs
measuring the overall deformation and the strain gauges provid-
ing more detailed information of the deformation of the material.
On the left side of Figure 5, the stress-strain curves calculated us-
ing both methods of measurement are shown. After the peak load,
there was a decrease on the strain, indicating strain relaxation
probably due to internal crack growth. The volumetric strain ratio,
calculated using the results from strain measurement in both direc-
tions, is presented at the right hand side of Figure 5.

Vonk [31] also tested concrete cubes using dry platens, short
brushes, long brushes, and Teflon sheets to apply the load. Fig-
ure 6 shows the deformation curves for the four conditions. Al-
though no significant difference was observed in the initial portion
of curves, the use of dry platens, which restricted the horizontal
movement of the samples, increased the ultimate strength of the
sample. The effect of the restraint on the lateral deformations in the
different setups can be seen in the results presented in Figure 7,
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with the Teflon sheets restricting the lateral deformation the least,
i.e., the sample experienced the largest lateral deformation when
loaded using Teflon sheets.

4. Research significance

EE

The study presented in this article investigated the horizontal and
vertical deformations of masonry mortar under compression to as-
sess the damage onset, stiffness plasticity degradation and ap-
parent Poisson’s ratio. The method and the test setup influence
the measurements of both the strength and the mortar strains.
Samples of various diameter/height ratios have not yet been used
to determine the effect of confining stress on the compressive
strength and deformation of the mortar. The authors hypothesise
that as the diameter/height ratio increases, the horizontal restraints
also increase, causing a modification in the strength and the de-
formation. This study presents the results of a testing program in
which the diameter/height ratio of mortar samples was varied. The
focus was to determine the effect of the various ratios on the me-
chanical properties of bedding mortar using horizontal and vertical
strain measurements.

5. Experimental test results

EE

Several tests were conducted to evaluate the deformation char-
acteristics of different mortar types for masonry construction. The
experimental test results are presented and reported in terms of
vertical and horizontal strains, apparent Poisson’s ratio until fail-
ure, volumetric strains and failure mode.

5.1 Preliminary tests

A test setup and procedure was developed to evaluate the de-
formation of mortar under compression. The mortar thickness
was chosen to simulate the same conditions of mortar in actual
masonry joints. For the preliminary tests, four mortar samples
were made between steel plates and then glued to plates to
simulate the confinement that exists in actual masonry construc-
tions. Figure 8 (a) shows a sample just prior to testing. These
tests utilised an industrialised bedding mortar for masonry,
proper for masonry construction and classified as an M5 mor-
tar, according to EN 998-2 [32]; the manufacturer declared the
compressive strength of the mortar cube (4 cm x 4 cm x 4 cm)
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Figure 7

Axial versus lateral deformations [31]

to be at least 10 MPa. To measure displacements, two LVDTs in
each direction and an electronic speckle pattern interferometry
(ESPI) device were used. More details about the ESPI device
system can be found in Vermeltfoort [33]. Figure 8 (b) shows
the ESPI device used. The research questions were as follows:
(a) “How to determine the apparent Poisson’s ratio variation at
different stress/strength levels?” and (b) “How to measure the
volume change required to detect the pore collapse of weak
mortar?” During the tests, the researchers observed that the
test setup caused some difficulties. Due to the small sample
thickness, the differences in grain size of the sand probably
caused the sample to be stiffer at one side compared to the
other. Figure 8 (c) shows a large grain of sand (circled) at one of
the sides of a sample. The stiffness unbalance caused rotation
of the loading plates, as confirmed by the observed rotation of
the LVDTs. Because of the rotation, the real ultimate load (the
load just prior to the rotation) could not be determined. Mortar
crushing was also observed; however, due to the small height of
the specimens, the loading plates started to bear directly onto
the larger grains of sand causing the measured load to remain
constant. Thus, the measured load did not represent the mor-
tar strength alone, but it also included the strength of the sand
structure. The ESPI device did not provide good displacement
measurements for this type of sample in real time.

Figure 8
Preliminary tests on mortar samples
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Stress-strain response for a typical small thickness mortar specimen

Figure 9 presents the stress versus vertical and horizontal strains
for a typical small thickness mortar sample. During loading, re-
searchers observed that some grains of sand became loose and fell
off from the samples. Also, no loss of stiffness in vertical direction
was observed until 20 MPa. In contrast, the stiffness in horizontal
direction decreased between 0 to 10 MPa, as depicted at the right
hand side of Figure 9, remained approximately constant between
10 to 20 MPa, and then decreased from 20 and 30 MPa. After 30
MPa, an increase in the stiffness was observed from the change
in slope of the stress versus horizontal strain curve. The stiffness
increase probably occurred because the load was transferred to
the sand grains after the disintegration of the mortar paste.

Another attempt to evaluate the mortar deformation was performed
using prismatic and rectangular samples with different length/height
(I/h) ratios. Two sample sizes were studied: 4 cm x 4 cm x 8 cm
and 4 cm x 4 cm x 4 cm, which resulted in I/h ratios of 0.5 and 1.0,
respectively. In addition, strain gauges were used instead of LVDTs
because, in the previous tests, the latter gave erroneous measure-
ments due to the rotation of the specimens as aforementioned. Four
strain gauges were glued at opposite sides of the samples, wherein
two gauges were used to obtain the vertical strain and two gauges
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Figure 10

-0.5

were used to obtain the horizontal strain. The tests were conducted
in a 250-kN servo-controlled machine using displacement control
with a constant velocity of 0.001 mm/sec. Two samples were tested
for each I/h ratio. For the samples with I/h of 0.5, the compressive
strength results were 8.6 and 8.8 MPa (average = 8.7 MPa). The
compressive strength results for samples with I/h of 1.0 were 10.3
and 10.0 MPa (average = 10.1 MPa). Figure 10 presents the stress
vs. vertical and horizontal strains for all samples. The solid lines cor-
respond to the samples with I/h ratio of 0.5, and the dotted lines to
the samples with I/h ratio of 1.0.

For each experimental test group, the stress-strain results are
almost the same until the first crack develops in the samples.
Thereby, the difference in ultimate load for each sample depends
on the crack initiation and propagation inside the material, which
is completely unpredictable for brittle material such as mortar. For
the samples with an I/h ratio of 0.5, the horizontal strains were
linear until approximately 6.0 MPa, while for the samples with
an I/h ratio of 1.0, the linear limit was approximately 5.0 MPa.
However, the vertical strains for both I/h ratios were linear until
approximately 3.0 MPa.

Poisson’s ratio is an elastic material property measured only in

Mortar ii - I/h = 0.5

Mortar i - I/h = 1.0

0.5 1.5 25
Horizontal strain (mm/m)

Vertical and horizontal deformations of prismatic samples
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Apparent Poisson”s ratio vs. stress/strength level for the tested mortar

the linear range. However, to represent the volume change over
the entire loading range (linear and nonlinear), the term “appar-
ent Poisson’s ratio” is herein used to describe the horizontal-to-
vertical strain ratio for the mortar. This dimensionless parameter
allows for comparison of the samples with different I/h ratios
and calculation of the change in volume of the samples for the
entire loading range. Failure was assumed to occur when the
apparent Poisson’s ratio reached a value of 0.5, which is the
theoretical limit predicted by the theory of elasticity for an axially
compressed body, values greater than 0.5 would represent an
increase of volume in this situation. Figure 11 shows the ap-
parent Poisson’s ratio versus the stress/strength ratio for each
sample. Obvious changes in the apparent Poisson’s ratio are

observed with increases in the stress/strength ratio and with in-
creases in the I/h ratio.

Figure 12 presents the horizontal and vertical strains for the I/h
ratio of 0.5 for both samples and the mean value of the results.
The dashed line represents the constant volume limit, which is de-
termined when the ratio between vertical and horizontal strains is
constant and equal to 0.5. The samples behave almost the same
up to a vertical strain of 0.7 mm/m, the limit of linear behaviour as
showed in Figure 10, after which the behaviour is distinct probably
due to crack initiation and propagation inside the samples.

Figure 13 presents the horizontal and vertical strain measure-
ments for samples with I/h ratio of 1.0. Unlike the behaviour of the
samples with I/h ratio of 0.5, the behaviour of the samples with
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Figure 12
Horizontal versus vertical strains for I/h = 0.5
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Figure 13
Horizontal and vertical strain for I/h = 1.0

Figure 14
Formation of conical cracks for1/h =1.0
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Volumetric strain for I/h values of 0.5 and 1.0

I/h ratio of 1.0 is almost the same for the entire load range. Figure
14 shows the conical cracks that developed in the samples with I/h
ratio of 1.0, which relieved the strain at the surface of the samples
and caused the samples to fail. Cracks were not observed until a
vertical strain level of approximately 2.0 mm/m.

Shah and Chandra [29] presented a formula to determine the volu-
metric strain modification using the vertical (¢ ) and horizontal (g,)
strain differences, as shown in Equation 1.

AVV =g, +2.¢ (] )
Where AV is the change in volume, and V is the original volume.
Figure 15 shows the volumetric strains for all samples tested in this
phase of the research, as computed according to Equation 1. For both
I/h ratios, the volumetric strain changes near failure, as shown by the
dotted line in Figure 15. At the beginning of the test, there is a continu-
ing decrease in the volume strain (AV/V) for both I/h ratios. Near fail-
ure, however, the samples experienced expansion, due to cracking.
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Force/time protocol for mortar test
5.2 Tests on cylindrical samples 35
The presented studies aforementioned showed that the square 3.0 éﬁ T
specimens were not appropriate for strain measurement due to 25 1 |
the conical crack formation and, consequently, detachment of = Cracks
the corners of the specimens. Thus, cylindrical specimens were % 2.0 4 /
adopted during this final phase of the testing campaign. The ‘é’ -
first attempt was made by testing cylindrical specimens with a 8 1.5 1
height as close as possible to a typical mortar joint thickness. @ 10 |
The height of the mortar cylinder was twenty times the size of
the sand particles to avoid possible instantaneous crack forma- 0.5 T
tion and crack propagation during the test. The d/h ratio of these 0.0 ‘
cy]mder sz?mples was 1.75. The mortar mix proporthns used in 15 13 -1.0 -08 -05 -03 00 03 05
this experimental phase followed the recommendations of BS Vertical strain (mm/m) Horizontal strain (mm/m)
5628-1 [34], with the volume of cement, lime and sand of 1:0.5:4
(mortar ii or stronger mortar) and 1:1:6 (mortar iii or weaker  Figure 17

mortar). Four strain gauges were glued diametrically on each
specimen to measure the vertical and horizontal strains; two of
the strain gauges were used for each direction. The tests were
conducted in a 250-kN servo-controlled testing machine, follow-
ing two loading protocols. The first loading protocol was force
controlled and was used to determine the mechanical behaviour
of the mortar until a stress/strength level of 0.3, as shown in
Figure 16. The protocol consisted of five cycles of loading and
unloading to a stress/strength level of 0.3 at a velocity of 0.2
kN/s to “homogenise” the material deformation of the sample.
For the last step, the load velocity was decreased to 0.10 kN/s,
and upon the load reaching 30% of the estimate ultimate load,
the applied load was maintained constant during 90 seconds.
The load was then removed. The second loading protocol was
displacement controlled at a velocity of 0.001 mm/sec during
the entire loading range.

Although the testing of these small-thickness cylindrical sam-
ples was easy to conduct, reliable strain measurements were
difficult to obtain. Typically, when the load reached 30% of the
estimated ultimate load, a sudden crack developed in most of

Stress-strain response for samples with a d/h
ratio of 1.75

the samples, as shown in Figure 17. Furthermore, many cracks
propagated through the strain gauge, thereby causing the gauge
to become useless.

To obtain more reliable measurements during the entire loading
sequence, the sample d/h ratio was changed in this last attempt
from 1.75 to 0.3 and to 1.0. The mortar proportions, instrumen-
tation and loading protocol remained as aforementioned, and
the testing was successful. Table 1 presents the results of the
mechanical properties of the mortars. The elastic modulus and
(elastic) Poisson’s ratio were determined using the data col-
lected during the application of the first loading protocol. The
results show an increase in Poisson’s ratio for both mortar types
with the increase of the d/h ratio from 0.3 to 1.0. Most likely, the
increase in Poisson’s ratio with an increase in the d/h ratio is
due to the increase in the horizontal strain to compensate for
the volume change caused by the confining effect between the
samples and the steel loading plates. Figure 18 depicts what
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Table 1
Mechanical characterisation of the mortar samples
Mortar f, E, Poisson”s
Group type d/h Sample (MPa) (MPa) ratio
1 ii 0.3 1 14.4 20.3 0.15
| 1:0.54 i 03 2 16.8 19.8 015
- - Mean 15.6 20.1 0.15
5 iii 0.3 1 2.8 4.6 0.17
I 1:1:6 i 0.3 2 2.7 5.1 0.16
- - Mean 2.7 4.9 0.17
3 ii 1. 1 13.9 15.3 0.21
l 1:0.5:4 i 1. 2 13.1 18.7 0.23
- - Mean 13.5 17.0 0.22
I 4 iii 1 1 4.3 8.7 0.31
1:1:6 i 1 2 3.6 8.2 0.28
- - Mean 3.9 8.4 0.30

may have occurred. For the taller specimens (d/h = 0.3) and at mid-
height of the sample, where the measurements were taken, the
sample is free from the end effects and expands laterally without
bulging. For the thinner samples (d/h = 1), bulging of the specimens
and horizontal strains at mid-height of the sample are increased due
to the combination of sample thickness and end effects.

Figure 19 presents the stress-strain curves for all cylindrical sam-
ples tested in this last phase of the research; the solid lines cor-
respond to samples with d/h ratio of 0.3, and the dotted lines to
samples with d/h ratio of 1.0.

For the four groups tested, there is an insignificant difference in the
vertical strains and in the horizontal strains between specimens

e EEE T S —— -~

Free hornizontal expansion
Figure 18

within each group. As observed for the square specimens, there
was an increase in the material nonlinearity for both mortars ii and
iii with the increase in the d/h ratio from 0.3 to 1.0. For the stronger
mortar (mortar ii), the nonlinearity was more influenced by the de-
crease in the height of the sample. Sometimes, cracks propagated
instantly when the stress was near 90% of ultimate value. When
such a crack propagation occurred, strain measurements were un-
reliable because if the crack propagated nearby or under one of
the strain gauges, that gauge would measure an increase in strain
while the strain gauge on the opposite side would experience a
strain relief.

The results presented in Figure 19 show that the change in d/h
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Figure 19
Mortar stress-strain response

ratio affects the behaviour of the stress and vertical and horizontal
strain relationship. For mortar ii (stronger mortar) and d/h ratio of
1.0, the stress-strain behaviour appears to be parabolic; for d/h
ratio of 0.3, the behaviour may be better represented by a bilinear
relationship. For mortar iii (weaker mortar), the stress-strain behav-
iour is more or less parabolic for both d/h ratios.

Figure 20 shows the apparent Poisson’s ratio vs. stress/strength
ratio for all of the samples. The results indicate that for the d/h ratio
of 0.3 (groups 1 and 2), the value of the apparent Poisson’s ratio
is smaller than that for the d/h ratio of 1.0 (groups 3 and 4). For
the stronger mortar (mortar ii) and a d/h ratio of 0.3 (group 1), the
value of the apparent Poisson’s ratio is constant until failure, i.e.,
there is no significant change in horizontal strain until failure. For
the weaker mortar (mortar iii) and a d/h ratio of 0.3 (group 2), the

F @ Mortar iii - d/h=0.3
1 1
1

0.5 1.5 2.5
Horizontal strain (mm/m)

value of the apparent Poisson’s ratio is constant until approximate-
ly a stress/strength level of 0.6; the value then starts to increase
smoothly until failure. For the stronger mortar (mortar ii) and a d/h
of 1.0, there is a slight decrease in the value of the apparent Pois-
son’s ratio until a stress/strength level of approximately 0.6 and
0.8 for each sample; after these stress/strength levels, the value of
the apparent Poisson’s ratio increases significantly. For the weaker
mortar (mortar iii) and a d/h of 1.0, the results are mixed. For one
sample, there is a slight decrease in the value of the apparent
Poisson’s ratio until a stress/strength level of approximately 0.5,
after which the value increases significantly. For another sample,
there is a slight increase in the value of the apparent Poisson’s
ratio until a stress/strength level of approximately 0.6 after which
the value increases significantly.

1,20

1,00 +

0,80 +

0,60 -

0,40 -

Stress/Strength

0,20 -

0,00 1 1 1 1

1 - Mortar ii - d/h=0.3 (f,,=15,6 MPa)
2 - Mortar iii - d/h=0.3 (f,=2,7 MPa)
3 - Mortar i - d/h=1.0 (f,,=13,5 MPa)
4 - Mortar iii - d/h=1.0 (f,=3,9 MPa)
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Figure 20
Stress/strength and apparent Poisson”s ratio
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The mortar damage onset and the stiffness plasticity degradation
under vertical load were calculated for each stress increment using
the local derivative (tangent) of the measured strain-stress curve of
the vertical and horizontal strains. A deviation from a constant incre-
ment (i.e., the difference between two consecutive strain measure-
ments for a constant stress increment) in strain, in general, indicates
interior mortar damage. The stress/strength level that this deviation
begins, corresponds to the stress/strength level of the damage on-
set. In addition, the slope of the strain increment vs. stress/strength
level curve is, in general, a measure of the stiffness degradation.
Figure 21 shows the average derivative of the vertical strain-stress
curve as a function of the stress/strength level for the samples.

For the stronger mortar (mortar ii) and a d/h ratio of 0.3, the deriva-
tive for the vertical strain is approximately constant until the stress/
strength level reaches approximately 0.35, and then the derivative
increases linearly until failure. When the d/h ratio is 1.0, there is a
proportional increase of the derivative for the vertical strain until
approximately a stress/strength level of 0.50, and then the deriva-
tive increases nonlinearly until failure. The vertical strain derivative
for the weaker mortar (mortar iii) and a d/h ratio of 0.3 is constant
until a stress/strength level of approximately 0.35 and then it in-
creases nonlinearly until failure. For the d/h ratio of 1.0, there is
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Figure 22

a linear increase of the derivative for the vertical strain until ap-
proximately the stress/strength level of 0.75, and then a nonlinear
increase of the derivative until failure.

Figure 22 shows the average horizontal strain derivative as a
function of the stress/strength level for the tested samples. For
the stronger mortar (mortar ii) and a d/h ratio of 0.3, the deriva-
tive for the horizontal strain is constant until failure. For the d/h
ratio of 1.0, the derivative is constant until a stress/strength level
of approximately 0.6; from a stress/strength level of approximately
0.6 to 0.8, the derivative increases linearly, and for subsequently
higher stress/strength levels, the derivative increases rapidly and
nonlinearly until failure. The derivative for horizontal strain for the
weaker mortar (mortar iii) and a d/h ratio of 0.3 is constant until
approximately a stress/strength level of 0.6, and then it increases
nonlinearly until failure. For the d/h ratio of 1.0, the derivative is
constant until a stress/strength level of approximately 0.7, and then
it increases nonlinearly until failure.

The stress/strength levels corresponding to “vertical damage onset”
for mortars ii and iii, as shown in Figure 21, are not the same as the
stress/strength levels corresponding to the “horizontal damage on-
set” for mortars ii and iii, as shown in Figure 22. A possible explana-
tion for this perceived damage onset discrepancy is that as a mortar
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Volumetric strain for mortar ii (stronger mortar)
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Volumetric strain for mortar iii (weaker mortar)

sample is compressed, it experiences damage in the form of cracks.
Cracks are more likely to develop first at the aggregate-paste inter-
face. As load increases, these internal cracks propagate around the
aggregate with minimal or unnoticeable opening (or lateral expan-
sion). “Damage” is therefore first observed or measured by the strain
increment in the vertical direction. As the load continues to increase,
the internal cracks not only continue to propagate around the aggre-
gates but also start to grow through the paste. The process causes
the cracks to open up and lateral expansion occurs. Only then the
lateral expansion (or damage) is captured (after a “delay”) by the
change in strain increment in the horizontal direction.

Figures 23 and 24 show the volumetric strains for all samples com-
puted using Equation 1. All samples with a d/h ratio of 0.3 expe-
rienced a constant decrease in the volumetric strain until failure.
The lateral restriction at the ends of the samples with a d/h ratio of
1.0 increased the stiffness after the development of the first crack,
causing the change from a decrease to an increase in volume (i.e.
expansion in volume).

5.3 Numerical simulations

Numerical simulations using DIANA [35] were conducted with
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the objective to compare the horizontal and vertical stress-strain
curves from the numerical and experimental results. A three-di-
mensional numerical model was implemented, adopting a smeared
crack model, with a straight tension cut-off, an exponential tension
softening, the Thorenfeldt [36] model for compression, and con-
stant shear retention. The element used was the CTE30 for the 3D
numerical analysis, which is a ten-node, three-side isoparametric
solid pyramid, based on quadratic interpolation. The element and
the meshes for the two d/h ratios are shown in Figure 25.

Table 2 presents the hardening and softening parameters under
compression and tension, the energy failure under compression
and tension, the compressive and tensile strength, the elastic mod-
ulus, and Poisson’s ratio used during analyses. Failure energy un-
der tension was calculated using Equation 2, which was proposed
by the CEB-FIP Model Code [37], and the failure energy under
compression was calculated using Equation 3 [38].

0.7
G, = 0.025 <E>

(2)
()

10

G, =100G,
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Figure 26 presents the numerical and experimental results for the
two mortar types and the two d/h ratios. For mortar ii (stronger

d/h=0.3

d/h=1.0

CTE30 - 3 sides, 10 nodes

Figure 25
CTE30 isoparametric solid pyramid element

mortar) with a d/h of 0.3, the numerical and experimental results
for the vertical and horizontal strains are similar until approximately
90% of the ultimate load, after which, the results diverge. For the
d/h ratio of 1.0, the vertical strain results are also similar, but the
horizontal strain results near failure are very different. The models
could not represent the nonlinear increase on the horizontal strain
near failure probably because the crack propagation and stiffness
plasticity degradation in the experiments could not be controlled.
For mortar iii (weaker mortar), the vertical strains from the numeri-
cal simulation and experimental results are also similar, but again
the model could not reproduce the nonlinear increase of the hori-
zontal strain near failure.

Figure 27 shows the measured and the calculated relationship be-
tween the vertical and the horizontal strains for each tested mortar
group under compression. During initial loading, the numerical re-
lationships are linear according to the Poisson’s ratio value, which
represents the linear proportionality between the vertical and hori-
zontal strains until failure because cracking had not yet occurred.
For mortar ii (stronger mortar), the model captures some of the
nonlinear behaviour caused by crack initiation and propagation
even at a stress/strength level close to 1.0. For mortar iii (weaker

| Mortarii - dth=0.2

16.0 -
Yarlar i - ¢/h=0.3
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120 ' - Mortar i ¢/h=1.0
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Figure 26
Numerical and experimental stress-strain response
Table 2
Mechanical properties of the mortar
i Mortar ii Mortar iii
Properties
d/h=0.3 d/h=1.0 d/h=0.3 d/h=1.0
Elasticity modulus (GPa) 20 17 4.95 8.36
Poisson s ratio 0.15 0.21 0.17 0.29
Compressive strength (MPa) 14.4 13.1 2.8 4.0
Failure energy under compression (MPa/mm) 3.3 3.0 1.02 1.32
Tensile strength (MPa) 1.44 1.31 0.28 0.40
Failure energy under tension (MPa/mm) 0.033 0.03 0.010 0.013
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Vertical and horizontal strains of the numerical and experimental results

mortar), the onset of nonlinearity cannot be reproduced numeri-
cally. Essentially, a better model to represent the variation of the
apparent Poisson’s ratio is required to capture the onset of the
nonlinear behaviour of mortars.

6. Conclusions
EE
This preliminary research indicates that there are meaningful
differences in the experimental results of compression tests on
mortar, depending on the mortar type and/or the dimensions of
the specimens. The preliminary tests demonstrated the difficulty
of evaluating the deformations and mechanical variations experi-
enced by the mortar when adhered to the blocks and confined in
masonry joints.

The conclusions from the work presented herein are as follows:

B For rectangular samples, the increase of the length-height
(I/h) ratio from 0.5 to 1.0 causes a change in the apparent
Poisson’s ratio response for a stress/strength level above 0.5.
There is a continuing decrease in volume strain for both I/h
ratios tested, except near failure, when a slight expansion oc-
curs. The relationship between stress-strength ratio and the
apparent Poisson’s ratio is affected by the mortar type and the
d/h ratio. The greater the confinement, the more pronounced
the variation of the Poisson’s ratio after a critical stress value.

B For cylindrical samples, the change in diameter-height (d/h)
ratio affects the stress-strain relationship in the vertical and
horizontal directions. The stress-strain behaviour and, conse-
quently, the specific volumetric variation, Poisson’s coefficient
and derivative of the strain-stress, were dependent on the type
of mortar and level of confinement applied, that is, the dynam-
ics of crack formation and propagation was dependent on the
type of mortar and confinement.

B Damage onset and stiffness plasticity degradation can easily
be visualised using the derivative of the strain-stress curve.
The vertical derivative indicated when the crack propagation

began in the paste-aggregate interface, while the horizontal
derivative indicated when the cracks in the transition zone had
spread to the paste. That is the reason why the stress/strength
levels corresponding to “vertical damage onset” are lower than
the stress/strength levels corresponding to the “horizontal
damage onset”.

B For astrong mortar (mortar ii) with a d/h of 0.3, numerical simu-
lation and experimental results for the vertical and horizontal
stress-strain curves are similar until approximately 90% of the
ultimate load, after which the results diverge. For a d/h ratio of
1.0, the vertical strain results are also similar, but the horizon-
tal strain results near failure are very different. The developed
models cannot represent the nonlinear increase on the hori-
zontal strain near failure probably because crack propagation
and stiffness plasticity degradation cannot be controlled. For
a weaker mortar (mortar iii), the vertical strain from numerical
simulation and experimental results are similar, but the devel-
oped model cannot reproduce the nonlinear increase of hori-
zontal strain near failure.

B Abetter model to represent the variation of the apparent Pois-
son’s ratio during the entire load domain and to capture not
only the onset of the nonlinear behaviour but also the nonlinear
behaviour near failure must be developed.
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Abstract
E———

The behavior under fire conditions of composite steel and concrete beams, not subjected to local buckling (compact steel profile), was studied con-
sidering the support rotational stiffness provided by the upper longitudinal slab reinforcement, usually present by means of anti-cracking meshes,
and restriction of the steel profile’s lower flange, additional procedure required for development of the support bending moment resistance. Usu-
ally composite beams at room temperature are designed as simply supported and the semi-rigidity provided by this longitudinal reinforcement, if
considered under fire conditions, may lead to a lower cost solution for fire protection of composite beams. The purpose of this study is to verify the
viability of this proposal, using simplified design code methods.

Keywords: fire, composite steel concrete beam, semi-continuous.

Resumo
[

Estudou-se o comportamento sob agédo do incéndio de vigas mistas de ago e concreto, sem instabilidades locais (ditas compactas), considerando
a rigidez a flexdo nos apoios fornecida pela armadura negativa longitudinal a viga, usualmente presente por meio de malhas antifissuragéo, e
restricdo da mesa inferior do perfil de ago, procedimento adicional necessario para desenvolvimento do momento fletor resistente no apoio. Ge-
ralmente as vigas mistas sdo dimensionadas a temperatura ambiente como biapoiadas e a semicontinuidade proporcionada por essa armadura
longitudinal, se considerada em situagédo de incéndio, pode conduzir a uma solugédo de menor custo para protegéo contra fogo das vigas mistas.
O objetivo deste trabalho é verificar a viabilidade dessa proposta, usando métodos normativos simplificados.
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1. Introduction
E———

1.1 Objective

A simply supported composite steel and concrete beam designed
at room temperature, when analyzed in a fire situation according
to ABNT NBR 14323 [1] procedures, generally does not have suf-
ficient structural safety unless fireproof coatings are present. Such
solution is responsible for raising costs related to the choice of the
composite structural system.

The objective of this study is to evaluate the behavior of composite
steel and concrete beams in fire situation, taking in consideration
the rotational stiffness of the supports provided by the upper lon-
gitudinal reinforcement present in the concrete slab and by the re-
striction of the steel profile’s lower flange in the support, creating a
composite connection as shown in Figure 1 and ensuring a semi-
continuous behavior to the beam. The beam structural capacity
increase provided by the adoption of this solution may be sufficient
as a low cost alternative when compared to the application of fire-
proof coatings. For validity of the proposed method it is assumed
that the main supporting beam, connecting plates and angles and
bolts receive fireproof coating.

In a steel profile under a concrete slab its faces are not exposed
equally by the fire since the slab provides a protection to the upper
flange, leading to a non-uniform distribution of the internal temper-
ature. This thermal gradient along the cross section height causes
additional deformations and, in case of hyper-static structures, in-
direct stresses due to the supports rotation restriction. Figure 2
illustrates this phenomenon. If the structure is already subjected to
negative bending moments at the support, they may be amplified
during fire exposure.

At first, this harmful effect will be neglected in use of a simplified
method and evaluated in the future by non-linear thermal structural
numerical analysis.

1.2 Background

The benefits of composite steel and concrete construction fire re-
sistance in a building, when compared to the isolated steel element
analyzed in laboratory, has been the subject of studies by several
authors. Based on the Cardington test, where the capacity of the
composite structure was verified to be greater in comparison to
the design codes recommendations, Usmani et al., 2001 [2, 3],
observed the possibility of reducing fireproof coatings for this type
of structural system. With aid of numerical analysis it was pointed
out that the large deformations caused by the degradation of the
steel’s elastic modulus are responsible for inducing tension stress-
es on the steel beam and concrete slab, creating a membrane ef-
fect capable of resisting gravitational actions. Recent studies by
Kodur et al., [4], show how beneficial it may be to consider such
effect on slab panels over beams without fireproof coating, reach-
ing 60 and 90 minute fire resistance times. Huang et al., 2015 [5],
emphasize the role of reinforcement steel meshes in the concrete
slab to resist membrane stresses. Design code methods do not
consider such effect that can be better evaluated with numerical
modeling, as concluded by Wang et al., 2012 [6] when comparing
numerical analysis results of an asymmetric composite beam with-
out fireproof coating with the Eurocode recommendations.

With consideration of the membrane effect the formation of plastic
hinges is no longer the beam ultimate limit state, which explains
the large differences between numerical models and design codes
recommendations. Chiou et al., 2009 [7], conclude that the axial
restriction of the beam is sufficient to mobilize tensile stresses, but
alert for large permanent deformations in the floor, which do not
recover during the cooling phase. The beam’s shear force capacity
should also be carefully analyzed because according to Kodur and
Naser, 2015 [8], in some cases such capacity can degrade more
rapidly compared to the bending moment during fire.

Nguyen and Tan, 2015 [9], point out that boundary conditions play

Figure 1

Composite connection (adapted from ABNT NBR 8800 [13])
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Figure 2
Thermal gradient effects illustration

an important role in the mobilization of the membrane effect, con-
cluding that the stiffness of the fireproof coated main beams sup-
porting the secondary floor beams has a direct influence on the
collapse time. Huang et al., 2015 [5] present similar results, also
alerting to the influence of the main beam-column connections.
The consideration of semicontinuity in the analysis of composite
beams in a fire has already been proposed by loannides and Mehta,
1997 [10] who adopted as methodology the determination of the
beam’s cross section plastic hinge capacity in the middle of the span
and at the supports and concluded, in the case of a fireproof coated
beam, that there is a relevant gain in its load capacity. Fakury et
al., 2005 [11], compared simply supported and semi-continuous fire-
proof coated composite beams capacities, using the Eurocode de-
sign method, and detected a capacity gain of 116% to 123%. Fischer
and Varma, 2017 [12], performed a numerical analysis of fireproof
coated composite beams supported by simple shear connections
(single plate, single angle and double angle), concluding that the
slab continuity at the supports and presence of reinforcement steel
meshes have great influence on the behavior of the beam during fire
and the collapse did not occur due to connections failure.

1.3 Problem analysis

The study was carried for several cross sections, covering the va-
riety of Gerdau brand profiles and 8 to 18 cm slab thicknesses.

Following the recommendation of ABNT NBR 8800 [13] O.2.4.1.1,
adjusted for fire situation as suggested by ABNT NBR 14323 [1] by
reducing slenderness parameters by 0.85 of its room temperature
values, some profiles classified as slender, that is, with a flange
width and thickness ratio greater than 032 J;fy were not consid-
ered in the analysis. The compressive strength of the concrete was
assumed 30 MPa and the steel yield strength 345 MPa.

The distortional buckling that may occur in the negative bending
moment regions of composite beams was not considered. There-
fore, for direct use of the presented results, it must be ensured that
the 1, parameter, determined according to ABNT NBR 8800 [13]
0.2.5.2, is higher than 0.4. ABNT NBR 14323 [1] does not provide
specific recommendations for distortional buckling of composite
beams in fire, but in case of cold formed profiles it is advised A,
to be calculated as at room temperature, however with a more se-
vere high temperature steel’s reduction factor than the one used in
profiles not subjected to local or distortional buckling. Such factor
is found in [1].

The effective width of the concrete slab was 2 m for all cases.
The slab reinforcement ratio was such that it allowed the develop-
ment of the maximum negative bending moment resistance, as
explained in chapter 5. The number of shear connectors was the
required for full iteration at room temperature.

The fire resistant strength of the beams was evaluated, assum-
ing a standard fire resistance requirement of 30 minutes for the
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simply supported and semi-continuous condition, and the values
were compared to those at room temperature design.

The standard fire resistance requirement of 30 min was chosen
because it is a low value and, therefore, more likely to lead to fa-
vorable results.

2. Structural elements temperature
EE

In the calculation of the resistant capacity of composite steel and
concrete sections a non-uniform temperature distribution at the
height of the cross-section is considered. The recommendation of
ABNT NBR 14323 [1] is to divide the composite section into each
of its components: the concrete slab and the steel profile upper
and lower flanges and web. It is assumed that there is no heat
transfer between these parts.

In the steel elements, the temperature increase of each compo-
nent is determined considering the massivity factor calculated for
each element alone, according to the simplified method recom-
mended by ABNT NBR 14323 [1] 8.5.1.1. In security favor, the
shading factor will be considered equal to 1, following one of ABNT
NBR 14323 [1] alternatives.

To evaluate the temperature at which the composite beam con-
crete slab is subjected during fire, the recommendation of ABNT
NBR 14323 [1] is to divide the height of the slab in 14 slices and
assign a temperature for each range according to the standard fire
resistance requirement (Table 1).

3. Shear connectors
——

ABNT NBR 14323 [1] recommends the strength of a shear con-
nector to be determined in the same way as ABNT NBR 8800 [13],
taking into consideration, however, reduction factors of unity and

concrete compressive strength and elastic modulus reduced by
kc,e at a temperature equivalent to 40% of the steel profile upper
flange temperature. The shear connector ultimate tensile strength
should also be reduced by 0.80 ky’a for a temperature equivalent
to 80% of the temperature of the steel profile upper flange.
Equation (1) is already adjusted for fire situation.

Q - min 0,50 Acskc,ﬁ ’fckEcs
fi,Rd —

080Ky oR RpAcsf

M

ucs

In Equation (1):

Q;rq is the shear connector strength in fire situation;
A, is the shear connector cross-section area;

kc'e is the concrete reduction factor;

k,, is the steel reduction factor;

f,. is the concrete compressive strength;

f,.. is the steel ultimate tensile strength;
E, is the concrete elastic modulus;

R, is the factor used for consideration of a group of shear con-
nectors;

R, is the factor used for consideration of shear connector position.

4. Positive bending moment resistance
EE

The design procedure described by ABNT NBR 14323 [1] is lim-
ited to recommendations of using the room temperature design
suggested by ABNT NBR 8800 [13] with reduction factors of unity
and reducing the concrete compressive strength and steel yield
strength by k , and k , coefficients, respectively.

The factor of 0.85 used to determine the maximum compressive
stress in the concrete slab will be assumed as 1.00 according to
the recommendation of Bulletin n° 46 fib-CEB, 2008 [14].

Table 1
Concrete slab temperature distribution [°C] (adapted from ABNT NBR 14323 [1] and EN 1994-1-2 [15])
Slice Height Standard fire resistance requirement (min)
(y) mm 30 60 90 120 180 240
1 O0ab 535 705 - - - -
2 5a10 470 642 738 - - -
3 10a 15| 415 581 681 754 - - slice 14~
4 15020 350 525 627 697 - - slice 13
slice 12 20 mm
5 |20a25 300 469 571 642 738 - h, slice 11
6 25a30 250 421 519 591 689 740 0
7 |30a35| 210 374 473 542 635 700 Y ice s 2xomm
8 |35a40| 180 327 428 493 590 670 [S”“’ — |
9 40 a 45 160 289 387 454 549 645 ' e
10 |45a50 140 250 345 415 508 550 \\ Slab effective height h,,
11 |50a55| 125 200 294 369 469 520 fower border
12 | 55060 110 175 271 342 430 495
13 |60a 80 80 140 220 270 330 395
14 >80 60 100 160 210 260 305
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Given a standard fire resistance requirement, the maximum
allowable compressive force in the concrete slab is deter-
mined as the sum of the plastic forces of each temperature
slice (Table 1) multiplied by k_, factor, according to Equa-

tion (2).
= bf g ) R (2)
In Equation (2):
b is the slab effective width;
h" is the thickness of the n™ slab slice;
k", is the reduction factor of the n" slab slice.
The maximum tensile strength which the steel profile can be
subjected is the sum of the plastic forces of each element (lower

flange, web and upper flange), according to Equation (3).

e = £, (Awkys + Apskdy + Agikd's)
The index “w” corresponds to the steel profile web, the index “fs” to
the upper flange and “fi” to the lower flange.
When the sum of the resistances in fire situation of the shear
connectors located between the section of maximum positive
bending moment and the adjacent null bending moment section

max

ZQﬂ,Rd is greater than the lower of the values ad fi

and C¢if; a full interaction is characterized, for lower values a

partial interaction is characterized.

4.1 Plastic neutral axis on concrete slab

In a full interaction, when Ciis; > Tha;, the plastic neutral axis
must be, by equilibrium, in the concrete slab. Thus, the tensile

force in the steel profile is given by Equation (4).

The amount of slab slices to be considered should be such that

Taafi = Tadfi

:
E slice 14
slice13 —
slicet2 d" |a
Ay slice11— {
5
slice2 —j g Fi
slice1 \_
1
' \I ......... ; pa
Figure 3

Slab height under compression "a”
(adapted from ABNT NBR 14323 [1])

the compressive force C_,; is equal to T, for this the value
of a (Figure 3), starting from the top of the slab, that satisfies the
Cis = Tas condition must be found.

The bending moment resistance must be determined by multiply-
ing the plastic forces of each element (lower and upper flanges,
web and slab slices) by the C.G. distance of each element to the
PNA. Equations (5) to (8) indicate the contribution of each element
(parameters according to Figure 4).

)

t

f

MY =fyAfskfg (75+hp+tc—a) (

M= FoA k(2 hp + to— 6
fi,Rd—nyy,e > tisthettc—a

7
O

The d parameter represents the distance from the C.G. of each
slab slice under compression to the upper face of the slab, accord-
ing to Figure 3.

The bending moment resistance in fire situation is then defined by

Equation (9).
©)

) it
M pg = fyAﬁer (% + Ry by hp+t, = a)

MF;ra = bf Z Rk (a—d")

Mgipa = Mfipq + M,{f,Rd + M¥; pq + M,{;,Rd
4.2 Plastic neutral axis on steel profile

In full interaction, when Tani?i > CZ'&"’:‘}CL- the plastic neutral axis is
found on the steel profile. The compressive force in the concrete
slab is given by Equation (10).

Ceafi = C?cllé}fi (] 0)

The compression force C,, . on the steel profile is given by Equa-
tion (11) in order to balance the tensile and compression forces in
the cross section.

1 .
Coafi = 5 (Toifi — Ceafi)

If the compression force in the steel profile is lower than the plastic

| F b -

1 | he |
Ap=buts f

A-| =bﬂ ty )

Figure 4
Plastic neutral axis on concrete slab
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force of the upper flange, that is Caafi SfyAfskf,,Sg, the PNA
is located on the upper flange and its position relative to the upper
face of the steel profile y, is defined by Equation (12).

Caafi
Yp = 75 tfs 12
fyAfsky'H ( )
Equations (13) to (16) indicate the contribution of each element
for the bending moment resistance, relative to the PNA. Figure 5
illustrates the position of the plastic neutral axis.

fs
[ Arsky g 2
fs y V. 2 _
Mfira = 2tfs [yp + (tfs yp) ]

13

1

h,,
Mfle—fAk ( +tps — }’>

(13)
(14)
Wi 1y (L 7=, (15)
(16)

My pa = bf Z ke (tc+ hp +y, —d")

The d" parameter represents the distance from the C.G. of each
slice under compression to the upper face of the slab, according
to Figure 3.

If Cadsi > f,A k§e the plastic neutral axis is located in the steel

profile web and its position relative to the upper face of the steel
profile is given by Equation (17).
Caafi — Afsfykfg

=tr+h
yp fs w Awfyk‘;//_e

(17)

Equations (18) to (21) indicate the contribution of each element for
the bending moment resistance, relative to the PNA.
Figure 6 shows the position of the plastic neutral axis.

fs
Mfle fAfsk ( _7>

f,A Ky

(
P[0~ ) + (a3, ] (1
(

Miind =3,
Mg = fAk (£‘+hw+tfs—yp)

Mjipa = bf g, ) Wy (tc+ he +3, - ")

The bending moment resistance in fire situation is defined as the
sum of each element contribution, according to Equation (9).

4.3 Partial interaction

In case of a partial interaction it is assumed that the greatest com-
pressive force that can be transmitted to the concrete slab will be
the maximum strength of the shear connectors, which is described

by Equation (22).
(22)

Ccd,fi = EQﬁ,Rd

For this reason, the concrete slab is not entirely under compres-
sion, the parameter a (Figure 3, although the value will not corre-
spond to the PNA position) is such that the sum of the slices forces
corresponds to X ..

Because it is a partial interaction, the strength of the shear connec-
tors is lower than the maximum tensile force which the steel profile
can be subjected to, in other words Ccqf; < Taqfi, characterizing
the same expressions of C_, . and y, defined in 4.2, but the contri-
bution to the bending moment re3|stance of the concrete slab MF; rq
will correspond only to the slices within the compression range a.

Table 2

Calculation parameters
h 313 mm b 2000 mm
f, 6.6 mm t 180 mm
b, 102 mm h. 0mm
f, 10.8 mm f, 30 MPa

Standard
f) 345 MPa resigffnce 30 min
requirement

Ag=byty

Figure 5
Plastic neutral axis on steel profile upper flange

| 1 ¥
. i h, |
Ay=bgty, Y, ! PNA
Ay=hyty, ] |
Ag=byty ~

Figure 6
Plastic neutral axis on steel profile web
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4.4 Design example

The parameters described in Table 2 represent the design of a
W310x32.7 Gerdau profile under a 18 cm concrete slab, other pa-

Table 3
Steel elements temperature and reduction factor
Lower Upper Web
flange flange
204.8 m™ 1122 m”’ 303.0 m"
0 834 °C 824 °C 837 °C
Ko 0.09 0.10 0.09
Table 4
Concrete slab temperature and reduction factor
Slice h 0 Ko
1 100 mm 60 1.00
2 20 mm 80 1.00
3 5mm 110 1.00
4 5mm 125 0.99
5 5mm 140 0.98
6 5mm 160 0.97
7 5mm 180 0.96
8 5mm 210 0.94
9 5mm 250 0.90
10 5mm 300 0.85
11 5mm 350 0.80
12 5mm 415 0.73
13 5mm 470 0.65
14 5mm 535 0.55
Table 5
Partial results for positive bending moment resistance
o 10290.8 kN
e 133.4 kN
a 0.22cm
MFira 14.8 kN.cm
M g 682.2 kN.cm
MY, ra 2032.3 kN.cm
M g 1717.0kN.cm
Mg pa 44.5 kN.m

rameters are described in 1.3. The calculation of the temperature
in each structural element is summarized in Table 3 and Table 4.
Table 5 indicates other partial results. Note that for this case the
plastic neutral axis is located on the concrete slab.

5. Negative bending moment resistance
EE

ABNT NBR 14323 [1] suggests to neglecting the concrete slab
and the longitudinal reinforcement present in the effective width in
sections under negative bending moment, resisting only the steel
profile cross section and, of course, resulting in very conservative
resistance values. In order to evaluate the effect of the longitudinal
reinforcement on the slab near the supports this suggestion will not
be followed, and the negative bending moment resistance will be
determined according to the general recommendation of EN-1994-
1-2 [15], by plasticity theory taking into account the variation of the
materials properties by temperature.

ABNT NBR 15200 [16] defines reduction factors lower than 1.00
for CA-50 steel only for temperatures above 400 °C and, noting
Table 1, the upper slices of the concrete slab do not reach that
temperature. It is concluded that the reinforcement located near
the top layer of the concrete slab does not suffer a reduction of its
capacity even for high values of standard fire resistance require-
ment; in this way the maximum tensile strength allowed in the
negative longitudinal reinforcement within the effective width will
be the same as in room temperature, determined by Equation (23).

Tas = Asf o (23)

At Equation (23):

A, is the total cross sectional area of longitudinal reinforcement
within the slab effective width;

f,, is the reinforcement steel design yield strength at room temperature.
If the reinforcement ratio is too high resulting in Ty45 > Zﬁf}i, the
entire steel profile will be compressed and the bending moment
resistance will be the result from the force couple of the reinforce-
ment and the steel profile. In this case, to ensure that the following
formulations do not result in negative values, assume Ty, = T;",ff}i.
The tensile strength of the steel profile Taqfi is given by Equation
(24) in order to balance the tensile and compression forces in the
cross section.

|00_o'o_0'

" 1
3 % ema
Ap=bgly YJ 1
P
Aw=hwtw/
As=bst; *

Figure 7
Plastic neutral axis on steel profile upper flange,
negative bending moment
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1 .
Taafi = E( wifi — Tds) (24)

If the tensile force in the steel profile is lower than the plastic force
of the upper flange, that is Taqfi < fyAfsk;Se, the PNA is

located on the upper flange and its position relative to the upper
face of the steel profile y is defined by Equation (25).

Toafi
fs 'fs

y =
P fyAfsky‘g

(29)

Equations (26) to (29) indicate the contribution for the bending mo-
ment resistance of each element, relative to the PNA.
Figure 7 shows the position of the plastic neutral axis.

fs
f Afsk ‘] 2
fs y V! 2 _
Miina = =g [yp +(trs yp)]

(26)
Miina = 1,4 ks (h gy y) (27)
(28)
(29)

fs
If Tadfi > fyAfsky,e the plastic neutral axis is located in the steel
profile web and its position relative to the upper face of the steel
profile is given by Equation (30).

Mfina=F,A K, (£‘+hw+tfs—yp)

M;li,Rd =Ty (ds + yp)

Taafi — Afsf yk;se

i (30)

Equations (31) to (34) indicate the contribution for the bending mo-
ment resistance of each element, relative to the PNA.
Figure 8 shows the position of the plastic neutral axis.

t
fs
Mfina =155 (7, = )

fA K

y Wﬁfyﬂ [(yp _ tfs)z N (hw Fepm yp)z]

fi,Rd 2h,

yp =t +

w

. it
fi fi (“fi
Miira = FyA Ky (7 +hy +tgs = )’p)

)
)
)
Ml na = Tas (4 +,) (34)

The bending moment resistance in fire situation is defined as the
sum of each element contribution, according to Equation (35).

(39)

z ,
Myira = Migq + M]]:f,Rd + Mfipq + M]]:E,Rd

5.1 Design example

Using the parameters already presented in Table 2 and assuming
a reinforcement ratio such that Ty, = TZ’;}[, CA-50 reinforcement
steel and the distance d; of 15.0 cm, the partial results are pre-

sented in Table 6.

Table 6
Partial results for negative bending moment
resistance

Agl 2.7 cm?
Tgs 133.4 kN
Yp Ocm
Mszd 2001.2 kN.cm
M ey 20.1 kN.cm
M ra 951.5 kN.cm
M g 1088.1 kN.cm
M¢; pa 40.6 kN.m

6. Beam plastic capacity
=

It is known from the plastic analysis of a fixed beam that the maxi-
mum value of the bending moment in the center of the span will
be equal to the cross section positive plastification moment and,
in the supports, equal to the cross section negative plastification
moment. To achieve equilibrium the sum of these two bending mo-
ments must be equal to pL#/8.

The maximum distributed load to which the beam can be subject-
ed, before the formation of the plastic hinges in the support and
center span, is described by Equation (36);

(36)

The plastic capacity of the semi-continuous composite beam in
fire situation was evaluated by comparing the distributed load in
the occurrence of the ultimate limit state, for a 30 min standard
fire resistance requirement (p, ,,), with the distributed load in the
occurrence of the ultimate limit state of the same beam at room
temperature, designed as simply supported (p,). The load factor is

.8
Pae = (Mpa + MRd)?

PNA

Aq=byty

Figure 8
Plastic neutral axis on steel profile web, negative
bending moment
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defined here as the ratio between these two values, according to
Equation (37).

Pfi30

load factor =
Py

(37)

Since the span is the same in both cases, the load factor of the
semi-continuous composite beam is described, as a function of
the bending moments, by Equation (38). In the case of a simply
supported composite beam there is no contribution of the negative
bending moment resistance.

Ma i30 + MRafizo
Mao

(38)

load factor =

0,70

Reinforcement ratio (%)

7. Results

EE

The following graphs indicate the results in the determination of the
beam’s fire load capacity, admitting a standard fire resistance require-
ment of 30 min, of composite beams formed by Gerdau steel profiles,
ranging from lighter to heavier, and the concrete slab thickness (t ) rang-
ing from 8 to 18 cm. For each profile (x-axis) a point was generated on
the graph, these being connected by a line for easier visualization.
Figure 9 indicates the reinforcement ratios required for the devel-
opment of the highest possible negative bending moment in the
supports, varying the concrete slab thickness (t) for the Gerdau
profiles W200 series. Figure 10 covers the results for other series
of Gerdau profiles. The following results follow the same format;
markers were removed for better visualization.

—te= R Cm
v RS 10CmM
~-@=+=12cm

A—tc=14cm
- %= kE16cm

B—t=18cm

o‘m . . + - .
W200x22,5 W200x31,3 W200x41,7 W200x59,0 W200x71,0 W200x86,0
Gerdsu Profiles W200 series
Figure 9

Reinforcement ratfio x analyzed Gerdau profile, W200 series

1,40
1,20
§ 100 4
2
— I ———tc=8cm
& os0
s sesseess e = 10 €M
g 060 —hH———f = 4 A A A F ) === tc=12cm
£ tc=14cm
& 040 ———-tc=16cm
e = 18 cm
0,20
0,00
w250 w310 w360 w410 W460 W530 W610
Gerdau Profiles
Figure 10

Reinforcement ratio x analyzed Gerdau profile
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Load factor x analyzed Gerdau profile
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Geradu Profiles
Figure 12

Load factor variation x analyzed Gerdau profile

Note that composite beams with heavier steel profiles in combina-
tion with small thickness slabs require higher reinforcement ratios,
reaching a maximum value of 1.20%. The values ranged, on aver-
age, from 0.18% for the 18 cm slab to 0.41% for the 8 cm slab,
which means approximately a reinforcement steel cross section
area of 3.2 cm?m of slab.

In Figure 11 we find the load factor, Equation (38), for each case
assuming the maximum possible reinforcement ratios. The filled
lines indicate the fire situation analysis for the simply supported
cases and the dashed lines for the semi-continuous beam. It can
be seen that the variation of the slab thickness has little effect on
the results, for each profile series.

The graphic of Figure 12 indicates the load factor variation be-

tween the simply supported and semi-continuous models in fire. In
the presented scale it is possible to notice that the slab’s thickness
has more influence for shorter profiles, but the variation is small,
on the 8% order at best.

Although the semi-continuous alternative increases from 80% to
95% the resistance of the composite beam in fire situation, the load
factor reaches 0.31 at best, with an average of 0.23.

As a comparison, ABNT NBR 14323 [1] allows, for simplicity, the
use of a 0.70 load factor, in terms of internal forces, for the fire
ultimate limit state design. A load factor of 0.30 would only be
relevant for a building in which live loads were much higher than
dead loads, with unusual values. That is, the simply supported or
semi-continuous analyzed beams would not support the 30 minute
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standard fire resistance requirement without fireproof coatings.
This work was developed for a 30 min standard fire requirement
resistance and will serve as a basis for future analyzes of less-
er values. Although rare, standard fire requirement resistances
lower than 30 min may occur when using the time equivalence
method [16, 17].

8. Conclusions
EE
It was carried out a study of composite steel and concrete beams
behavior in fire considering the rotational stiffness in the supports
provided by the negative longitudinal slab reinforcement and re-
striction of the steel profile lower flange. Generally, composite
beams are designed at room temperature as simply supported and
the semi-continuity provided by such longitudinal reinforcement, if
considered in fire situation, may lead to a lower cost solution for fire
protection of composite beams.

From the results presented by the simplified analysis we can conclude:

B Usual slabs anti-cracking meshes reinforcement ratio values
are enough to guarantee the maximum negative bending mo-
ment capacity of the composite beam so that the only addi-
tional action needed to consider the semi-continuity is the re-
striction of the steel profile lower flange at the support;

B For the 30 minutes standard fire resistance requirement, al-
though there is a significant increase in strength of the semi-
continuous beam compared to a simply supported situation,
this increase is not enough to dispense fireproof coatings;

B |tis still necessary to analyze standard fire resistance require-
ments lower than 30 minutes that, although rare, may occur
when using the time equivalence method.

B Future work should be able to evaluate the indirect thermal
stresses impact on the composite beam capacity with aid of
nonlinear numerical analyses. Such analyzes will be able to
include membrane effects pointed by several authors.

9. References

EE

[11 ASSOCIACAO BRASILEIRA DE NORMAS TECNICAS.
NBR 14323: Projeto de estruturas de ago e de estruturas
mistas de ago e concreto de edificios em situagdo de incén-
dio. Rio de Janeiro, 2013.

[2] USMANI,A.S.;ROTTER, J. M.; LAMONT, S.; SANAD A. M.;
GILLIE M. Fundamental principles of structural behaviour
under thermal effects. Fire Safety Journal, v.36, p. 721-744.
Elsevier, 2001.

[3] USMANI A.S.; ROTTER, J. M.; GILLIE M. A structural anal-
ysis of the first Cardington test. Journal of Constructional
Steel Research, v.57, p. 581-601. Elsevier, 2001.

[4] KODUR V. K. R.; NASER M.; PAKALA P.; VARMA A. Mod-
eling the response of composite beam-slab assemblies ex-
posed to fire. Journal of Constructional Steel Research, v.80,
p. 163-173. Elsevier, 2013.

[56] HUANG Z,; LIN S.; FAN M. The effects of protected beams
and their connections on the fire resistance of composite
buildings. Fire Safety Journal, v.78, p. 31-43. Elsevier, 2015.

[6] WANGY.; SWAILES T.; MARAVEAS C. A detailed methodol-
ogy for the finite element analysis of asymmetric slim floor

(7

(8]

&)

[10]

(1]

[12]

[13]

[14]

(18]

[16]

[17]

beams in fire. Steel Construction, v.5, no. 3. Ernst & Sohn:
Berlin, 2012.

CHIOU Y. J.; LIEN K. H.; WANG R. Z.; HSIAO P. A. Non-
linear behaviour of steel structures considering the cooling
phase of a fire. Journal of Constructional Steel Research,
v.65, p.1776-1786. Elsevier, 2009.

KODUR V. K. R.; NASER M. Z. Effect of local instability on
capacity of steel beams exposed to fire. Journal of Construc-
tional Steel Research, v.111, p.31-42. Elsevier, 2015.
NGUYENT. T.; TAN K. H. Experimental and numerical evalu-
ation of composite floor systems under fire conditions. Jour-
nal of Constructional Steel Research, v.105, p.86-96. Else-
vier, 2015.

IOANNIDES S. A.; MEHTA S. Restrained versus unre-
strained fire ratings for steel structures - a practical ap-
proach. Modern Steel Construction. Chicago: AISC, 1997.
FAKURY R. H.; CASAS E. B.; PACIFICO F. F.; ABREU L.
M. P. Design of semi-continuous composite steel-concrete
beams at the fire limit state. Journal of Constructional Steel
Research, v.61, p.1094-1107. Elsevier, 2005.

FISCHER E. C.; VARMA A. H. Fire resilience of composite
beams with simple connections: Parametric studies and de-
sign. Journal of Constructional Steel Research, v.128, p.119-
135. Elsevier, 2017.

ASSOCIACAO BRASILEIRA DE NORMAS TECNICAS.
NBR 8800: Projeto de estruturas de ago e de estruturas mis-
tas de ago e concreto de edificios. Rio de Janeiro, 2008.
ALBUQUERQUE, G. B. M. L. Dimensionamento de vigas de
concreto armado em situagdo de incéndio. 246f. Tese (Mes-
trado) - Escola Politécnica da Universidade de Sao Paulo,
Séao Paulo, 2012.

EUROPEAN COMMITTEE FOR STANDARDIZATION.EN
1994-1-2: Eurocode 4: Design of composite steel and con-
crete structures — part 1-2: General rules - Structural fire de-
sign. Brussels: CEN, 2005.

ASSOCIACAO BRASILEIRA DE NORMAS TECNICAS.
NBR 15200: Projeto de estruturas de concreto em situagao
de incéndio. Rio de Janeiro, 2012.

SILVA, V. P. Projeto de Estruturas de Concreto em Situagdo
de Incéndio. Sao Paulo: Editora Blucher, 2012.

306

IBRACON Structures and Materials Journal * 2018 « vol. 11 +n°®2



Volume 11, Number 7 (April 2018) p. 307 — 330 « ISSN 1983-4195
http://dx.doi.org/10.1590/S1983-41952018000200006

REVISTA IBRACON DE ESTRUTURAS E MATERIAIS

IBRACON STRUCTURES AND MATERIALS JOURNAL

IBRACON

Ultimate flexural strength of prestressed concrete
beams: validation and model error evaluation

Momento ultimo de vigas de concreto protendido:
validacao e calculo do erro do modelo

M. W. MOURA ¢
mwmoura@gmail.com

M. V. REAL ?
mvrealgm@gmail.com

D. D. LORIGGIO®
d.loriggio@gmail.com

Abstract
E———

In this work a computational model is presented to evaluate the ultimate bending moment capacity of the cross section of reinforced and pre-
stressed concrete beams. The computational routines follow the requirements of NBR 6118: 2014. This model is validated by comparing the re-
sults obtained with forty-one experimental tests found in the international bibliography. It is shown that the model is very simple, fast and reaches
results very close to the experimental ones, with percentage difference of the order of 5%. This tool proved to be a great ally in the structural analy-
sis of reinforced and prestressed concrete elements, besides it is a simplified alternative to obtain the cross section ultimate bending moment.

Keywords: reinforced concrete, prestressed concrete, ultimate bending moment, beams.

Resumo
E———

Neste trabalho é apresentado um modelo computacional que calcula 0 momento resistente ultimo de segbes transversais de vigas de concreto
armado e protendido. As rotinas computacionais seguem as prescricdes da NBR 6118: 2014. Este modelo é validado através da comparagao
dos resultados obtidos com quarenta e um ensaios experimentais encontrados na bibliografia internacional. E mostrado que o modelo é bastante
simples, rapido e atinge resultados muito proximos dos experimentais, com diferenga percentual da ordem de 5%. Esta ferramenta se mostrou
uma grande aliada na analise de elementos estruturais de concreto armado e protendido, além de uma alternativa simplificada para obtencéo
do momento de ruina da segao transversal.
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Ultimate flexural strength of prestressed concrete beams: validation and model error evaluation

1. Introduction
E———

One of the assumptions of structural analysis is to have at hand a good
mathematical model that satisfactorily represents the behavior of the
structural element. Thus, in this article, we will present the validation of
a mathematical model that calculates the ultimate flexural strength of

cross sections of reinforced and prestressed concrete beams.

In this validation, the model results are compared to 41 experi-

2. Prestressed concrete beams — ultimate
flexural strength evaluation

EE

Prestressed concrete beams generally exhibit three distinct behav-
ioral phases when subjected to increasing static loads until failure.
Figure 1 shows a beam under flexural test and Figure 2 shows the
behavior of a prestressed concrete beam with adherent tendons
subjected to this test.

mental tests. The determination of the flexural response of the

prestressed concrete structures requires initial conditions such as

2.1 Stage I: linear elastic

compatibility of deformations, geometric and material properties

and equilibrium equations. In this way, it is possible to formulate
a mathematical model to obtain the ultimate bending moment M.
The developed model allows the nonlinear analysis of prestressed
concrete beams with adherence for two types of cross-section:
rectangular and T. An iterative procedure, which uses the secant
method, is applied to obtain the depth of the neutral axis, during
the process of calculating the bending moment that causes the

cross-section failure.

To conclude, it will be shown that this model presents good results

The linear elastic regime corresponds to the interval between the
beginning of the loading and the load that causes the cracking of
concrete, F . In this case, the concrete, the non-prestressed steel
and the prestressed steel have a linear elastic behavior and the
tensile stress in the concrete does not exceeds its tensile strength
in bending. Through Figure 3 it is possible to see that all the cross-
sectional area collaborates in the balancing of the internal forces.

2.2 Stage llI: cracked cross-section

and, therefore, can be used as a simple and fast way of calculating

the ultimate flexural strength of prestressed concrete beams.

|

F

This stage is achieved after loading on the beam reaching the load

Figure 1
Flexural test of a prestressed beam

) Stage | Stage 11 Stage 111
Fu - e
Frlb— — — ® @ Stage I - Linear elastic

@ Stage IT - Cracked cross-section
@ Stage [II - Failure regime

Fr
Fu

Cracking load

Ultimate load

Figure 2
Stages of a beam flexural test (load x deflection)
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Ptgtgq

Ptg+q+q

)

)

Figure 3
Stresses in the cross-section at Stage |

F. that causes cracking. The materials continue to work in the elas-
tic regime, but the tensile stress in the concrete is greater than its
tensile strength in the bending and thus only steel is considered to
withstand tensile stresses in the member cross-section (Figure 4).
The cross-section is cracked.

2.3 Stage llI: failure mode
As the load increases, the materials exhibit different behavior from

the other phases until failure. The concrete presents non-linear
behavior, the reinforcement reaches the limit of yielding and the

Figure 4
Stresses in the cross-section at Stage I

concrete has tensile stresses greater than the tensile strength of
the concrete in bending. It is assumed (Figure 5) that the stress
distribution in the concrete occurs according to a parabola-rectan-
gle diagram. Only the compressed concrete zone contributes to
resistance to the internal forces.

3. Cross-section geometry

EE

The developed numerical model applies to rectangular and T
cross-sections, for any number of layers of non-prestressed and
prestressed reinforcement. The dimensions of the section are

Ec2 O Gc
N — 5
f‘c1
Ec 3‘5 %0 O,SS'fcd
— — S — P,
Agp €po

Agy < 10,0 %o

Figure 5

Stresses in the cross-section at Stage Il for concrete class up to C50
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|

[ E—— | [
=]

=)

dp

N\ pele

BE_a 4a
L b |

Figure 6
Cross-section geometry and reinforcements

taken as input data of the model. Values referring to web width
(b,), flange width (b,), total section height (h) and flange height (h))
should be entered.

Figure 6 and 7 are presented to illustrate the elements that com-
pose the geometry of a typical rectangular and T cross-section, cor-
respondingly. The position and identification of the non-prestressed
and prestressed reinforcement are also showed in these figures.

- b is the web width;

- his the cross-section total height;

- A,, is the area of non-prestressed tension reinforcement;

- A,, is the area of non-prestressed compression reinforcement;
-A, is the area of prestressed tension reinforcement;

-A___is the area of skin reinforcement;

- d:)e‘ies the effective depth = distance from extreme-compression
fiber to centroid of reinforcement layer “i".

- b, is the flange width;

- b, is the web width;

- h is the cross-section total height;

- h; is the flange thickness;

- d is the effective depth = distance from extreme-compression
fiber to centroid of reinforcement layer “i".

- A,, is the area of non-prestressed tension reinforcement;

- A,, is the area of non-prestressed compression reinforcement;

Elongation

br
T
/
= ol § e
g |
Asy [/ ._
= = -\ Ape]e
1
= . | ®
B_o o o d
N As
s

Figure 7
T cross-section geometry and reinforcements

- Ap is the area of prestressed tension reinforcement;
-A_| is the area of skin reinforcement.

pele

4. Fundamental assumptions
[
Since the evaluation of the flexural strength of prestressed con-
crete beams aims to determine the ultimate bending moment M_,
for a given cross-section, where the dimensions, reinforcement
and material properties are previously known, the analysis is car-
ried out in Stage lll. Below are presented the fundamental hypoth-
eses for analysis at such stage.
The cross-sections initially plane and normal to the beam axis re-
main plane and normal in relation to the deformed axis.
There is perfect adherence between prestressed and non-pre-
stressed reinforcement and the concrete surrounding them.
The strain distribution diagram in the failure regime shall comply
with the provisions of NBR-6118:2014, ABNT [3], see Figure 8.
The previous elongation must be included in the deformation of the
prestressed reinforcement.

M

Poo ac,p
=g 4t
E, A, E,

&

Where:
P_ is the prestressing force;

E, is the prestressed reinforcement modulus of elasticity;

Oep) is the compression stress in the concrete caused by the pre-

Shortening

o Ecu _B
]
™ <
/ .:_‘
I 2
da ,jf
{ S
- § "2 \ C
o — !: \‘ -\\\,J RN \5\7 =
N \ “
\ A .
N 8 5
A b
!
10,0 %o
Figure 8

Strain distribution diagram aft failure - adapted from NBR-6118:2014, ABNT [3]
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T

0,85,

£
Figure 9
Stress-strain relationship for concrete in compression

stress at the centroid of the prestressed reinforcement;

E, is the concrete modulus of elasticity.

The tensile strength of the concrete is neglected.

For the purposes of simplification, according to NBR-6118: 2014,
ABNT [3], a rectangular stress diagram with a depth of 0.8 - x for
concrete class up to C50 is allowed, where x is the depth of the
neutral axis.Figures 9, 10 and 11 illustrate the constitutive rela-
tions, respectively, of the concrete, the non-prestressed reinforce-
ment and the prestressed reinforcement.

In the case of concrete, for analysis in the ultimate limit state, the
idealized tensile-strain diagram shown in Figure 9 can be used.
The compressive stresses in concrete should obey equation (2).

0.=085f,- [1 - (1 - ;—2)2] (2)

For concrete classes up to C50, the value adopted for the strain of
For concrete classes up to C50, the value adopted for the strain
of concrete at the maximum stress is ¢, = 2,0%o, and the strain at
failure is equal to €, = 3,5%o.

The stress-strain relationship shown in Figure 10 is elastic-per-
fectly plastic and recommended by NBR-6118:2014, ABNT [3], for
calculation in the service and ultimate states. The ultimate strain
¢, applied in this case for passive reinforcement is equal to 10%o.
For calculations in the service and ultimate limit states, NBR-
6118:2014, ABNT [3], allows using the simplified bilinear strain-
strain relationship according to Figure 11.

Where:

fpyk : nominal yielding strength of prestressed steel reinforcement;

f bt {
N A =
TS 4

ar
dr

;

[, 1) A —— E—

Figure 10
Stress-strain relationship for non-prestressed steel
reinforcement

Tp!k

pyg— — —

pydb——- ——

Figure 11
Stress-strain relationship for the prestressed steel
reinforcement

f . - nominal tensile strength of prestressed steel reinforcement;
g, strain at failure of prestressed steel reinforcement.

5. Calculation of the ultimate
flexural strength
EE
The two equilibrium equations required for the calculation of the ulti-
mate bending moment use the basic assumptions and simplifications

L
[

dsi

Figure 12
State of strain
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Figure 13

State of stress

allowed in NBR-6118:2014, ABNT [3].

The methodology used allows the computation of the ultimate
bending moment for several layers of non-prestressed and pre-
stressed reinforcement, however, since it is a very common case,
Figures 12, 13 and 14 show only one layer of non-prestressed ten-
sion reinforcement, a layer of non-prestressed compression rein-
forcement and a prestressed reinforcement layer.

Observing Figures 12, 13 and 14 and assuming that the safety
Observing Figures 12, 13 and 14 and assuming that the safety
condition, M_, = M_,, is satisfied, it becomes possible to make the
following considerations.

From Figure 12, the calculation of the strains can be made from:

3
4

Ecc =X X

&2 = x (x—ds3)

6
1

Agp=x- (dp - x)

3)
(4)
e = 1" (dsy = %) (5)
6)
()

& = &po t+ Ag,

f bt :
T s . °* *|F
.E /// 9
1
. S L
= T T 3
j
Al) - ”_#_
° o o
+_ bw—’i’ Sy ASI

Figure 14
Resultant forces acting on the cross-section

From Figure 13, the calculation of the stresses can be done from
the equations:

Os1a = Eg- g1 = Eg- x- (ds1 — %), if g1 < Eyd (
0510 = f oy if €12 &yq (9
0ga=Es e =Es-x-(x—dg), if &5 < Eyd

Os2d = fydl if &2 = Eyd

(f pta ~f pyd)
(epta = €pya)

(12)

Using the simplification of the rectangular diagram 0,8 - x and
c,,=0,85-f , the resultant forces on concrete and non-prestressed

(13)

and prestressed reinforcement will be given by:

Opd = fpya ) (epd - epyd)' if €pa = €pya

Rcd=O'Cd'O,8'X'bf

Rgq = 0524 As2

RNId
T 9.4'X|
x R
Msd _____
de
R;ld
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(19)
(16)

In the cross-section, the balance of forces and moments comes In
the cross-section, the balance of forces and moments comes from
> F,=0 and X M_ =0.The sum of moments will be made around
the centroid of the concrete compression zone that is at a distance
of 0,4-x from the compressed edge.

(17)

ZFh =0 Rcd+R52d_de_Rsld =0
(18)

Where M, is the ultimate bending moment of the cross-section.
Expanding equations 17 and 18 in the form of stress and making
some simplifications, we have:

(20)

Equation 19 serves to find the depth of the neutral axis x, and
consequently, the ultimate bending moment of the section is found
in Equation 20. However, the depth of the neutral axis cannot be
found directly because the stresses are also functions of x. Then,
it is necessary to use an iterative numerical process, the secant
method, to solve the problem.

Equation 19 can be written generically in the form f (x) =0, where:

f(x):Or8'0cd'bf'x+A52'Jszd(x) (2])

—A,- apd(x) —Ago4,(x)

The secant method is an iterative procedure used for the root
solution of an Equation (See, for example, ARAUJO [2]). In this
context, the root of Equation 21 should be in the interval [0,d_],

Rg1q4 = 0514 " 451

de = O-pd ' Ap

ZM“ =0 = Ryg-(dy—0,4-x) + R4

(ds1 —04°x) +Ryq-(04-x—dg,) —Mpg=0

O'S'Ucd'x'bf+052d'Asz_Upd'Ap_Usld'Asl=O

Opa Ay (dp —0,4-x) + 044 Agy - (dgy — 0,4 x)
+ 0524 As2 (0,4'X—d32) — Mpg =0

f(x)

fu

which encompasses the domains of deformation for simple
bending. The bounds of the range where the root is located are
X,=0 and x,=d_. Hence, the function f(x) values at the extremes
are f(x,)="f, and f(x,)=f,, respectively, as shown in Figure 15.
As can be seen, the first approximation x, to the root of the func-
tion is taken as the intersection of the line through the function
ends and the axis of the abscissa.

The value of x, is given by:

_xO'fu_xu'fo

X1 = fu — fo (22)

Then f, = f(x,) is calculated and the convergence is tested. For the con-
vergence to be satisfied and the solution to the problem to be found, the
absolute value of the calculated root must be less than a pre-established
tolerance | f, | < tol. This tolerance, tol, can be as small as you wish.

In case that convergence is not achieved, the evaluation inter-
val should be reduced. For this, it is tested whether the product
f, - f,>0andifitis true, as shown in Figure 15, the new evaluation
interval is [ x,,x, ], otherwise [ x,x, |.

With the new interval, smaller than the previous one, the procedure
is repeated and a new value of x is now found, x,, and, again con-
vergence is verified. These steps are repeated until the tolerance
reaches the expected value.

Knowing the depth of the neutral axis, we find the ultimate bending
moment of the cross-section using Equation 20.

6. Model validation
E—

We present below experimental results in the literature for the ul-
timate bending moment of prestressed concrete beams with initial
adherence, denominated here as M, . Then, the ultimate flexural
strength of the beams, called Mu,calc’ is calculated using the numeri-
cal model. Thus, it was possible to compare the obtained results
and to analyze the limitations of the model.

6.1 Experimental results

Forty-one concrete beams with adherent prestressing were

fo

Figure 15 .
Secant method - adapted from ARAUJO [2]
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evaluated. They are presented in Table 1. There are 27 beams of
BILLET [4], 6 of FELDMAN [5], 3 of WARWARUK [12], 3 of TAO
and DU [11] and 2 of MATTOCK [8] classified according to the
author of tests.

b : is the beam web width;

. is the beam flange width;

. is the beam height;

. is the beam flange height;

. is the effective depth of the prestressed reinforcement;

. is the effective depth of the non-prestressed reinforcement;
Ap: is the prestressed steel reinforcement area;

A, : is the non-prestressed steel reinforcement area;

f,: is the mean value of the concrete compressive strength;

f :is the mean value of the prestressed steel reinforcement

pt
tensile strength;

f,+ is the mean value of the prestressed steel reinforcement yield-
ing strenth;

fy . is the mean value of the non-prestressed steel reinforcement
yielding strength;

E, : is the modulus of elasticity of the prestressed steel reinforcement;
E,: is the modulus of elasticity of the non-prestressed steel rein-
forcement;

f,: is the effective stress applied to the prestressing tendons.

For the calculation of the pre-elongation of the prestressed rein-
forcement, it is enough to do:

00 = {5_ (23)

The modulus of elasticity Ep measured in the tests carried out by
BILLET [4] was equal to 20684.27 kN/cm?.

Table 1
Data from the beams tested by BILLET [4]

Beam o om o o3 kN /f‘f:m2 kN}’c':m2 kafém2 kN}ce:m2 KN'“Th
B1 15.24 30.48 23.14 1.497 3.79 169.34 142.03 74.33 49,975
B2 15.62 30.86 24.21 0.748 3.74 169.27 142.03 80.53 29.679
B3 15.24 30.78 24.43 0.374 2.59 169.34 142.03 82.74 15.361
B4 15.49 30.71 23.34 1.497 2.37 169.34 142.03 78.53 45,162
B5 15.49 30.63 23.70 1.606 3.90 171.68 151.55 78.67 55.602
B6 15.39 30.63 20.62 2.206 2.03 171.68 151.55 79.98 50.938
B7 15.57 30.81 20.55 3.013 4.07 171.68 151.55 77.77 72.943
B8 15.57 30.63 20.29 3.013 2.26 171.68 151.55 77.84 67.167
B9 15.39 30.63 23.44 1.510 4.36 165.47 142.51 13.72 47.725

B10 15.39 30.56 22.89 0.381 243 165.47 142.65 13.10 13.314
B11 15.39 30.63 23.39 1.510 2.70 165.47 142.51 14.07 47.223
B12 15.39 30.81 21.16 2.832 3.83 165.47 142.65 14.07 62.029
B13 15.29 30.73 20.70 2.077 2.59 165.47 142.51 14.62 48.023
B14 15.24 30.68 20.29 2.832 2.59 165.47 142.51 13.93 53.094
B15 15.32 30.71 23.60 1.510 3.94 165.47 142.65 103.42 48.308
B16 15.27 30.51 22.86 0.381 2.30 165.47 142.65 103.63 14.141
B17 15.24 30.51 23.09 1.510 3.16 165.47 142.65 104.11 45,894
B18 15.24 30.38 21.06 2.077 2.83 165.47 142.51 102.59 52.172
B19 15.44 30.66 21.01 2.832 4.29 165.47 142.65 104.32 71.560
B20 15.37 30.81 23.55 1.006 2.63 171.68 151.55 81.77 31.753
B21 15.44 30.66 22.99 1.006 4.52 171.68 151.55 81.36 34.397
B22 15.42 30.66 23.19 2.006 5.26 171.68 151.55 79.43 66.937
B23 15.34 30.56 20.83 3.013 5.65 171.68 151.55 80.88 79.980
B24 15.42 30.58 20.93 2.406 4.22 171.68 151.55 80.25 66.964
B25 15.39 30.58 20.35 2.006 2.25 171.68 151.55 78.94 50.165
B26 15.49 30.40 23.55 1.606 0.88 171.68 151.55 80.32 38.993
B27 15.42 30.66 21.23 3.013 3.16 171.68 151.55 81.36 70.136
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Table 2
Data of the fests carried out by FELDMAN [5]

Beam ct:n crrIn :r% c?r%z kN /fE:m2 kN ;’émz kN;pémz kN}ém2 kN
F28 15.62 30.56 20.14 1.494 1.72 128.24 97.91 63.78 30.70
F29 15.65 30.58 20.50 2.615 2.95 128.24 97.91 63.91 50.63
F30 15.47 30.73 20.52 0.561 1.99 170.99 137.90 69.71 17.64
F31 15.44 32.26 20.90 1.868 2.38 170.99 137.90 64.88 44,93
F32 15.24 30.81 23.67 1.839 4.95 176.51 169.61 79.50 65.31
F33 15.32 30.66 23.06 1.103 5.74 176.85 163.41 80.60 43.36

the ability of the method to determine the flexural strength of the
midspan cross-section.

The process is carried out with the aid of spreadsheets that use
subroutines created in Visual Basic for Application to calculate the
stresses and strains of the element, checking the strain diagram
at failure and then obtaining the ultimate bending moment of the
cross-section.

The modulus of elasticity E, measured in the tests by FELDMAN
[5] are presented in table 3.

The modulus of elasticity E measured in the tests carried out by
WARWARUK [12] was equal to 20684.27 kN/cm?2.

Table 5: Data of the beams tested by TAO e DU [11]
Table 3
Modulus of elasticity of the beams tested by

Table 6: Additional data for the beams tested by TAO e DU [11] FELDMAN [5]

Beam KN E, )
Table 7: Data of the beams tested by MATTOCK [8] /em
F28 20477.43
Table 8: Additi | data for the b tested by MATTOCK [8 F29 20477.43
able 8: itional data for the beams tested by [8] F30 10025 85
F31 19925.85
. F32 20408.48
Through the developed model, the ultimate bending moment for
the forty-one beams was calculated with the purpose of evaluating F33 20408.48
Table 4
Data of the beams tested by WARWARUK [12]
b h d A f, f f f. ex
Beam cm cm cm cm? KN/em? | kNfem? | kN/Em? | kN/ém2z | kNTT
W34 16.00 30.48 23.01 1.361 2.74 184.09 151.68 78.60 40.79
W35 15.27 30.48 23.11 0.587 3.64 184.09 151.68 81.50 22.37
W36 15.39 30.48 23.06 2.335 3.61 184.09 151.68 76.67 64.29
Table 5
Data of the beams tested by TAO e DU [11]
b h d A f, f f f. ex
Beam cm cm cm cm? kN/cm? kN/)c;m2 kN/cm? kN/cm? kN“m
TD37 16.00 28.00 22.00 0.588 3.56 166.00 136.00 92.40 35.00
TD38 16.00 28.00 22.00 1.568 3.56 166.00 136.00 87.90 61.60
TD39 16.00 28.00 22.00 1.960 3.56 166.00 136.00 82.50 71.40
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The results are shown in Table 9, where Mu.exp is the ultimate bend-
ing moment obtained from the experimental results and M, is
the ultimate bending moment obtained by the numerical model.
To represent the relationship between ultimate bending moments
obtained experimentally and those obtained through the model,
the Greek letter 1 is used.

By analyzing the forty-one results of the relation between the ex-
perimental ultimate bending moment and those of the model all
together, it can be verified that the ratio n presented a mean value

equal to 1.0524 and a standard deviation equal to 0.0963.

Figure 16 shows the histogram obtained for the forty-one analyzed
beams and Figure 17 shows the graph of adherence of the 1 ratio
to the normal distribution of probabilities. By subjecting the values
of n to the Kolmogorov-Smirnov test, ANG and TANG [1], adher-
ence to the Gaussian theoretical model can be demonstrated, since
the maximum distance between the values of cumulative probability
distribution of the data and the normal curve was below the limit con-
sidering a level of significance of 95%. It is possible to note a relative
symmetry of the results around the mean, presenting values both
below and above. This indicates a non-biased model.

20
18 -
16 -
14 -
512
5
= 10
.
o
£ 8-
6 -
4 -
2 -
0 .
0,80 0,90 1,00 1,10 1,20 1,30 More
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Figure 16
Ratio n histogram
Table 6
Additional data for the beams tested by TAO e DU [11]
E E, f A, d,
Beam kN/cm? kN/cm? kN/cm? cm? cm?
D37 20000.00 20000.00 26.70 1.57 25.00
TD38 20000.00 20000.00 26.70 2.36 25.00
TD39 20000.00 20000.00 26.70 1.00 25.00
Table 7
Data of the beams tested by MATTOCK [8]
b h d A f, f f f,
Beam cm cm cm cm? kN/cm? kNlpo:':m2 kN/Jc‘Qm2 kN/cm? kN"“m
M40 15.24 30.48 25.40 2.534 2.76 192.36 175.89 129.76 93.44
M41 15.24 30.48 25.40 2.534 2.76 192.36 175.89 125.90 103.44
Table 8
Additional data for the beams tested by MATTOCK [8]
E E, f A, d, b h
Beam kN/g:m2 kN/cm? kN/ycm2 cm? cm cr;\ cr%
Sup.0.62 1.91
M40 19500.00 21000.00 37.71 - -
Inf.0.62 28.58
Sup.0.62 1.91
M41 19500.00 21000.00 37.71 96.52 5.08
Inf.0.62 28.58
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tions presented by MAGALHAES [6] and MAGALHAES et al [7].
The relationship between the experimental and theoretical results
is affected by variations provided by the computational model, by
the variability of the random variables of the system and by the
inherent variability of the experimental process of the test, and is
represented by Equation 24.

6.2 Model error evaluation (6)

In addition to the inherent variability of the strength of the materials
and the forces applied to the structures, the uncertainties inherent
to the numerical models adopted in the analysis must be consid-
ered. The estimation of the model error followed the recommenda-

Adherence test

2 @
*
- 15
= 1
2
2 05
A
T 0
g 0,8 1,3
2 05
“
g -1
::
=5
-2
Ration
Figure 17
Adherence to Gauss distribution theoretical model
Table 9
Experimental results versus numerical results
Beam u,exp u,calc M Beam u,exp u,calc M
[kN " m] [kN " m] u,calc [kN " m] [kN " m] Mu,cclc
B1 49,975 46.049 1.085 B22 66.937 65.933 1.015
B2 29.679 25.226 1.177 B23 79.980 83.915 0.953
B3 15.361 12.872 1.193 B24 66.964 66.650 1.005
B4 45162 43.951 1.028 B25 50.165 47.249 1.062
B5 55.602 53.684 1.036 B26 38.993 30.326 1.286
B6 50.938 47.026 1.083 B27 70.136 73.456 0.955
B7 72.943 77.557 0.941 F28 30.70 26.056 1.178
B8 67.167 54.800 1.226 F29 50.63 46.377 1.092
B9 47.725 47.467 1.005 F30 17.64 15.678 1.125
B10 13.314 12.157 1.095 F31 44,93 45,150 0.995
B11 47.223 45.071 1.048 F32 65.31 69.177 0.944
B12 62.029 67.702 0.916 F33 43.36 41.489 1.045
B13 48.023 45,198 1.063 W34 40.79 44,74 0.912
B14 53.094 48.060 1.105 W35 22.37 21.060 1.062
B15 48.308 47.966 1.007 W36 64.29 71.916 0.894
B16 14.141 12.260 1.153 TD37 35.00 27.744 1.262
B17 45.894 45.833 1.001 TD38 61.60 58.039 1.061
B18 52.172 52.538 0.993 TD39 71.40 60.004 1.190
B19 71.560 73.274 0.977 M40 93.44 94.840 0.985
B20 31.753 33.621 0.944 M41 109.93 105.484 1.042
B21 34.397 34.005 1.012 - - - -
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2 _ 2 2 2
V)] - Vmodel + Vbatch + Vtest

(24)

Onde:
Vn é o coeficiente de variacdo da razéo n ;
V is the model error coefficient of variation;

model

V..en 18 the coefficient of variation of the laboratory test results of

the system variables, such as dimensions and resistances;
V. _ is the coefficient of variation of the results obtained experi-

test

mentally in the test of the prestressed concrete beams.

(29)

The coefficient of variation of theuratio n was determined through
the 41 experimental results (V4 = #—Z =0.091), The coefficient of ve~1ria-
tion of the test must be equal to or less than 0.04, MAGALHAES
[6]. The maximum value was used: V= 0.04.

The batch coefficient of variation was adopted, according to MAG-
ALHAES [6], as being equal to 0.044 (Vpaen = 0.044).
In these conditions, using Equation 25, the value V
was calculated.

In general, the model error has a mean value close to 1.00 and a
standard deviation between zero and 0.10, depending on the ac-
curacy of the numerical model.

The mean value of the model error can be evaluated through
Equation 26.

— 2 2 2
Vmodel = \/Vr) - Vbatch - Vtest

= 0.068

model

Mr] = ‘umodel ’ Mbatch ’ Mtest (26)
As the batch mean value and the test mean value are close to the
unit, the mean value of the model error can be calculated through
Equation 27.

Hy

Himodel = =1.052

Hpatch " Hetest

(27)

According to NOWAK [9], the model error follows a Normal prob-
ability distribution, with a mean value between 1.04 and 1.06 for
prestressed concrete beams.
Using the model error coefficient of variation (V. = 0.068) and
the error model mean value (u__ ., = 1.052), the results for the ulti-
mate flexural strength of the beam can be corrected by the model
error estimate (6;) randomly generated in each simulation, accord-
ing to Equation 28. The corrected values of the ultimate bending
moment are used in the reliability analysis.

(28)

Mu,corr =0p- Mu,mod

7. Results and discussion

EE

The methodology used to evaluate the ultimate bending moment
of prestressed concrete beams is the traditional model that calcu-
lates the ultimate flexural strength of the cross-section based on
the assumptions of the plane sections and perfect adherence be-
tween steel and concrete. In addition the following premises were
also considered: the ultimate strain distribution diagram according
to NBR-6118:2014, a rectangular stress diagram for concrete, an
elastic-perfectly plastic tension diagram for non-prestressed re-

inforcement steel and a bi-linear stress diagram for prestressed
reinforcement steel. The secant method is employed to solve the
non-linear system of equations resulting from equilibrium and com-
patibility conditions.

This methodology is a simplified alternative to obtain the ultimate
bending moment of reinforced and prestressed concrete beams
that complies with the requirements of NBR 6118: 2014. A satisfac-
tory validation was obtained for this model when compared with
experimental results found in the literature.

By observing the results of Table 9, it can be noted that the model
for calculation of the ultimate bending moment exposed in this
work presents good results.

This tool is a great ally in the analysis of structural elements of
reinforced and prestressed concrete, presenting good results and
a low computer processing time.

This model will be used in the evaluation of the reliability of beams
of prestressed concrete bridges.
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Abstract
E———

In this work a computational model is presented to evaluate the ultimate bending moment capacity of the cross section of reinforced and pre-
stressed concrete beams. The computational routines follow the requirements of NBR 6118: 2014. This model is validated by comparing the re-
sults obtained with forty-one experimental tests found in the international bibliography. It is shown that the model is very simple, fast and reaches
results very close to the experimental ones, with percentage difference of the order of 5%. This tool proved to be a great ally in the structural analy-
sis of reinforced and prestressed concrete elements, besides it is a simplified alternative to obtain the cross section ultimate bending moment.

Keywords: reinforced concrete, prestressed concrete, ultimate bending moment, beams.

Resumo
E———

Neste trabalho é apresentado um modelo computacional que calcula 0 momento resistente ultimo de segbes transversais de vigas de concreto
armado e protendido. As rotinas computacionais seguem as prescricdes da NBR 6118: 2014. Este modelo é validado através da comparagao
dos resultados obtidos com quarenta e um ensaios experimentais encontrados na bibliografia internacional. E mostrado que o modelo é bastante
simples, rapido e atinge resultados muito proximos dos experimentais, com diferenga percentual da ordem de 5%. Esta ferramenta se mostrou
uma grande aliada na analise de elementos estruturais de concreto armado e protendido, além de uma alternativa simplificada para obtencéo
do momento de ruina da segao transversal.
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Ultimate flexural strength of prestressed concrete beams: validation and model error evaluation

1. Introducgao

EE

Uma das premissas da andlise estrutural é ter em m&os um bom
modelo matematico que represente satisfatoriamente o comporta-
mento do elemento estrutural a ser avaliado. Sendo assim, neste
artigo sera apresentada a validacdao de um modelo matematico
que calcula o momento resistente ultimo de secgbes transversais
de vigas de concreto armado e protendido.

Nesta validagao, os resultados do modelo desenvolvido sdo com-
parados a 41 resultados experimentais. A determinagao da res-
posta em flexao das estruturas de concreto protendido necessita
de condigdes iniciais como compatibilidade de deformacgdes, pro-
priedades geométricas e dos materiais e equagdes de equilibrio.
Dessa forma é possivel a formulagao de um modelo para obten-
¢éo do comportamento deste tipo de estruturas frente ao estado
limite ultimo de flex&o.

O modelo desenvolvido permite a analise ndo-linear de vigas de
concreto protendido com aderéncia para dois tipos de secao: re-
tangulares e T. No processo de calculo do momento de ruptura da
secao, utiliza-se para obtengao da profundidade da linha neutra
um procedimento iterativo que utiliza o método da secante.

Para finalizar, sera mostrado que o modelo utilizado apresenta

|

F

bons resultados e, sendo assim, pode ser utilizado como uma ma-
neira simples e rapida de calcular o momento resistente ultimo de
vigas de concreto protendido.

2. Anadlise de vigas protendidas —
verificagao da capacidade resistente
EE
As vigas de concreto protendido apresentam, em geral, trés fases
de comportamento distintos quando submetidas a carregamentos
estaticos crescentes até a ruina. A Figura 1 mostra uma viga sob
ensaio de flexdo e a Figura 2 mostra o comportamento de uma
viga de concreto protendido com cabos aderentes submetida a
este ensaio.

2.1 Estadio I: elastico linear

O regime elastico linear corresponde ao trecho compreendido
entre o inicio do carregamento e a carga que provoca o inicio
da fissuragédo . Nesse caso, o concreto, o ago passivo e 0 ago
protendido apresentam um comportamento elastico linear e a
tensao de tragao no concreto néo ultrapassa sua resisténcia a
tracdo na flexdo. Através da Figura 3 é possivel perceber que

Figura 1
Viga submetida a ensaio de flexdo

Estadio 1

Estadio II

Estadio 111

Fu -

Fef— ——

@ Estadio [ - Elastico linear

(D) Estadio II - Seciio fissurada

@ Estadio III - Regime de ruptura

Fr Carga que provoca a fissuragio da viga

Fu Carga que provoca a ruptura por flexao da viga

Figura 2

Fases de uma viga em ensaio de flexdo (carga x deslocamento)
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Figura 3
Tensdes na secdo no estédio |

a segéo transversal colabora de forma integral na absorgéo dos
esforgos solicitantes.

2.2 Estadio ll: segao fissurada

Este regime é alcangcado apds o carregamento na viga atingir a
carga F_que provoca a fissuragéo. Os materiais continuam traba-
Ihando no regime elastico, porém a tensao de tragéo no concreto é
maior que a sua resisténcia a tragao na flexao e, assim, considera-
-se que somente o ago resiste aos esforcos de tragdo na peca
(Figura 4). A secéo transversal encontra-se fissurada.

2.3 Estadio lll: regime de ruptura

Com o crescimento da carga, os materiais apresentam um com-
portamento diferente das outras fases até o colapso. O concre-
to apresenta comportamento ndo-linear, as armaduras atingem
os limites de escoamento e a se¢ao de concreto tem tensdes de
tragdo maiores que a resisténcia a tragcao do concreto na flexao.
Supde-se (Figura 5) que a distribuicdo de tensdes no concre-
to ocorra segundo um diagrama parabola-retadngulo. Apenas a
zona de concreto comprimido colabora na resisténcia aos es-
forgos solicitantes.

Ec o755) Gc

Figura 4
Tensdes na secdo no estadio I

fm
g = 3.5 %o 0,85,
e n — Py
Agp €po

Agy < 10,0 %o

Figura 5

Tensdes na secdo no estédio lll para classes de concreto até C50
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Figura 6

Geometria da secdo retangular e armaduras

3. Geometria da segao
—

O modelo numérico desenvolvido aplica-se a segoes retangulares e T,
para qualquer nimero de camadas de armadura passiva e ativa. As
dimensdes da seg¢ao sdo tomadas como dados de entrada do modelo,
devem ser langados os valores referentes a largura da aima (b, ), largu-
ra da mesa (b,), altura total da seg&o (h) e altura da mesa (h,).

A seguir sdo apresentadas as Figuras 6 e 7 visando ilustrar os
elementos que compdem a geometria de uma secao tipica retan-
gular e outra T, acrescenta-se ainda a identificagdo das armadu-
ras presentes.

-b é alargura da segao;

-h é aaltura da secgéao;

-A,, € aarea da seg&o da armadura passiva tracionada;

-A_, é aarea da secgdo da armadura passiva comprimida;

-A, € a area da segéo da armadura protendida;

-A,. € aareada secdo da armadura de pele;

- d, é a altura util, ou seja, distancia do centroide da armadura
correspondente até a borda comprimida.

- b, é alargura da mesa;

-b, € alargura da alma;

-h é aaltura da segao;

- h, € a espessura da mesa;

br
T
/
= ol § e
g |
Asy [/ ._
= = -\ Ape]e
1
= . | ®
B_o o o d
) S1

Figura 7
Geometria da secdo T e armaduras

- d € a altura util, ou seja, distéancia do centroide da armadura
correspondente até a borda comprimida.

-A,, é aarea da sec¢do da armadura passiva tracionada;

-A,, € a area da segdo da armadura passiva comprimida;

- Ap € a area da se¢ao da armadura protendida;

-A € aareada segdo da armadura de pele.

pele

4. Hipoéteses fundamentais
E—

Visto que a verificagdo da capacidade resistente a flexdo de vigas
de concreto protendido objetiva a determinagdo do momento resis-
tente ultimo (momento de ruptura), para uma dada segao, onde se
conhece previamente as dimensodes, armaduras e propriedades dos
materiais aplicados, a analise se da no Estadio Ill. Abaixo séo apre-
sentadas as hipéteses fundamentais para analise em tal estadio.
As sec0es inicialmente planas e normais ao eixo da peca, assim
permanecem em relagao ao eixo deformado.
Existe aderéncia perfeita entre as armaduras ativas e passivas, e
o concreto que as envolve.
A distribuicdo das deformagbes no regime de ruptura deve obede-
cer ao disposto na NBR-6118:2014, ABNT [3] no que se refere aos
dominios de deformacgdes. Figura 8.
O alongamento prévio deve ser incluido na deformagéo da arma-
dura protendida.
P Ocp

5 )

"7E,- A, E. 1

&

Alongamento Encurtamento
0o Scu__B

|

a
. Y o =
\\ ‘\
N\
A
10,0 %o
Figura 8

Dominios de deformacdo - ELU - adaptado de NBR-6118:2014, ABNT [3]
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T

0,85f.,

Figura 9
Diagrama tensdo-deformagdo do concreto
a compressdo

Onde:

P_ é forca final de protenséo;

E, é o mddulo de elasticidade longitudinal da armadura de pro-
tensao;

o, € a tensdo de compressao no concreto provocada pela pro-
tensao na altura do centroide da armadura de protensao;

E, é o mddulo de elasticidade longitudinal do concreto.

A resisténcia a tragcdo do concreto é desprezada na resisténcia
aos esforgos solicitantes.

Para fins de simplificagédo, de acordo com a NBR-6118:2014,
ABNT [3], permite-se um diagrama retangular de tensdes com
profundidade de 0,8 - x para classe de concreto até C50, sendo x
a profundidade da linha neutra.

As figuras 9, 10 e 11 ilustram as relagdes constitutivas, respectiva-
mente, do concreto, da armadura passiva e da armadura protendida.
No caso do concreto, para analises no estado limite ultimo, pode
ser empregado o diagrama tens&do-deformagéo idealizado mostra-
do na Figura 9.

Onde as tensdes de compressao obedecem a equagéo (2).

=05 £ [1-(1- )] )

Os valores adotados para a deformagdo especifica de encurtaOs
valores adotados para a deformacgéo especifica de encurtamen-

to do concreto no inicio do patamar plastico, ¢, e a deformagéo

especifica do encurtamento do concreto na ruptura, ¢, s&o, para
classes de concreto até C50, ¢, = 2,0%0 € &, = 3,5%o.
t bf 1
T ] [ . ° ° 4
¢ 4 ; ol
=1\ /[
l II'-. .f'f // "Lg"'
Aga\ )

ar
dr

;

[, 1) A —— E—

Figura 10
Diagrama tensdo-deformacdo para agos de
armaduras passivas

Tp!k

pyg— — —

pydb——- ——

Figura 11
Diagrama tensdo-deformacdo para acos de
armadura protendida

O diagrama tensao-deformagéo apresentado na Figura 10 é elasto-
-plastico perfeito e recomendado pela NBR-6118:2014, ABNT [3]
para o calculo nos estados limite de servigo e Ultimo. A deformagao ul-
tima ¢, aplicada nesse caso para armaduras passivas € igual a 10%o.
Para o célculo nos estados limite ultimo e de servico, a NBR-
6118:2014, ABNT [3] permite utilizar o diagrama tensao-deforma-
¢ao bilinear simplificado conforme a Figura 11.

Onde:

fp .« - valores caracteristicos da resisténcia de escoamento convencional;

L
[

dsi

Figura 12
Estado de deformacdes
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Figura 13

Estado de tensdes

f 4 valores caracteristicos da resisténcia a tragéo;

¢,. alongamento de ruptura das cordoalhas.

5. Calculo da capacidade resistente
no estado limite ultimo de flexao

As duas equacgdes de equilibrio necessarias para o calculo do mo-
mento ultimo de ruptura se valem das hipoteses basicas e das
simplificagbes permitidas na NBR-6118:2014, ABNT [3].
A metodologia utilizada permite o calculo do momento resistente ul-
timo para varias camadas de armadura passiva e ativa, no entanto,
por ser um caso bastante comum, as figuras 12, 13 e 14 mostram
apenas uma camada de armadura passiva tracionada, uma camada
de armadura passiva comprimida e uma camada de armadura ativa.
A partir do auxilio das Figuras 12, 13 e 14 e admitindo que a conA
partir do auxilio das Figuras 12, 13 e 14 e admitindo que a condi-
¢éo de seguranca ¢ satisfeita se M_, = M, ,, se torna possivel fazer
as seguintes consideragdes.
A partir da Figura 12 pode-se dizer que o calculo das deformagbes
sera feito a partir de:

3)

)

rd’

Ecc =X X

€2 =X (x - dsZ)

Y

at
dr

ds1

° o e

4_ b _‘F\:\‘\"Q:\_\ A

™, 81

Figura 14
Resultantes de forca que atuam na secdo

()
(6)
(7)

A partir da Figura 13, pode-se afirmar que o célculo das tensdes
sera feito a partir das equacdes:

&1 =X (dsl - x)
Aey=x - (d, — x)

& = &po + Agy

Os1q = Es &1 = Es* x - (ds1 — X), se &g < Eyd (8)

Os51d = fyd’ se E51 = Eyg (9)

0520 = Es &5 = Es - x - (x — dgp), se &g < &4 (]0)

Os2d = fyd’ se £ = Eyd (.I ])
foa— T

Opd = fpyq M' (epd = epya), € €pa 2 €pya (II 2)

(“:ptd - “:pyd)

Se valendo da simplificagdo do diagrama retangular 0,8 - x e

RNId
T 9.4'X|
x R
Msd _____
de
R;ld
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o, =0,85-f_, as forgas resultantes no concreto e nas armaduras

passivas e ativas serédo dadas por:
(13)

Na secao transversal o equilibrio de forgas e momentos se da a
Na secao transversal o equilibrio de forgas e momentos se da a
partirde > F, =0 e X M_=0. O somatorio de momentos sera

feito em torno do centroide da zona de compresséo do concreto,
ou seja, a 0,4 - x da borda comprimida.

ZFh =0 Rcd+R32d_de_Rsld =0
8)

Sendo M, o momento resistente de calculo da segdo. Expandin-
do as equagdes 17 e 18 na forma de tensdes e fazendo algumas
simplificagdes, temos:

(20)

A Equacao 19 serve para encontrar a profundidade da linha neutra
X e, consequentemente, o momento resistente da secao é encon-
trado na Equacgéao 20. Porém, a profundidade da linha neutra néo
pode ser encontrada diretamente porque as tensdes sao também
fungbes de x. Entdo, deve-se empregar um processo numerico
iterativo que, neste trabalho, utiliza o método da secante para a
solugéo do problema.

A EgA Equacdo 19 pode ser escrita, genericamente, na forma
f (x) =0, onde:

Rcd=0'cd'0,8'X'bf
Ry2q = 0524 " As2
Rg1q4 = 0514 " 451

de = O—pd . Ap

ZMCC =0 = Ry (dy—0,4-x) + Rs1q-

(ds1 —0,4°x) + R4 (04-x—dg,) —Mpg=0

0'8'acd'x'bf+052d'ASZ_apd'Ap_Usld'Asl=0

Opa-Ap- (dp = 04 %) + 0514 As1 - (dsg — 0,4 %)
+ 004 A (04 x—dgy) —Mpg=0

f(x)

fu

fx) =08-004 bf x+Agp-05q(x)
—A,- de(x) —Agp - Jsld(x)

(21)

O método da secante & um procedimento iterativo utilizado para
a solug&o de raizes de uma Equagao (Ver, por exemplo, ARAUJO
[2]). Neste contexto, a raiz da Equagao 21 deve estar no intervalo
[0.,d_, ], que engloba os dominios da flexdo simples. Os limites do
intervalo onde se encontra araiz sdo x,=0 e x, =d_,. Logo, afun-
¢éo f(x) nos extremos vale f(x,) =1, e f(x,) =T, respectivamente,
conforme ilustra a Figura 15.
Como pode-se observar, a primeira aproximagéo x, para raiz da
funcdo é tomada como a intersecgao da reta que passa pelos ex-
tremos da funcao e o eixo das abscissas.
O valor de x, € dado por:

X0 " fu — Xy fo
X1 = # (22)

u 0

Em seguida € calculado f, =f(x,) e testada a convergéncia. Para
que a convergéncia seja satisfeita e se encontre a solugédo do pro-
blema, o valor absoluto da raiz calculada deve ser menor que uma
tolerancia preestabelecida |f,| < tol. Essa tolerancia, tol, pode ser
tédo pequena quanto se deseja.
No caso em que a convergéncia ndo seja atingida, deve-se re-
duzir o intervalo de avaliagdo. Para tanto é testado se o produto
f, - f,> 0 e caso seja verdadeiro, como consta na Figura 15, o novo
intervalo de avaliagéo € [x,,x ], caso contrario [x,x,].
Com o novo intervalo, menor que o anterior, repete-se o procedi-
mento e encontra-se um novo valor de x, agora, x,, €, novamente
verifica-se a convergéncia, esses passos sdo repetidos até a tole-
rancia atingir o valor esperado.
Conhecendo a profundidade da linha neutra, encontra-se o mo-
mento resistente da segdo empregando a Equacgao 20.

6. Validagao do modelo de calculo
EE

Sao apresentados, a seguir, resultados experimentais existen-
tes na literatura para o momento de ruina de vigas de concreto
protendido com aderéncia inicial, denominados aqui como M

uexp’

fo

Figura 15 .
Método da secante - adaptado de ARAUJO [2]
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Em seguida séo calculados, através do modelo apresentado, os
momentos resistentes das vigas, chamados aqui de M, . Assim

foi possivel comparar os resultados obtidos e analisar a influéncia
das limitagbes do modelo.

6.1 Resultados experimentais

Foram avaliadas quarenta e uma vigas de concreto com protenséo ade-
rente que serdo apresentadas no Tabela 1. Sdo 27 vigas de BILLET [4],
6 de FELDMAN [5], 3 de WARWARUK [12], 3 de TAO e DU [11] e 2 de
MATTOCK [8] separadas de acordo com seus pesquisadores.

dp: € a altura util da armadura de protenséo;

d.: € a altura util da armadura passiva;

Ap: € a area de ago da armadura de protensao;
A, € a area de ago da armadura passiva;

f: é aresisténcia média & compress&o do concreto;
f . é aresisténcia média a tragcdo do ago de protensao;

pt

py

f . é aresisténcia média ao escoamento do ago de protensao;

fy: € aresisténcia média ao escoamento do ago da armadura passiva;

Ep: € 0 modulo de elasticidade do ago de protensao;

E,: € o modulo de elasticidade do ago da armadura passiva;

se

b: é a dimenséo referente a base da viga;

b;: € a dimens&o referente a largura da mesa da viga;

f_: é atensao efetiva aplicada ao cabo de protensao.

Para o calculo do pré-alongamento da armadura de protenséao,

basta fazer:

h: é a dimenséo referente a altura da viga; fee
h;: é a dimens&o referente a espessura da mesa da viga; &po = E_p (23>
Tabela 1
Dados das vigas ensaiadas experimentalmente por BILLET [4]
Viga om om o o kN /f‘f:m2 kN}’c':m2 kafém2 kN}ce:m2 kN
B1 15,24 30,48 23,14 1,497 3.79 169,34 142,03 74,33 49,975
B2 15,62 30,86 24,21 0,748 3.74 169,27 142,03 80,53 29,679
B3 15,24 30,78 24,43 0,374 2,59 169,34 142,03 82,74 15,361
B4 15,49 30,71 23,34 1,497 2,37 169,34 142,03 78,53 45,162
BS 15,49 30,63 23,70 1,606 3.90 171.68 151,55 78,67 55,602
B6 15,39 30,63 20,62 2,206 2,03 171.68 151,55 79,98 50,938
B7 15,57 30,81 20,55 3.013 4,07 171.68 151,55 77,77 72,943
B8 15,57 30,63 20,29 3.013 2,26 171.68 151,55 77,84 67,167
B9 15,39 30,63 23,44 1,510 4,36 165,47 142,51 13.72 47,725
B10 15,39 30,56 22,89 0,381 2,43 165,47 142,65 13.10 13.314
B11 15,39 30,63 23,39 1,510 2,70 165,47 142,51 14,07 47,223
B12 15,39 30,81 21,16 2,832 3.83 165,47 142,65 14,07 62,029
B13 15,29 30,73 20,70 2,077 2,59 165,47 142,51 14,62 48,023
B14 15,24 30,68 20,29 2,832 2,59 165,47 142,51 13.93 53.094
B15 15,32 30,71 23,60 1,510 3,94 165,47 142,65 103,42 48,308
B16 15,27 30,51 22,86 0.381 2,30 165,47 142,65 103,63 14,141
B17 15,24 30,51 23,09 1,510 3.16 165,47 142,65 104,11 45,894
B18 15,24 30,38 21,06 2,077 2,83 165.47 142,51 102,59 52,172
B19 15,44 30,66 21,01 2,832 4,29 165,47 142,65 104,32 71,560
B20 15,37 30,81 23,55 1,006 2,63 171.68 151,55 81,77 31.753
B21 15,44 30,66 22,99 1,006 4,52 171,68 151,55 81,36 34,397
B22 15,42 30,66 23,19 2,006 5,26 171.68 151,55 79,43 66,937
B23 15,34 30,56 20,83 3.013 5,65 171,68 151,55 80,88 79,980
B24 15,42 30,58 20,93 2,406 4,22 171,68 151,55 80,25 66,964
B25 15,39 30,58 20,35 2,006 2,25 171,68 151,55 78,94 50,165
B26 15,49 30,40 23,55 1,606 0.88 171.68 151,55 80,32 38.993
B27 15,42 30,66 21,23 3.013 3.16 171,68 151,55 81,36 70,136
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Tabela 2
Dados das vigas ensaiadas experimentalmente por FELDMAN [5]

Viga cll?n crrIn :r$1 c?r%z kN /fE:m2 kN ;’émz kN;pémz kN}ém2 kN
F28 15,62 30,56 20,14 1,494 1,72 128,24 97,91 63.78 30,70
F29 15,65 30,58 20,50 2,615 2,95 128,24 97,91 63,91 50,63
F30 15,47 30,73 20,52 0,561 1,99 170,99 137,90 69,71 17,64
F31 15,44 32,26 20,90 1,868 2,38 170,99 137,90 64,88 44,93
F32 15,24 30,81 23,67 1,839 4,95 176,51 169,61 79,50 65,31
F33 15,32 30,66 23,06 1,103 5,74 176,85 163,41 80,60 43,36

O madulo de elasticidade E| utilizado nos ensaios de BILLET [4]
foi igual a 20684,27 kN/cm?.

O mddulo de elasticidade Ep utilizado nos ensaios de FELDMAN
[5] tem valores conforme a tabela 3.

O moddulo de elasticidade Ep utilizado nos ensaios de WARWA-
RUK [12] foi igual a 20684,27 kN/cm?.

Através do modelo desenvolvido foram calculados os momentos
resistentes ultimos para as quarenta e uma vigas com o intuito
de avaliar a capacidade do método em determinar o momento de
ruina da segédo mais solicitada.

O processo é realizado com o auxilio de planilhas eletrénicas que
buscam dados de sub-rotinas criadas em Visual Basic for Aplica-

relagéo entre os momentos de ruptura experimentais e os do mo-
delo, pode-se verificar que a razdo n apresentou uma média igual
a 1,0524 e desvio padrao igual a 0,0963.

A Figura 16 apresenta o histograma obtido para as quarenta e uma
vigas analisadas e a Figura 17 mostra o grafico de aderéncia da razéo
1 em relagdo a distribuicdo normal de probabilidades. Submetendo os
valores de n ao teste de Kolmogorov-Smirnov, ANG e TANG [1] pode-

Tabela 3
Maodulo de elasticidade das vigas ensaiadas
experimentalmente por FELDMAN [5]

tion para calcular as tensoes e deformagdes do elemento, verifi-

cando o dominio de deformagédo e depois obter o momento resis- Viga KN Ep )
tente da secgao. /em
Os resultados s&o expostos na Tabela 9, onde M, é 0 momento F28 20477.43
resistente obtido dos resultados experimentais e M, . 0 momento F29 20477.43
obtido pelo modelo nume:nco. . F30 1992585
Para representar a relagao entre os momentos de ruptura obtidos

experimentalmente e os obtidos através do modelo é utilizada a F31 19925,85
Ietra_grega n- _ F32 20408,48
Analisando de forma conjunta os quarenta e um resultados da F33 20408.48
Tabela 4

Dados das vigas ensaiadas experimentalmente por WARWARUK [12]

. b h d A f. f f f. o
Viga cm cm cm cm? kN/cm? kN/cm? KN/Em? kN/cm? kN
W34 16,00 30,48 23,01 1,361 2,74 184,09 151,68 78,60 40,79
W35 15,27 30,48 23,11 0.587 3.64 184,09 151,68 81,50 22,37
W36 15,39 30,48 23,06 2,335 3,61 184,09 151,68 76,67 64,29

Tabela 5
Dados das vigas ensaiadas experimentalmente por TAO e DU [11]

. b h d A f. f f f. ex
Viga cm cm cm cm? kN/cm? kN/)c;m2 KN/Em? kN/cm? kN
TD37 16,00 28,00 22,00 0,588 3.56 166,00 136,00 92,40 35,00
TD38 16,00 28,00 22,00 1,568 3.56 166.00 136.00 87,90 61,60
TD39 16,00 28,00 22,00 1,960 3.56 166,00 136,00 82,50 71,40
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-se comprovar a aderéncia ao modelo tedrico de Gauss, uma vez que
a distancia maxima entre os valores de distribuicdo de probabilidades
acumuladas dos dados e a curva normal foi inferior ao limite conside-
rando um nivel de significancia de 95%. E possivel notar uma relativa
simetria dos resultados em torno da média, apresentando valores tanto
abaixo quanto acima. Isto indica um modelo nao tendencioso.

6.2 Estimativa do erro do modelo (6)

aos esforgos impostos as estruturas, devem ser consideradas as
incertezas inerentes aos modelos numéricos adotados na andlise.
A estimativa do erro do modelo seguiu as recomendagdes apre-
sentadas por MAGALHAES [6] e MAGALHAES ez 4/[7].

A relagao entre os resultados experimentais e tedricos é afetada por
variagdes proporcionadas pelo modelo computacional, pela variabilida-
de das variaveis aleatérias do sistema e pela variabilidade inerente ao
processo experimental do ensaio, e é representada pela Equagao 24.

Além das variabilidades inerentes as resisténcias dos materiais e V'IZ = Vinodelo” +Viote” + Vensaio” (24>
Histograma
20
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12

Frequéncia
=
=]
1

8
6
4 -
2 ]
0 . , ,
0,80 0,90 1,00 1,10 1,20 1,30 Mais
Razion
Figura 16
Histograma da razdo n
Tabela 6
Dados adicionais das vigas ensaiadas experimentalmente porTAO e DU [11]
. E E, f A, d,
Viga kN/&m? kN/cm? kN/cm? cm? cm?
TD37 20000.00 20000,00 26,70 1,57 25,00
TD38 20000,00 20000,00 26,70 2,36 25,00
TD39 20000.00 20000,00 26,70 1,00 25,00
Tabela 7
Dados das vigas ensaiadas experimentalmente por MATTOCK [8]

, b h d A f, f f f, M, ..
Viga cm cm cm cm? KN/em? | kNfem? | kN/Sm? | kN/ém2z | kNTT
M40 15,24 30,48 25,40 2,534 2,76 192,36 175,89 129,76 93.44
M41 15,24 30,48 25,40 2,534 2,76 192,36 175.89 125,90 103,44

Tabela 8
Dados adicionais das vigas ensaiadas experimentalmente por MATTOCK [8]
. E E, f A, d, b h

Viga kN/g:m2 kN/cm? kN/ycm2 cm? cm cr;\ cr%

Sup, 0,62 1,91
M40 19500,00 21000,00 37.71 - -
Inf, 0,62 28,58
Sup, 0,62 1,91
M41 19500,00 21000,00 37.71 96,52 5,08
Inf, 0,62 28,58
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Onde:

Vn é o coeficiente de variagao da razao n;

\Y, € o coeficiente de variagdo do erro proporcionado pelo modelo;

modelo

V é o coeficiente de variagdo dos resultados dos ensaios

lote

V é o coeficiente de variagéo dos resultados obtidos experi-

ensaio

mentalmente no ensaio das vigas protendidas.
O coeficiente de variagdo do erro do modelo pode ser entdo deter-

minado através da Equagao 25.

de laboratério das variaveis do sistema, tais como dimensoes 5 5 5
e resisténcias; Vinodelo = \/Vn = Viote” = Vensaio (25)
Teste de aderencia
g ° L
<15
21
2 05
_L_}
2 08
= -0,5
&
= -1
g
)q -1,5
0
2 -2
- Razion
Figura 17
Aderéncia ao modelo tedrico de Gauss
Tabela 9
Resultados experimentais x resultados calculados
Vi a u,exp u,calc M Vi a u,exp u,calc M
g [kN " m] [kN " m] u,calc g [kN " m] [kN " m] Mu,cclc
B1 49,975 46,049 1,085 B22 66,937 65,933 1,015
B2 29,679 25,226 1177 B23 79,980 83,915 0,953
B3 15,361 12,872 1,193 B24 66,964 66,650 1,005
B4 45,162 43,951 1,028 B25 50,165 47,249 1,062
B5 55,602 53,684 1,036 B26 38,993 30,326 1,286
B6 50,938 47,026 1,083 B27 70,136 73,456 0,955
B7 72,943 77,557 0,941 F28 30,70 26,056 1,178
B8 67,167 54,800 1,226 F29 50,63 46,377 1,092
B9 47,725 47,467 1,005 F30 17.64 15,678 1,125
B10 13,314 12,157 1,095 F31 44,93 45,150 0,995
B11 47,223 45,071 1,048 F32 65,31 69,177 0,944
B12 62,029 67,702 0,916 F33 43,36 41,489 1,045
B13 48,023 45,198 1,063 W34 40,79 44,74 0,912
B14 53,094 48,060 1,105 W35 22,37 21,060 1,062
B15 48,308 47,966 1,007 W36 64,29 71,916 0,894
B16 14,141 12,260 1,153 TD37 35,00 27,744 1,262
B17 45,894 45,833 1,001 TD38 61,60 58,039 1,061
B18 52,172 52,538 0,993 TD39 71,40 60,004 1,190
B19 71,560 73,274 0,977 M40 93,44 94,840 0,985
B20 31,753 33,621 0,944 M41 109,93 105,484 1,042
B21 34,397 34,005 1,012 - - - -
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O coeficiente de variacdo da razdo n foi determinado através dos

41 resultados experimentais (V, = S - 0,091). O coeficiente de
Hy

variagdo do ensaio deve ser igual ou inferior a 0,04, MAGALHAES

[6]. Foi utilizado o valor maximo. V, .. = 0,04.

O coeficiente de variagdo do lote foi adotado, conforme MAGA-

LHAES [6], como sendo igual a 0,044, (Vi = 0,044)

Nestas condic¢des, através da Equagao 25, determinou-se o valor

V odeo = 0,068.

Em geral, o erro de modelagem tem média proxima de 1,00 e des-

vio padrao entre zero e 0,10 dependendo da precisao do modelo

numeérico.

A média do erro do modelo pode ser entdo determinado através

da Equacéo 26.
(26)

Sendo a média do lote e a média do ensaio unitarios, chega-se a
média do modelo através da Equagéo 27.

Hr] = Hinodeto " Fiote " Hensaio

U
— 1 —1,052

'umodelo =
'ulote 'uensaio

(27)
Conforme NOWAK [9] o erro do modelo segue uma distribuigao
Normal de probabilidades, com valor médio entre 1,04 e 1,06 para
vigas de concreto protendido.

Utilizando-se o coeficiente de variagdo do modelo (V.. = 0,068)
e a média do modelo (u_ .., = 1,052) oriundos da anélise, os re-
sultados da capacidade resistente das vigas obtidos através do
modelo numérico sao corrigidos pela estimativa de erro do modelo
(6g) gerada a cada analise, de acordo com a Equagéo 28. Os valo-
res corrigidos sdo entao utilizados para a andlise de confiabilidade.

(28)

Mu,corr = eR ) Mu,mod

7. Resultados e discussoes

EE

A metodologia utilizada para verificagdo da capacidade resistente
das vigas protendidas no estado limite ultimo de flexdo € o modelo
tradicional que calcula 0 momento resistente Ultimo da seg¢ao ba-
seado nas hipoteses das segdes planas, aderéncia perfeita entre
aco e concreto, dominios de deformagao definidos pela norma NBR
6118:2014, diagrama retangular de tensdes no concreto, diagrama
de tensdes elasto-plastico perfeito para agos da armadura passiva e
diagrama bi-linear de tensdes para agos da armadura ativa. O mé-
todo da secante € empregado para resolver o sistema de equagdes
resultante das condigdes de equilibrio e compatibilidade.

Esta metodologia é uma alternativa simplificada para obtengéo do
momento de ruina de vigas de concreto armado e protendido que
respeita as prescrigbes da NBR 6118:2014. Obteve-se uma ava-
liacao satisfatoria para este modelo quando validado a partir de
resultados experimentais encontrados na literatura.
Observando-se os resultados da Tabela 9, pode-se notar que o
modelo para céalculo do momento resistente exposto no trabalho
apresenta bons resultados.

Esta ferramenta se mostra uma grande aliada na anélise de ele-
mentos estruturais de concreto armado e protendido, apresentan-
do bons resultados e um baixo tempo de processamento.

Este modelo sera empregado na avaliagdo da confiabilidade de
vigas longarinas de pontes de concreto protendido.
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Abstract
E——

In the region of negative bending moments of continuous and semi-continuous steel and concrete composite beams, the inferior portion of the
steel section is subjected to compression while the top flange is restricted by the slab, which may cause a global instability limit state know as
lateral distortional buckling (LDB) characterized by a lateral displacement and rotation of the bottom flange with a distortion of the section’s web
when it doesn’t have enough flexural rigidity. The ABNT NBR 8800:2008 provides an approximate procedure for the verification of this limit state,
in which the resistant moment to LDB is obtained from the elastic critical moment in the negative moment region. One of the essential parameters
for the evaluation of the critical moment is the composite beam’s rotational rigidity. This procedure is restricted only to to steel and concrete
composite beams with sections that have plane webs. In this paper, an equation for the calculation of the rotational rigidity of cellular sections was
developed in order to determine the LDB elastic critical moment. The formulation was verified by numerical analyses performed in ANSYS and its
efficiency was confirmed. Finally, the procedure described in ABNT NBR 8800:2008 for the calculation of the critical LDB moment was expanded
to composite beams with cellular sections in a numerical example with the appropriate modifications in geometric properties and rotational rigidity.

Keywords: cellular profile, rotational stiffness, lateral distortional buckling, elastic critical moment.

Resumo

Na regido de momento negativo das vigas mistas de ago e concreto continuas e semicontinuas, a parte inferior do perfil de aco esta sujeita a
compresséo, enquanto a mesa superior esta travada pela laje, o que pode ocasionar um estado limite de instabilidade global denominado flam-
bagem lateral com distor¢do (FLD) caracterizado por deslocamento lateral e giro da mesa inferior mediante a distorgéo ocorrida na alma do perfil
de aco caso esta ndo possua rigidez flexional suficiente. AABNT NBR 8800:2008 fornece um procedimento aproximado para verificagdo desse
estado limite pelo qual se obtém o momento fletor resistente a FLD a partir do momento critico elastico da regido de momento negativo. Uma
grandeza fundamental para se chegar ao valor do momento critico elastico é a rigidez rotacional da viga mista. O procedimento da ABNT NBR
8800:2008 se restringe somente as vigas mistas de ago e concreto com perfis de ago de alma cheia. Nesse trabalho, uma formulagao analitica
para o calculo da rigidez rotacional da alma de um perfil celular foi desenvolvida com vistas a determinagdo do momento critico elastico a FLD. A
formulagao foi verificada por analises numéricas desenvolvidas no ANSYS que comprovaram a sua eficiéncia. Por fim, o procedimento descrito
na ABNT NBR 8800:2008 para calculo do momento critico a FLD é estendido a vigas mistas com perfil de ago celular em um exemplo numérico
com as devidas modificagdes nas propriedades geométricas e na rigidez rotacional.

Palavras-chave: perfil celular, rigidez rotacional, flambagem lateral com distorgdo, momento critico elastico.
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Lateral distortional buckling of cellular composite-beams

1. Introduction

EE

A steel and concrete composite beam, according to Brazilian
Standard ABNT NBR 8800:2008 [1], consists of a steel component
symmetric with respect to the flexure axis, which can be an |
profile of a truss, with a concrete slab on top of its superior flange.
There must be mechanical connection through shear connectors
between the steel component and the slab, such that both can
work together to resist flexure.

In continuous and semi-continuous steel and concrete composite
beams, the regions close to internal supports are subjected to
hogging moments and, since the inferior flange and part of the
web are compressed, the beam will be subject to lateral-torsional
buckling (LTB), local flange buckling (LFB), and local web
buckling (LWB).

The Brazilian Standard ABNT NBR 8800:2008 [1] provides and
approximate procedure for the verification of the limit state for
lateral-torsional buckling (LTB), similar to the European Standard
EN 1994-1-1:2004 [2], based on the behavior of the inverted
U-frame mechanism, from which the resisting flexural moment to
LTB is obtained from the critical elastic moment of the hogging
moment region. A fundamental parameter to compute the critical
elastic moment is the rotational stiffness of the composite beam.
This procedure from the standard is restricted to composite beams
of continuous plane webs. Research on lateral-torsional buckling
of composite beams with cellular profiles is still recent.

2. Lateral-torsional buckling

EE

Lateral-torsional buckling will happen at the hogging moment
regions of continuous and semi-continuous composite beams due to
compression of the bottom flange and the tendency towards buckling
with respect to the major axis of the flange, since buckling with respect
to the minor axis is restricted by the profile web. If the web is not
sufficiently stiff against flexure it will displace and the compressed
flange will buckle laterally, accompanied by torsion. (Figure 1)

The model considered by ABNT NBR 8800:2008 [1] to represent
the behavior of a composite beam with respect to LTB is the
inverted U-frame model. This mechanism is formed by two or more
adjacent parallel beams connected to the same supported slab,
such as in Figure 2.

Figure 1
Lateral forsional buckling [3]
Adapted by the authors

Experimental results of Fan [5] proved that the inverted U-frame
model is more adequate to represent the behavior of a composite
beam subject to LTB than the T model of only one steel beam
connected to the concrete slab by shear connectors. The U-frame
model is able to depict more realistically the restrictions imposed
to the lateral displacement and to the torsion of the bottom flange
of the steel profile by the concrete slab. The stiffness of this
mechanism with respect to the longitudinal axis of the steel profiles
is called rotational stiffness ().
According to Johnson [6], the rotational stiffness of a composite
beam associates a perturbation force F acting on the bottom flange
of the steel profiles with the rotation 6 and, consequently, with the
lateral displacement & in these flanges such as in Figure 3. This
stiffness, applied to a rotational spring located at the top flange of
a beam, allows for the reproduction of the influence of the U-frame
mechanism on the LTB strength and is obtained by unit length
of the beam, associating the moment at point A, located at the

— —1

Figure 2
Inverted U-frame mechanism [4]
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geometric center of the top flange, to the rotation angle, such as
in equation 1:
Fhy

5 )

where F is the applied force on the bottom flange, h, is the height
of the steel profile, measured between centroids of the flanges.

The determination of the rotational stiffness (k) directly from
equation (1) depends on high complexity experimental or numerical
analyses. ABNT NBR 8800:2008 [1] provides a direct simplified
method to solve this problem, due to Johnson [6]. The method
consists in obtaining the isolate rotations due to transverse flexure
of the concrete slab, the web distortion, and the shear connector
strain. Thus, the rotational stiffness value can be obtained as a
function of the flexural stiffness of the slab (k,), the flexural stiffness

slab bending

web

deformation

shear connection

of the profile web (k,), and the flexural stiffness of the shear
connection (k,), according to the well known expression for springs
connected in series.

1 1 1 1
ok kg ks

For the flexural stiffness of the cracked concrete slab (in the
longitudinal steel profiles direction) the slab can be considered
as a beam fixed on the steel profiles, Johnson [6]. Applying unit
rotations on the fixed ends, the moments that arise are the stiffness
values sought at each support, as in Figure 4. Generalizing, the
flexural stiffness of the slab by unit length is:

_ (X(EI)Z

- )

1

Figure 3
Rotational stiffness of a composite beam [8]
Adapted by the authors

QC%

Figure 4
Flexural stiffness of the cracked slab [4]

e
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ho

Figure 5
Rotational stiffness of the profile web [4]

Where a is a coefficient which depends of the analyzed position on
the beam, i.e.: if the beam is an edge beam a equals 2, and if the
beam is an internal beam a equals 3 (for inner beams on a floor with
four or more similar parallel beams, 4 may also be used). The term
(El), is the flexural stiffness of the homogenized composite slab
section which does not take into account the portion of concrete
under tension, by unit length, taken as the lower value between the
stiffness at the center of the span and the stiffness at the internal
support. The a value is the distance between parallel beams.

For the flexural stiffness of the steel profile web, as can be seen at
Figure 5, the web is considered as a plate fixed at the centroid of
the top flange and free at the centroid of the bottom flange, John-
son [6]. The horizontal force F which acts on the bottom flange
causes the displacement 5,. The flexural stiffness per unit length of
the plate will thus be:

Eqty,

k2 = @ —vD)

Figure 6
Application of composite beam with cellular
profile [10]

where ¢t is the web thickness, E, is Young’'s Modulus, and v,
Poisson’s Coefficient for the steel.

The shear connection stiffness, k,, depends on a large number
of factors, which makes it practically impossible to obtain its
value analytically. This stiffness is usually very high, and can be
dismissed by the design methods, including ABNT NBR 8800:2008
[1]. According to Johnson and Molenstra [7], experiments with
bridge composite beams showed that the shear connection
stiffness affects the total stiffness in less than one percent.
Calenzani et al. [8] presented a formulation to determine the
rotational stiffness of composite beams with sinusoidal web profiles,
based on experimental results on four prototypes representative of
the inverted U-frame mechanism, used for the development and
calibration of a numerical finite element model. To evaluate the
parameters that influence the rotational stiffness of these beams,
68 numerical models were implemented.

The elastic critical moment to LTB (M) is defined by Equation 5
according to ABNT NBR 8800:2008 [1], which uses Roik, Hanswille,
and Kina [9] formulation.

()

where G is the shear modulus for the steel; L is the length of the
beam between vertical supports (both flanges of the steel beam are
required to be laterally constrained at these supports), J is the tor-
sional constant of the steel profile, Iaf’y is the moment of inertia of the
bottom flange of the steel profile with respect to the y axis, C is a
coefficient which depends on the moment distribution on the span L,
a, is a factor related to the geometry of the composite beam cross
section, k. is the rotational stiffness of the composite beam.

Composite beams with cellular steel profile, Figure 6, are currently
utilized in construction due to their clear advantages, such as:
good strength with respect to their weight as a consequence of the
increase in height, possibility of long spans, service ducts passage
through the web openings, among others. These beams, though,
are not covered by most design standards, making it necessary
to search for design guidelines such as the one by Lawson and

Mcr =

Cdist erZ
ag I G] +_T[2 Elaf,y

Kxram

IBRACON Structures and Materials Journal * 2018 « vol. 11 +n°®2



A.D.PIASSI | J.V.DIAS | A.F. G. CALENZANI | F. C. C. MENANDRO

o Composite beams with cellular profile prototypes

Figure 7

Experiments with composite beams with cellular profiles [12]

Hicks [10] and Ward’s [11]. Not much research on LTB of composite
beams with cellular steel profiles in the region of hogging moments
is found in the literature.

Gizejowski and Khalil [12] developed an experimental work to
evaluate the behavior of composite steel and concrete beams
with steel profiles containing openings on their web, subject to
hogging moment. Twelve prototypes were tested, considering
six with long spans to represent cases in which flexure controls
the behavior of the beam, and six with short spans to consider
the shear effect. Three different types of openings were
analyzed: rectangular, hexagonal, and circular openings. In all
tests, Gizejowski and Khalil [12] observed the lateral-torsional
buckling mode (Figure 7). The lateral displacement with small
distortion strain on the steel profile web predominated for the
long span beams with circular and hexagonal openings. For
the beams with rectangular openings, and for all the short
spans, predominated the torsional buckling with small lateral
displacement of the steel profile web.

In this work, an analytical formulation for the rotational stiffness
of cellular steel profile webs is developed, for the determination
of the LTB elastic critical moment. Besides, the ABNT NBR
8800:2008 [1] procedure of computation of the elastic critical
moment is exemplified for a composite beam formed with a cellular
steel profile, using the necessary adaptations for the geometric
properties and the rotational stiffness.

3. Proposition of analytical formulation of
rotational stiffness of the cellular web
EE

The method used for the analytical determination of the rotational
stiffness of cellular profiles begins with the computation of the
transverse displacement of a plate with a circular opening. To
obtain this displacement, a simplified model utilizing beam theory
and the virtual work principle was used. This model, presented in
Figure 8, represents a fixed beam with span equal to the distance
between the centers of the top and bottom flanges of the steel
profile and with a variable cross section due to the opening. The

force is applied on the bottom end of the plate. A single central
circular opening was considered on the plate.

The simplified model was divided in three regions for integration,
regions 1, 2, and 3, Figure 9. The first region goes from the fixed
top till the onset of the circular opening, the second encompasses
the opening, and the third from the end of the opening to the end
of the plate. The need for the model division was the moment of
inertia variation due to the opening. The total displacement of the
simplified model, §,, is equal to the sum of the plate displacements,
3, 8,,and g, , corresponding respectively to the lengths /, /,, and

I, thus:
©

82 =651+ 822+ 823

Figure 8
Simplifyed model for analytical formulation
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Figure 9
Regions for integration

To obtain the displacement of the first part, from the fixed end until
the beginning of the opening, equation 7 is used.

Fx? F 7
- _ _ 3
57 X = 2257 (o — o) ( )

ho—dp

Z
81 = f
0

For the third portion, from the end of the opening to the lower end
of the web, the procedure is similar to the one for the first portion,
since the moment of inertia is constant, and only the integration
limits change, therefore:

(8)

ho  Fy? F ho + do)3

523=f = dx = — hﬁ—M
' honrdo El 3EI 8

For the second portion, the integration limits correspond to the

diameter of the opening and the displacement equation becomes:

ho+d
5 - 12Fx?
22 =y _d, o ; - dx (9)
Et3| b—2 T" —(7°—x)

To solve equation (9) it was necessary to utilize the software
MATHEMATICA 10.3 [13]. The software presented a solution with real
and complex numbers. After a series of mathematical manipulations,
the equation of the second part displacement was obtained.

82,2
=255 (4bdy + m(2b* - do® — 2ho*))

(10)
~ (b — bd§ — bhj) dy

4arctg +2m

/bz—dﬁ /bz—do2

Once the individual displacements were obtained, the equation of

the displacement of a plate with a central circular opening and a
force at the lower end is obtained:

8,

_F
" Ebtd

(4hy* = 3dohg — do*)

3b
o (4bdy + (20" — dy? — 2hy?))

(1)

(b* = bdy* — bhy?) do

- darctg | ———
/bz—do2 /bz—do2

A generic model based on the simplified plate with central circular
opening model is proposed for the determination of the transverse
displacement of a plate with n openings. From the knowledge that
the cellular web has several equally spaced openings at a distance
s from each other, and that the first and last openings are distant s,
from the beam ends, Figure 10, the generic model was generated
grouping n central plates of width s to two end plates with width
equal to the sum of s, with 0,5d, and 0,5s.

The profile web subject to force F at its lower end presents a
constant lateral displacement along the beam length, since it is
connected to the rigid lower flange. Thus, this work proposes to
obtain the lateral displacement of the cellular web with n open-
ings, 8, ., using a weighed average of the displacements of iso-
lated plétes (central and end plates) with respect to their length.
The displacements o, ., and 5, . are calculated from Equation
(11), where the thickness b is taken equal to s for central plates
and equal to s, + 0,5d, +0,5s for end plates. Force F applied

+ 21
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Se | do/2

s/2

Figure 10
Model for cellular beam with n openings

on the plates should be distributed proportional to each plate length.

_ Z(Se + 0;5d0 + 0;55)62,ext + (n - 2)562,cent

) (12)

Equations 11 and 12 are taken as a basis for the calculation of
the torsional stiffness of the cellular profile. Substituting the
displacement equation (of one plate and of » plates), it is possible
to calculate the rotational stiffness of a beam with one circular
opening and with multiple openings, respectively presented on
Equations 13 and 14.

2
oy, = Et3 h, 2
’ (4ho* = 3dohe® — do®) + -

4bdy + (2b® — dy* — 2ho%)

52,0

(13)

(b = bdy* — bho?®) dy

4arctg | ————
’bz _ doz ’bz _ doz
Fh?
kZC

© = 205, + 0,5dg + 0,55)87 oxt + (11— 2)567, cont

+ 2r

(14)

4. Numerical evaluation of the cellular
web stiffness formulation

EE

Numerical Models were defined to simulate the behavior of the
cellular profile web elastic response by means of the finite element
method (Figure 11). The numerical results of lateral displacement of
the web plate and, consequently, of its stiffness were obtained and
compared with the analytical results. The objective was to evaluate
the analytical formulation for its posterior use in the computation of
the elastic critical moment of composite beams with cellular profiles.
Numerical modeling was accomplished using the finite element
analysis software ANSYS 15.0 [14]. Three dimensional finite
element plate models were implemented, developed to mirror
most realistically the structural behavior of the plates with circular
openings. To represent the web of the steel profile, SHELL181
shell elements were used. SHELL 181 is recommended to model

LLLL L L L L

L

thin to moderately thick structures, being useful for linear and
nonlinear analyses, with large displacements and large strains,
ANSYS 15.0 [14]. This element is defined by four nodes and
six degrees of freedom at each node: translations and rotations
on the three orthogonal directions. Several authors have used
SHELL 181 element in numerical models of steel profile beams
and composite steel and concrete beams for linear, nonlinear, and
buckling analyses. Among them, works from Abreu [15], Calenzani
[4], and Qliveira [3] can be cited.

The steel cellular profile web yield stress was taken as 34.5 kN/
cm?. Poisson’s coefficient and Young’s modulus were taken as 0.3
e 20,000 kN/cm?, respectively.

To simulate the boundary conditions, at the top end of the cellular
web, displacements and rotations on the global directions x, y,
and z were restricted. At the bottom end, the displacement of
the nodes was coupled, in such a way as that the displacement
was equal through the length of the model, simulating the bottom
flange. This restriction was placed to consider the diaphragm effect
proportioned by the bottom flange, which was not modeled. The
load was distributed to the nodes on the inferior end of the plate for
better convergence of the model. The total force intensity applied
to the model was 10 kN.

ANSYS

R15.0

ELEMENTS

R

e Sy

S
3

i

BE

Figure 11
Numerical model of the cellular plate - frontal
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Table 1
Mesh study
Eliri;\:nt B nx Number of | Deviation
(m) (m) elements | (5,-5,,)/5,
0.01 0.1189 1096 0.0017
0.015 0.1187 498 0.0025
0.02 0.1184 291 0.0017
0.025 0.1182 195 0.0034
0.03 0.1178 128 0.0025
0.035 0.1175 114 0.0043
0.04 0.1170 81 0.0051
0.045 0.1164 71 0.0069
0.05 0.1156 58 -0.0043
0.055 0.1161 37 0.0000
0.06 0.1161 37 0.0121
0.065 0.1147 30 0.0044
0.07 0.1142 28 0.0149
0.075 0.1125 30 -0.0027
0.08 0.1128 26 0.0168
0.085 0.1109 23 0.0469
0.09 0.1057 23 0.0000
0.095 0.1057 23 -0.0095
0.1 0.1067 21 -

ANSYS 15.0 [14] has two alternatives for finite element mesh
generation, free or mapped. The finite element mesh was set to free,
instead of mapped, for implementation simplicity. To determine the
ideal mesh size a specific model of a W200x26.6 profile, adapted for
a cellular profile with one opening, was used. This model is 0.3228
m high, 0.4306 m long and with an opening diameter of 0.2153 m.
The meshes were generated with elements from 0.01 to 0.1 m side

0,1200

(varying the element size in 5 mm increments). The displacement
results in the direction normal to the plate were recorded, as well
as the number of elements in each model. From these data, the
relative deviation between two consecutive attempts was calculated.
The obtained values are presented in Table 1.

Figure 12 presents the plot of maximum displacement versus the
number of elements for each of the analyzed models. It can be
observed by the asymptotic behavior that convergence of the results
occurs after a displacement of 0.118 m. One point, corresponding to
a 71 element mesh, gave a displacement result different from the
curve pattern, showing an oscillation of the numerical result, but it
does not compromise the validity of the mesh study developed since
it is a small perturbation on a single point. From the analyzed results,
the utilized mesh was then set to 0.01 m. This mesh presented
results with adequate precision and, though more refined than that
which already presented good solution convergence, did not require
high computer processing time.

Linear geometric and material analyses were considered
in the process of algebraic development of the equation for
the determination of rotational stiffness of the cellular web.
Therefore, to be able to compare the analyses, the finite
element analysis was also executed using linear behavior. The
linear analyses, for the numerical and theoretical approaches,
are justified since the standard design methods also consider
linear elastic behavior.

For validation of the analytical formulation with the numerical results
three different laminated profiles were selected for generation of
cellular profiles. The choice of the laminated wide flange profiles
was made such as to encompass the whole range of heights in the
catalog of the Brazilian producer Gerdau Agominas. This analysis
covered twelve models with geometric characteristics obtained
after a standard predefined model.

It is customary to use the proposal of Harper apud Abreu [15] for
the constructive parameters limits of cellular profiles, in which the
opening diameter (d,) varies between a fraction 0.57 and 0.8 of the
cellular profile height (d) and the spacing between openings (s)
varies from a relation 1.08 to 1.5 of the opening diameter. Thus,
the cellular profile of the standard model had the constructive
parameters: expanded profile height (d), diameter of the circular
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Figure 12
Maximum displacement x number of elements
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opening in the profile web (d,), spacing between openings (s),
distance between the profile end, and the first circular opening (s,),
selected according to Table 2.

The laminated profiles selected are presented at Table 3 along
with the geometric parameters adopted for the cellular profiles. In
each cellular profile, the number of openings in its web was varied
and, consequently, its total length. The models presented one, ten,
twenty, and thirty openings.

Once the models were established, a symbology for
identification of the cellular web models was created, e.g.:
Cproﬁ/e_d/dg_do/d _s/d, s/d, n, where Cprofile indicates the
cellular beam with the designation of the original profile and the
variables d, dg, d, s, s, and n are the geometric properties.
C200x26.6_1.6_0.65 1.3 0.5 1, for example, mean a cellular
beam with original profile W200x26.6, ratio between the final
height and the original profile height, d/d,, equal to 1.6, ratio
between the opening diameter and the final height, d /d, equal
to 0.65, ratio between the opening distance and the opening
diameter, s/d,, equal to 1.3, ratio between the distance from the

Table 2
Standard model
d d, s S,
Standard « " X *
model | 1:67dg | 0657d | 1.3*d, | 05°d,

end to the first opening and the opening diameter, s /d,, equal to
0.5, and, last, the number of openings.

To evaluate the analytical equation, the numeric model results
were compared with those from the rotational stiffness of the
cellular web formulation. Table 4 presents the analyzed profiles,
the analytical displacement obtained by the proposed formulation,
the numerical displacement, the analytical rotational stiffness of
the cellular web, the numerical rotational stiffness of the cellular
web, and the relative difference between the stiffness values.

The difference of approximately 8% from the analytical formulation
with respect to the numerical results can be attributed to the

Table 3
Profiles for validation of the analitical formulation
d d S S L
Models n (m) (m) (m) (m) (m)
1 0.331 0.215 0.279 0.107 0.431
200x26.6 10 0.331 0.215 0.279 0.107 2.949
20 0.331 0.215 0.279 0.107 5.748
30 0.331 0.215 0.279 0.107 8.547
1 0.651 0.423 0.550 0.212 0.847
41060 10 0.651 0.423 0.550 0.212 5.799
20 0.651 0.423 0.550 0.212 11.302
30 0.651 0.423 0.550 0.212 16.804
1 0.979 0.636 0.827 0.318 1.273
610x125 10 0.979 0.636 0.827 0.318 8.720
20 0.979 0.636 0.827 0.318 16.994
30 0.979 0.636 0.827 0.318 25.268
Table 4
Comparison of the analitical and numerical results for the stiffness of cellular web
Symbology S(Zm)A 5(’m)N (kr'|(7°r’éd) (krll(?fgld) <'Efvj7§'2°:)
C200x26.6_1.60_0.65_1.3_0.5_1 0.331 0.215 0.279 0.107 0.431
C200x26.6_1.60_0.65_1.3_0.5_10 0.331 0.215 0.279 0.107 2.949
C200x26.6_1.60_0.65_1.3_0.5_20 0.331 0.215 0.279 0.107 5.748
C200x26.6_1.60_0.65_1.3_0.5_30 0.331 0.215 0.279 0.107 8.547
C410x60.0_1.60_0.65_1.3_0.5_1 0.651 0.423 0.550 0.212 0.847
C410x60.0_1.60_0.65_1.3_0.5_10 0.651 0.423 0.550 0.212 5.799
C410x60.0_1.60_0.65_1.3_0.5_20 0.651 0.423 0.550 0.212 11.302
C410x60.0_1.60_0.65_1.3_0.5_30 0.651 0.423 0.550 0.212 16.804
C610x125.0_1.60_0.65_1.3_0.5_1 0.979 0.636 0.827 0.318 1.273
C610x125.0_1.60_0.65_1.3_0.5_10 0.979 0.636 0.827 0.318 8.720
C610x125.0_1.60_0.65_1.3_0.5_20 0.979 0.636 0.827 0.318 16.994
C610x125.0_1.60_0.65_1.3_0.5_30 0.979 0.636 0.827 0.318 25.268
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70

Figure 13
Perfect fit line

adopted simplifications on the analytical calculation of the web
displacement, in which linear element theory was used and the
displacement due to shear force was neglected. The software tends

i

Figure 14
Composite beams with cellular web profile -
continuous U mechanism

1,6d;

70

to concentrate the applied forces on the places where stiffness
is higher (solid web sections) while the equation distributes the
applied force on the cellular plate evenly, proportional to the plate
length. Additionally, the numerical analysis considered plate and
shell theory, and the displacements are computed including all the
applied loading.

Figure 13 presents the plot of the perfect fit line for the numerical
and analytical rotational stiffness results of the twelve studied
models. It can be observed that the calculated values have good
agreement with the numerical data. All the points were very close
to the perfect fit line, though slightly above it, pointing towards
the need for an equation adjustment by means of a reduction
coefficient. It is recommended, then, the use of the analytical
equation herein developed for the computation of the rotational
stiffness of the cellular web with a 10% reduction coefficient.
Therefore, the proposed formulation for the rotational stiffness
of a cellular web with n openings is:

0,9Fh3

(19)

\/

k2,c

= 250 + 0,5dg + 0,55)8,0x¢ + (1 — 2)582 come

Figure 15
Standard model - lateral view
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250

=

Figure 16
Standard model - distance between beams

5. Numerical example of computation

of the elastic critical moment
EE—
In this section, the LTB elastic critical moment of two steel and
concretcomposite beams, one with a cellular profile and the other
with a solid web profile of equivalent height. The influence of the
web openings on the rotational stiffness values and the elastic
critical moment was evaluated.
The composite beam with cellular profile was built with the
previously studied W200x26.6 laminated profile. The adopted
number of web openings was 30 (thirty), which made the span
of the composite beam slightly higher than 25d, where d is the
cellular profile height. Thus, both composite beams, of cellular and
solid web profiles, had a span of 8.55 m and the height of the steel
profile equal to 331.2 mm (ratio d/dg = 1.6). The composite beams
were denominated VC 331.2 and VP 331.2, respectively for the
cellular profile and the solid web profile.
The slab used on both beams is bulk reinforced concrete 10 cm
high. The longitudinal hogging reinforcement was considered
having 12.5 mm diameter at every 15 cm and the transverse
reinforcements were both of 6.3 mm diameters at every 20 cm.
The concrete cover is 3 cm for the upper longitudinal and lower
transverse reinforcements and 4.2 cm for upper transverse
reinforcement. Young’'s modulus for the steel and concrete are,
respectively, 200,000 MPa and 23,800 MPa. The yielding stress for
the steel profile and the reinforcement are, respectively, 345 MPa
and 500 MPa. In this example, the transverse distance between
composite beams is 250 cm, and it was chosen to determine the
elastic critical moment of an inner beam, as can be seen at Figures
14, 15, and 16.
For the computation of the slab rotational stiffness, according
to ABNT NBR 8800:2008 [1], a length of one meter along the
transverse direction from the beam axis was considered, such
that a rotational stiffness per unit length is obtained. Thus, five
bars for the transverse reinforcement, positive and negative, fit
within this length. The steel areas of the transverse bars, in 1
meter of the slab, add to 1.55 cm?. Transforming the concrete

section in steel, the width of the slab and the transformed
inertia, ignoring the concrete in tension, are 11.9 cm and 0.395
cm?/cm, respectively. The flexural stiffness of the homogenized
composite section by unit length of the beam is calculated
taking the least value, considering the half-span of the slab, for
positive moment, and an internal support, for hogging moment.
In this case, both moments of inertia are equal, since both the
reinforcements, positive and negative, have the same area.
Thus, (EJ), is equal to 7,900 kN/cm. Therefore, according to
Equation 3, given by ABNT NBR 8800:2008 [1], the flexural
stiffness of the homogenized composite section, adopting a
equal to 3 for representing internal beams.

(16)

After the computation of the rotational stiffness of the slab, the
rotational stiffness for both the solid web and the cellular profiles
was obtained. For the solid web, Equation 4 of ABNT NBR
8800:2008 [1] was used, with web thickness equal to 5.8 mm and
the distance between top and bottom flange centers of gravity
equal to 322.8 mm.

a7

20000.0,58
3.32,28.(1-0,3%)

For the cellular web, the proposed formulation (Equation 15) was
used and the stiffness value was 13.55 kN/rad.

Table 5 presents the rotational stiffness results of the slab, k,, of
the webs, cellular, k, , and solid, k, , and the rotational stiffness
of the composite beams, k , for cellular profile and k. for solid
web profile. The rotational stiffness of the composite beams was
obtained by the equivalent stiffness equation for springs serially
connected. It can be noted that the presence of openings in the
cellular profile reduces the composite beam stiffness in 51.8%.
ABNT NBR 8800:2008 [1] procedure was followed to compute the
elastic critical moment, as stated in Equation 5. For the computation
of the geometric properties of the composite beam with the cellular
profile was used the cross section of the cellular profile at the
center of the opening, what consists in two Ts (one called top T and

7900
ky = 3x—"—r

250 94,8 kN/rad

2= = 33,21 kN /rad

Table 5
Comparison of the rotational stiffness of composite beams with cellular and solid web profiles
. h L k K,. K,
Profile n (m) (m) (kN/rad) | (kN/rad) (kN/Tad)
VC331.2 30 0.323 8.546 94.800 13.553 11.858
. h L k k k. Ratio
Profile n (m) (m) (kN/rad) (kN/rad) (kN/fad) (k. / k)
VP331.2 0 0.323 8.546 94.800 33.211 24.595 0.482
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the other bottom T). For the composite beam with the solid web, of
constant cross section along the span, the geometric properties of
the | section were used, such as in Figure 17 (a) and (b).

The hogging moment diagram was considered constant, such that
w is equal to 1 and C_, is equal to 6.2. With all the remaining
parameters calculated, it was possible to find the elastic critical
moment of the composite beams under study. The results are
presented in Table 6. It can be noticed that the presence of
openings in the cellular profile reduces the elastic critical moment
value in approximately 32.4%.

6. Conclusion

EE

In this work, a formulation for the determination of the rotational
stiffness ofthe cellularweb was presented and studied. Furthermore,
its application on the computation of the elastic critical moment of
composite beams with cellular profile was presented, based on
the inverted U-frame mechanism. This formulation was derived
from the Principle of Virtual Work, and determined the rotational
stiffness of the cellular profile web after the lateral displacement
of a plate with a circular centered opening with height equal to the
distance between the centroids of the top and bottom flanges. To
validate the equation, numerical modeling using the Finite Element
Method was implemented to obtain the lateral displacement of the
cellular profile web by means of an elastic analysis.

The stiffness results from the analytical formulation of the cellular
web were always superior to the numerical, but the relative
deviation was never above 10%. Therefore, a reduction coefficient
of 0.9 was proposed for the cellular profile web stiffness equation.
To exemplify, the developed formulation was used to determine the
rotational stiffness and with it the LTB elastic critical moment of a
composite beam with cellular profile built from the W200x26.6 profile.
The values of rotational stiffness and elastic critical moment of this
beam and of another composite beam with equivalent height and with
a solid web were compared. It was observed that the rotational stiffness
of the cellular web composite beam is 48.2% the stiffness of the solid
web composite beam. The composite beam with cellular profile had an
elastic critical moment 32.4% smaller than the solid web beam.

It was attempted to take into consideration all factors involved in
the LTB of composite beams with cellular profiles, due to concerns
of reliability of the developed formulation. As the number of cases
covered in this research was limited, further investigation is
necessary to assure the generality of the proposal.
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Abstract
E——

In the region of negative bending moments of continuous and semi-continuous steel and concrete composite beams, the inferior portion of the
steel section is subjected to compression while the top flange is restricted by the slab, which may cause a global instability limit state know as
lateral distortional buckling (LDB) characterized by a lateral displacement and rotation of the bottom flange with a distortion of the section’s web
when it doesn’t have enough flexural rigidity. The ABNT NBR 8800:2008 provides an approximate procedure for the verification of this limit state,
in which the resistant moment to LDB is obtained from the elastic critical moment in the negative moment region. One of the essential parameters
for the evaluation of the critical moment is the composite beam’s rotational rigidity. This procedure is restricted only to to steel and concrete
composite beams with sections that have plane webs. In this paper, an equation for the calculation of the rotational rigidity of cellular sections was
developed in order to determine the LDB elastic critical moment. The formulation was verified by numerical analyses performed in ANSYS and its
efficiency was confirmed. Finally, the procedure described in ABNT NBR 8800:2008 for the calculation of the critical LDB moment was expanded
to composite beams with cellular sections in a numerical example with the appropriate modifications in geometric properties and rotational rigidity.

Keywords: cellular profile, rotational stiffness, lateral distortional buckling, elastic critical moment.

Resumo

Na regido de momento negativo das vigas mistas de ago e concreto continuas e semicontinuas, a parte inferior do perfil de aco esta sujeita a
compresséo, enquanto a mesa superior esta travada pela laje, o que pode ocasionar um estado limite de instabilidade global denominado flam-
bagem lateral com distor¢do (FLD) caracterizado por deslocamento lateral e giro da mesa inferior mediante a distorgéo ocorrida na alma do perfil
de aco caso esta ndo possua rigidez flexional suficiente. AABNT NBR 8800:2008 fornece um procedimento aproximado para verificagdo desse
estado limite pelo qual se obtém o momento fletor resistente a FLD a partir do momento critico elastico da regido de momento negativo. Uma
grandeza fundamental para se chegar ao valor do momento critico elastico é a rigidez rotacional da viga mista. O procedimento da ABNT NBR
8800:2008 se restringe somente as vigas mistas de ago e concreto com perfis de ago de alma cheia. Nesse trabalho, uma formulagao analitica
para o calculo da rigidez rotacional da alma de um perfil celular foi desenvolvida com vistas a determinagdo do momento critico elastico a FLD. A
formulagao foi verificada por analises numéricas desenvolvidas no ANSYS que comprovaram a sua eficiéncia. Por fim, o procedimento descrito
na ABNT NBR 8800:2008 para calculo do momento critico a FLD é estendido a vigas mistas com perfil de ago celular em um exemplo numérico
com as devidas modificagdes nas propriedades geométricas e na rigidez rotacional.

Palavras-chave: perfil celular, rigidez rotacional, flambagem lateral com distorgdo, momento critico elastico.
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1. Introducgao

EE

Viga mista de ago e concreto, de acordo com a ABNT NBR
8800:2008 [1], consiste em um componente de ago simétrico em
relagéo ao eixo de flexdo, que pode ser um perfil | ou uma treliga,
com uma laje de concreto acima de sua face superior. Deve haver
ligagdo mecéanica por meio de conectores de cisalhamento entre
o componente de ago e a laje, de tal forma que ambos funcionem
como um conjunto para resistir a flexao.

Nas vigas mistas de ago e concreto continuas ou semicontinuas,
as regides proximas aos apoios internos ficam sujeitas a
momentos negativos e, como a mesa inferior e parte da alma
estdo comprimidas, a viga estara sujeita a flambagem lateral com
distorgéo (FLD), flambagem local da mesa (FLM) e flambagem
local da alma (FLA).

A ABNT NBR 8800:2008 [1] fornece um procedimento
aproximado para verificagdo do estado limite de flambagem
lateral com distor¢do (FLD), similar ao da norma europeia EN
1994-1-1:2004 [2], com base no comportamento do mecanismo
“U” invertido, pelo qual se obtém o momento fletor resistente a
FLD a partir do momento critico elastico da regiao de momento
negativo. Uma grandeza fundamental para se chegar ao valor
do momento critico elastico € a rigidez rotacional da viga mista
Esse procedimento fornecido pela norma se restringe somente
as vigas mistas com perfis de ago de alma cheia. A investigagao
da flambagem lateral com distor¢gdo de vigas mistas com perfil
celular é algo ainda recente.

2. Flambagem lateral com distorgao
EE

A Flambagem Lateral com Distor¢do acontecera na regido de
momentos negativos das vigas mistas continuas e semicontinuas
devido a compressdo da mesa inferior e a tendéncia desta
de flambar em relacdo ao seu eixo de maior inércia, ja que em
relagéo ao eixo de menor inércia é impossivel devido a restricao
da alma do perfil. Caso a alma nao tenha rigidez suficiente a flexao
lateral, ela distorce e a mesa comprimida desloca lateralmente
acompanhada de uma torg¢ao. (Figura 1)

O modelo considerado pela ABNT NBR 8800:2008 [1] para
representar o comportamento de uma viga mista a FLD é o
mecanismo “U” invertido. Esse mecanismo é formado por duas

Figura 1
Flombagem lateral com distor¢do [3]
Adaptada pelos autores

ou mais vigas paralelas conectadas por meio de conectores de
cisalhamento a uma mesma laje, conforme a Figura 2.

Resultados experimentais de Fan [5] comprovaram que o
mecanismo “U” invertido é mais adequado para representar o
comportamento de uma viga mista a FLD do que o mecanismo “T”
formado por uma Unica viga de ago conectada a laje de concreto por
meio de conectores de cisalhamento. O mecanismo “U” consegue
retratar de forma mais realistica as restricdbes ao deslocamento
lateral e a torgao impostas a mesa inferior do perfil de ago pela
laje de concreto. A rigidez desse mecanismo em relagao ao eixo
longitudinal dos perfis de ago € chamada de rigidez rotacional (£ ).
Segundo Johnson [6], a rigidez rotacional de uma viga mista
relaciona uma forga de perturbagdo F na mesa inferior dos perfis
de aco com a rotagao 6 e consequentemente com o deslocamento
lateral 3 nessas mesas conforme Figura 3. Essa rigidez, aplicada
a uma mola de rotagéo situada na mesa superior de uma viga,
permite reproduzir a influéncia do mecanismo “U” na resisténcia a

— —1

Figura 2
Mecanismo "U” invertido [4]
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FLD e é obtida por unidade de comprimento da viga, relacionando
o momento no ponto A, situado no centro geométrico da mesa
superior, ao angulo de rotagdo, conforme equagéo 1:
k, = '|
)
A M

onde F ¢é a forga aplicada na mesa inferior, h, € a altura da alma do
perfil de ago, medida de centro a centro das mesas.

Adeterminagé&o da rigidez rotacional (k) diretamente pela equagéo
(1) depende de analises experimentais ou numéricas de alto
grau de complexidade. A ABNT NBR 8800:2008 [1] fornece um
método direto e simplificado de resolver o problema, encontrado
em Johnson [6]. O método consiste em obter as rotagdes isoladas
devido a flexao transversal da laje de concreto, a distorgao da
alma e a deformagéo do conector de cisalhamento. Assim, pode-

flexao da laje

distor¢céo

da alma\f

deformacao

da conexao
de

cisalhamento

[

Figura 3
Rigidez rotacional de uma viga mista [4]
Adaptada pelos autores

se obter o valor da rigidez rotacional do sistema em funcéo da
rigidez a flex&o da laje (k,), da rigidez a flexé&o da alma do perfil (k,)
e da rigidez a flexo da conex&o de cisalhamento (k,), conforme
a conhecida expresséao da resultante de molas ligadas em série.
1 1 1 1

Bt )
Para a rigidez a flexdo da laje fissurada na diregao longitudinal dos
perfis de aco, pode-se considerar a laje como uma viga engastada
nos perfis, Johnson [6]. Aplicando rotagdes unitarias nos engastes,
0s momentos que surgem sao as rigidezes procuradas em cada
apoio conforme a Figura 4. Generalizando, tem-se a rigidez a
flexao da laje por unidade de comprimento:

Ky = a(il)z (3)

Kr

Figura 4
Rigidez & flexdo da laje fissurada [4]

e
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ho

Figura 5
Rotational stiffness of the profile web [4]

Onde a € o coeficiente que depende da posigéo da viga analisada,
ou seja, se a viga situa-se na extremidade da laje, o € igual a 2, se a
viga for interna, a é igual a 3 (para vigas internas com quatro ou mais
vigas similares, pode-se adotar igual a 4). O termo (El), é a rigidez
a flexado da segédo mista homogeneizada da laje, desconsiderando o
concreto tracionado, por unidade de comprimento, tomada como o
menor valor entre as rigidezes no meio do vao e no apoio interno. O
valor de a é a distancia entre as vigas paralelas.
Para a rigidez a flexao da alma do perfil de ago, como pode ser
observado na Figura 5, considera-se a alma como uma placa en-
gastada no centro geométrico da mesa superior € livre no centro
geomeétrico da mesa inferior, Jonhson [6]. A for¢a horizontal F que
atua na mesa inferior esta relacionada com o deslocamento §,.
Considerando o valor da rigidez a flexdo da placa por unidade de
comprimento, obtém-se:

0

_ Eqt;,
" 4ho(1—v2)
onde {, € a espessura da alma, E, médulo de elasticidade e v, o
coeficiente de Poisson do ago.
Arigidez da conex&o de cisalhamento, k,, depende de um grande
numero de fatores, o que torna praticamente impossivel de obté-la
analiticamente. Essa rigidez costuma ser muito elevada, entdo &
desprezada por diversos métodos de calculo, inclusive pela o da
ABNT NBR 8800:2008 [1]. De acordo com Johnson and Molenstra
[7], experimentos em vigas mistas de pontes mostraram que a
rigidez da conexdo de cisalhamento afeta em menos de 1% a
rigidez rotacional total.
Calenzani et al. [8] apresentaram uma formulagao para determinar
a rigidez rotacional de vigas mistas com perfis de alma senoidal
com base nos resultados de quatro protétipos experimentais
representativos do mecanismo “U” invertido que foram utilizados no
desenvolvimento e calibragdo de um modelo numérico de elementos
finitos. Para avaliar os par@metros que influenciam a rigidez rotacional
dessas vigas, sessenta e oito modelos numéricos foram processados.
O momento critico elastico a FLD (M) € definido pela Equagéo 5
de acordo com aABNT NBR 8800:2008 [1] que utiliza a formulagao
de Roik, Hanswille e Kina [9].

ka

Distorgdo /)
da alma

ho

Cdist er2
|6+ ) Elegy

()

onde G é o médulo de elasticidade transversal do ago; L € o compri-
mento da viga entre apoios verticais (exige-se que ambas as mesas
do perfil de ago possuam contengéo lateral nesses apoios), J é a
constante de torgéo do perfil de ago, /., € o momento de inércia

? Cafy
da mesa inferior do perfil de ago em relagéo ao eixo y, C._ € um

dist

coeficiente que depende da distribuicdo de momentos fletores no
comprimento L, o, é um fator relacionado a geometria da segéo
transversal da viga mista, k ¢ a rigidez rotacional da viga mista.

Vigas mistas com perfil de ago celular, Figura 6, vém sendo
correntemente utilizadas na construgcdo de edificios devido a
inUmeras vantagens tais como: boa resisténcia em relagdo ao
seu peso que surge como resultado do aumento da sua altura,
possibilidade de construgdo de vaos longos, passagem de dutos
de servigos através das aberturas nas almas das vigas, entre
outras. Entretanto, essas vigas ndo sao abordadas pelas principais

M = Ay

s S ——
Figura 6
Aplicacdo de viga mista com perfil celular [10]
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o Protétipos de vigas mistas com perfil celular

Figura 7

Experimentos em vigas mistas com perfil celular [12]

normas de projeto, sendo necessario recorrer a guias de projeto
para o seu dimensionamento, tais como o de Lawson e Hicks
[10] e o de Ward [11]. Em se tratando o comportamento na regiao
de momento negativo, poucas pesquisas sobre a FLD de vigas
mistas com perfis de ago celular s&o encontradas na literatura.
Gizejowski e Khalil [12] desenvolveram um trabalho experimental
para avaliar o comportamento de vigas mistas de ago e concreto
com perfis de ago com aberturas na alma, sujeitas a momento
negativo. Doze protétipos foram ensaiados, considerando seis
com vaos longos para representar os casos nos quais a flexao
controla o comportamento das vigas e seis com vaos curtos
para considerar o efeito de cisalhamento. Trés diferentes tipos
de abertura na alma do perfil de ago foram analisados: abertura
retangular, hexagonal e circular. Em todos os ensaios, Gizejowski
e Khalil [12] observaram o modo de flambagem lateral com
distorgao (Figura 7). O deslocamento lateral com uma pequena
deformacao de distorgao da alma do perfil de ago predominou nas
vigas de vaos longos com aberturas circulares ou hexagonais.
Para as vigas com abertura retangular, e para todos os prototipos
com vaos curtos, predominou o modo de flambagem de torgao
com um pequeno deslocamento lateral da alma do perfil de aco.
Nesse trabalho, uma formulagéo analitica para o calculo da rigidez
rotacional da alma de perfis celulares é desenvolvida com vistas
a determinagdo do momento critico elastico a FLD. Além disso, o
procedimento da ABNT NBR 8800:2008 [1] de obtencado Momento
critico Elastico é exemplificado em uma viga mista formada
por perfil de ago celular, com as adaptagbes necessarias nas
propriedades geométricas e na rigidez rotacional.

3. Proposigao de formulagao analitica
para rigidez rotacional da alma celular

A metodologia utilizada na determinacdo analitica da rigidez
rotacional da alma de perfis celulares inicia-se pelo calculo do
deslocamento transversal de uma placa com abertura circular. Para
obtengao desse deslocamento, um modelo simplificado utilizando a
teoria de elementos lineares e o principio dos trabalhos virtuais (PTV)

foi utilizado. Esse modelo, apresentado na Figura 8, representa uma
barra de comprimento igual a distancia entre os centros de mesas
superior e inferior do perfil de ago e de segao transversal variavel
devido a abertura. A forga é aplicada na extremidade inferior da
placa. Foi considerada apenas uma abertura centralizada na placa.
O modelo simplificado foi dividido em trés regibes para a integra-
¢ao, regides 1, 2 e 3, Figura 9. A primeira regiao estende-se do en-
gaste até o inicio da abertura circular, a segunda abrange a area
da abertura da placa, e a terceira, estende-se do fim da abertura
até a extremidade inferior da placa. A necessidade da divisdo do
modelo deve-se a variagdo do momento de inércia da placa. O
deslocamento total do modelo simplificado, &,, € igual a soma dos
deslocamentos da placa, 3, ;, 3,, € J,, correspondentes respecti-

2,17 Y22
vamente aos comprimentos /,, I, e /,, portanto:

Figura 8
Modelo simplificado para formulacdo analitica
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Figura 9
Regides para infegracdo

8, =681+ 8224823

)

Para obter o deslocamento do primeiro trecho, da parte engastada
até o inicio da abertura, utiliza-se a equagéo 7.

B
821 = J; s d r (ho — do)® (7)

~ dx= ——
El 24E]

Para a terceira parte, do fim da abertura até a extremidade inferior

da alma, o procedimento se assemelha ao da primeira parte, uma

vez que o momento de inércia é constante, mudando apenas os

limites de integragéo, conforme:

ho  Fx? F ho + dg)3

623=f —dx = — hOS_M
’ honrdo El 3EI 8

Para o segundo trecho, os limites de integragéo correspondem ao

didmetro da abertura e a equagéo do deslocamento fica:

ho+d
s [ 2 12Fx? J
225 Jy-dy . v * )
Etj|b-2 |F —(7°—x)

Para solucionar a Equagao (9) foi necessaria a utilizagédo do software
MATHEMATICA 10.3 [13]. O software apresentou uma solugéo com
nimeros reais e complexos. Apds manipulagdes matematicas,
chegou-se a equagao do deslocamento do segundo trecho.

62,2
=155 (4bd0 +m(26° — dy” = 2hy?) )

(10)
_ (b = bd§ — bh{) dy

4arctg +2m

/bz —d?

b? — dy?

Obtidos os deslocamentos individuais, obtém se a equacéo para
o deslocamento de uma placa com furo centralizado e uma forga
aplicada em sua extremidade inferior:

)

_F
" Ebt3,

(4ho® — 3doh} — do*)

3b
+ 5 (4bdo + (20" - do” — 2ho%))

(1)

(b - bdy® — bhy?) do

- 4arctg | ———
/bz—do2 /bz—doz

Um modelo genérico com base no modelo simplificado de placa
com uma abertura centralizada é proposto para determinagéo
do deslocamento transversal de uma placa com n aberturas.
Sabendo-se que a alma celular possui diversas aberturas
igualmente espagadas da distancia s, e que a primeira e a ultima
abertura ficam distantes de s, das extremidades, Figura 10, o
modelo genérico foi gerado agrupando-se n placas centrais de
largura s a duas placas de extremidade de largura igual a soma de
s, com 0,5d, e 0,5s.

A alma do perfil submetida a forca F na sua extremidade inferior
apresenta um deslocamento lateral igualitario ao longo do compri-
mento da viga, uma vez que esta conectada a mesa inferior que é
rigida. Por isso, esse trabalho propde obter o deslocamento lateral
da alma celular com n furos, §, , por meio da média ponderada
dos deslocamentos das placas isoladas (centrais e de extremida-
des) em relagdo ao comprimento de cada placa. Os deslocamen-

+ 21
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LLLLL L

o

Se | do/2

s/2

Figura 10
Modelo para viga celular com n aberturas

tos 3, ...€ 3, ., sdo calculados por meio da Equacgéo (11), onde
a largura b é tomada igual a s para as placas centrais e igual a s,
+0,5d, +0,5s para as placas de extremidades. A forga F aplicada
nas placas deve ser distribuida de forma proporcional ao compri-

mento de cada placa isolada.
(12)

2(59 + 0;5d0 + 0;55)62,ext + (n - 2)562,cent
2,c = L

Para o célculo da rigidez rotacional do perfil celular, tomam-se

como base as Equagdes 11 e 12. Substituindo a equagdo dos

deslocamentos (de uma placa e de n placas), é possivel obter a

rigidez rotacional de uma barra com uma abertura circular e para n

aberturas, respectivamente apresentadas nas Equagdes 13 e 14.

_ Et3ho’
- 3 2 3 3b
(4hy’> — 3dohy” — d )+T

4bdy + m(2b® — dy* — 2h¢%)

kz,c

(13)

_ (b® = bdy* = bhy®) dy

4arctg | ————
/bz—doz /bz—azo2
Fh3
k2 c

© = 2(s + 0,5dg + 0,55)87 oxe + (11— 2)567,cont

+2n

(14)

4. Avaliagcao numérica da formulagao
de rigidez da alma celular

Modelos numéricos foram definidos para simular o comportamento
da alma do perfil celular em regime elastico por meio do método
dos elementos finitos (Figura 11). Os resultados numéricos de
deslocamento lateral da placa da alma e consequentemente
da sua rigidez foram obtidos e comparados com os resultados
analiticos. O objetivo era avaliar a formulagao analitica para sua
posterior utilizagéo no calculo do momento critico elastico de vigas
mistas com perfis celulares.

A modelagem numérica foi realizada utilizando-se o software

LLLL L L L L

L

de analise de elementos finitos ANSYS 15.0 [14]. Foram
implementados modelos tridimensionais em elementos finitos de
placa, desenvolvidos para retratar de forma mais realistica possivel
o comportamento estrutural das placas com aberturas circulares.
Para representar a alma do perfil de ago celular, elementos de
casca SHELL181 foram utilizados. O SHELL 181 é recomendado
para modelar estruturas de espessura fina a moderadamente
grossa, sendo util em analises lineares, ndo-lineares, com grandes
deslocamentos e grandes deformacgdes, ANSYS 15.0 [14]. Esse
elemento ¢ definido por quatro nés e seis graus de liberdade por
no, translagdes e rotagdes nas trés dire¢cdes ortogonais. Diversos
autores utilizaram o elemento SHELL 181 em modelos numéricos
de vigas com perfis de ago e vigas mistas de ago e concreto
considerando analises lineares, ndo lineares e de flambagem.
Dentre eles, podem-se citar os trabalhos de Abreu [15], Calenzani
[4] e Oliveira [3].

A resisténcia ao escoamento do ago da alma do perfil celular foi
tomada igual a 34,5 kN/cm?. O coeficiente de Poisson e o modulo
de elasticidade foram tomados iguais a 0,3 e 20000 kN/cm?,
respectivamente.

Para simular as condi¢gdes de contorno, na extremidade superior
da alma celular, os deslocamentos e rotagées nas diregbes

ANSYS

R15.0

ELEMENTS

R

et

=+
3

Figura 11
Modelo numeérico da placa celular - frontal
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globais x, y e z foram impedidos. Na extremidade inferior, o
deslocamento dos nos foi acoplado, fazendo com que houvesse
um deslocamento igualitario ao longo do comprimento do modelo,
simulando a mesa inferior. Essa restrigdo foi dada para considerar
o efeito diafragma proporcionada pela mesa inferior que néo foi
modelada. O carregamento foi distribuido aos nés que compdem
a linha da extremidade inferior da placa para uma melhor
convergéncia do modelo. A intensidade da forga total aplicada ao
modelo foi de 10 kN.

O ANSYS 15.0 [14] possui duas alternativas para a geragdo da
malha de elementos finitos, livre ou mapeada. Amalha de elementos
finitos foi definida como uma malha livre, em vez de mapeada
devido a simplicidade do tipo de analise. Para determinagéo do
tamanho ideal de malha foi utilizado um modelo especifico de
um perfil laminado W200x26,6 adaptado para um perfil celular
com uma abertura. Esse modelo por sua vez tem 0,3228 m de
altura, 0,4306 m de comprimento e diametro de 0,2153 m. As
malhas foram geradas com elementos de 0,01 a 0,1 m de lado
(variando-se o tamanho dos elementos em 5 mm) e os resultados
de deslocamento na diregdo normal a placa foram anotados, bem
como o numero de elementos em cada modelo. A partir desses
dados, calculou-se o valor do desvio relativo entre duas medigoes
consecutivas. Os valores obtidos sao apresentados na Tabela 1.
A Figura 12 apresenta o grafico que relaciona o deslocamento
maximo de cada modelo com sua quantidade de elementos nos
modelos analisados. Observa-se pelo comportamento assintético
do grafico que a convergéncia dos resultados ocorre a partir de
um deslocamento igual a 0,118 m. Um ponto correspondente a
malha com 71 elementos forneceu um valor de deslocamento fora
do padrao da curva, demonstrando uma oscilagao do resultado
numérico, porém nao ha comprometido da analise do estudo de
malha desenvolvido, uma vez que se trata de pequena oscilagao
em um unico ponto. Tomando como base os resultados analisados,
a malha utilizada € de 0,01 m. Esta apresentou resultados com
precisdo adequada e, apesar de mais discretizada que aquela
que apresenta resultados com boa convergéncia de solu¢ao, néo
apresentou elevado tempo de processamento computacional.

No processo de desenvolvimento algébrico da equagcdo para
determinagédo da rigidez rotacional da alma celular, considerou-se

0,1200

Tabela 1
Estudo de malha

Taerl?;\;\:fgo méx Quantidade Desvio
(m) (m) de elementos | (5,-3,,,)/3,
0.01 0.1189 1096 0,0017

0.015 0,1187 498 0,0025
0,02 0.1184 291 0.0017
0.025 0,1182 195 0,0034
0,03 01178 128 0,0025
0,035 01175 114 0.0043
0,04 0,1170 81 0,0051
0.045 01164 71 0,0069
0,05 0,1156 58 -0,0043
0,055 0,1161 37 0,0000
0.06 0,1161 37 0,0121
0,065 0,1147 30 0.0044
0,07 0,1142 28 0,0149
0,075 0,1125 30 -0,0027
0,08 01128 26 0,0168
0,085 0,1109 23 0,0469
0,09 0,1057 23 0,0000
0,095 0,1057 23 -0,0095

0.1 0,1067 21 -

apenas analise linear geométrica e de material. Desta forma, para que
as analises pudessem ser comparadas, a analise pelo método dos
elementos finitos também foi feita linear. Uma vez que a metodologia
normativa é feita em carater linear elastico, para o desenvolvimento
da férmula também é valido que se utilize uma analise linear.

Para a validagao da formulacdo analitica mediante os resultados
numéricos, foram selecionados trés diferentes perfis laminados

-

0,1180

0,1140 1
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Figura 12
Deslocamento méximo x quantidade de elementos
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Tabela 2
Modelo padrdo

d d S S

0 e

065*d | 1.3*d, | 05%d,

Modelo

padrdo 1.67dg

para geracao dos perfis celulares. A escolha dos perfis laminados
de abas paralelas foi feita de forma a abranger todo intervalo de
altura do catalogo de perfis da fabricante Gerdau Agominas. Essa
analise abrangeu doze modelos com caracteristicas geométricas
obtidas a partir de um modelo padréo pré-definido.

Costuma-se utilizar a proposta de Harper apud Abreu [15] para
os limites dos parametros construtivos de perfis celulares, onde
o diametro da abertura (d,) varia de 0,57 a 0,8 da altura do perfil
celular (d) e o espagamento entre aberturas (s) varia de 1,08 a 1,5
do didmetro da abertura. Assim, o perfil celular do modelo padrao
teve os parametros construtivos: altura expandida do perfil (d),

diametro da abertura circular na alma do perfil (d,), espagamento
entre aberturas (s), distancia entre a extremidade do perfil e o inicio
da abertura circular (s,) selecionados de acordo com a Tabela 2.
Os perfis laminados selecionados sédo apresentados na Tabela
3 juntamente com os parametros geométricos adotados para os
perfis celulares. Em cada perfil celular, a quantidade de aberturas
em sua alma foi variada, e consequentemente, o seu comprimento
total. Os modelos apresentaram uma, dez, vinte e trinta aberturas.
De posse dos modelos a serem analisados, criou-se uma simbologia
para identificagdo dos modelos de alma celular, a saber: Cperfil_ d/dg_
dy/d_s/d, s/d, n, onde Cperfil indica viga celular com a designagao
do perfil original e as variaveis d, dg, d, S, s, e nséo as propriedades
geométricas. C200x26,6_1,6 0,65 1,3 0,5 1, por exemplo, significa
uma viga celular com perfil original W200x26,6, razéo entre a altura
final e a altura do perfil original, d/dg, igual a 1,6, razéo entre o didametro
da abertura e a altura final, d/d, igual a 0,65, raz&o entre a distancia
entre aberturas e o diametro da abertura, s/d,, igual a 1,3, raz&o entre
a distancia da extremidade ao inicio da abertura e o didmetro da
abertura, s /d,, igual a 0,5 e por ultimo o nimero de aberturas.

Tabela 3
Perfis para validacdo da formulacdo analitica
d d ] S L
Modelos n (m) (m) (m) ) (m)
1 0,331 0.215 0.279 0.107 0,431
200x26.6 10 0,331 0.215 0.279 0.107 2,949
20 0,331 0.215 0,279 0.107 5,748
30 0,331 0.215 0.279 0.107 8,547
1 0,651 0,423 0,550 0.212 0,847
10 0,651 0,423 0,550 0.212 5,799
410x60
20 0,651 0,423 0,550 0.212 11,302
30 0,651 0,423 0.550 0.212 16,804
1 0,979 0.636 0.827 0.318 1,273
610x125 10 0.979 0.636 0.827 0.318 8,720
20 0,979 0,636 0.827 0.318 16,994
30 0.979 0.636 0.827 0.318 25,268
Tabela 4
Comparacdo de resultados analitico e numérico de rigidez da alma celular
Simbologia S(Zm)A 5(zm)N (kr'|(7°r’éd) (krll(?fgld) (k:jj\ll(ZN)
C200x26.6_1.60_0.65_1.3_0.5_1 0,331 0.215 0.279 0.107 0,431
C200x26.6_1.60_0.65_1.3_0.5_10 0,331 0.215 0,279 0.107 2,949
C200x26.6_1.60_0.65_1.3_0.5_20 0.331 0.215 0.279 0.107 5,748
C200x26.6_1.60_0.65_1.3_0.5_30 0,331 0.215 0.279 0,107 8,547
C410x60.0_1.60_0.65_1.3_0.5_1 0,651 0,423 0.550 0.212 0,847
C410x60.0_1.60_0.65_1.3_0.5_10 0,651 0.423 0.550 0,212 5,799
C410x60.0_1.60_0.65_1.3_0.5_20 0,651 0,423 0,550 0.212 11,302
C410x60.0_1.60_0.65_1.3_0.5_30 0,651 0.423 0.550 0,212 16,804
C610x125.0_1.60_0.65_1.3_0.5_1 0.979 0.636 0.827 0.318 1,273
C610x125.0_1.60_0.65_1.3_0.5_10 0.979 0.636 0.827 0,318 8,720
C610x125.0_1.60_0.65_1.3_0.5_20 0.979 0.636 0.827 0,318 16,994
C610x125.0_1.60_0.65_1.3_0.5_30 0,979 0.636 0.827 0,318 25,268
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70

Figura 13
Linha de ajuste perfeito

Para avaliar a equagéo analitica, os resultados dos modelos
numeéricos foram comparados com os da formulacdo da rigidez
rotacional da alma celular. A Tabela 4 apresenta os perfis

i

Figura 14
Vigas mistas com perfil de alma celular -
mecanismo U contfinuo

1,6d;

70

analisados, o deslocamento analitico obtido pela formulagao
proposta, o deslocamento numérico, a rigidez rotacional analitica
da alma celular, a rigidez rotacional numérica da alma celular e o
desvio relativo entre as rigidezes.

O desvio de aproximadamente 8% da formulagcdo analitica
em relagdo aos resultados numéricos pode ser atribuido as
simplificagbes adotadas no calculo analitico do deslocamento
da alma, onde a teoria de elementos lineares foi utilizada, e a
deformagéo por esforgo cortante foi ignorada. O programa tende a
concentrar a for¢a aplicada no modelo nos locais com maior rigidez
(locais com alma cheia) enquanto a equagao distribui a forca
aplicada na placa celular de forma proporcional ao comprimento da
placa analisada. Adicionalmente, a analise numérica considerou
a teoria de placas e cascas e os deslocamentos sao calculados
incluindo todas as solicitagdes impostas.

A Figura 13 apresenta o grafico da linha de ajuste perfeito
compreendendo os resultados analitico e numérico de rigidez
rotacional da alma celular dos doze modelos estudados. Pode-
se notar que os valores calculados pela equacao analitica tém
uma boa concordancia com os resultados numéricos. Todos os

\/

Figura 15
Modelo padrdo - vista lateral
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=

Figura 16
Modelo padrdo - disténcia entre vigas

pontos ficaram muitos préoximos da linha de ajuste perfeito, porém
levemente acima desta, indicando a necessidade de um ajuste da
equacgao por meio de um coeficiente de redugdo. Recomenda-se
entdo, o uso da equacgéo analitica desenvolvida nesse trabalho
para o calculo da rigidez rotacional da alma celular, utilizando um
coeficiente de redugéo de 10%. Portanto, a formulagéo proposta
para a rigidez rotacional de uma alma celular com n aberturas é:

0,9Fh3 (] 5)

k =
267 2(se + 0,5dg + 0,55)85,0x¢ + (11— 2)585,cent

5. Exemplo numérico de calculo

do momento critico elastico
EE
Nesse item, foi determinado o momento critico elastico a FLD
de duas vigas mistas de ago e concreto, uma com perfil celular
e outra com perfil de alma cheia de altura equivalente a do
perfil celular. A influéncia das aberturas da alma nos valores
da rigidez rotacional e no momento critico elastico foi avaliada.
A viga mista com perfil celular foi construida com o perfil
laminado, previamente estudado, W200x26,6. Adotou-se a
quantidade de 30 (trinta) aberturas na alma, o que fez com que
o véo da viga mista ficasse levemente superior a 25d, onde
d é a altura do perfil celular. Assim, ambas as vigas mistas,
de perfis celular e de alma cheia, tiveram o vao de 8,55 m e
a altura do perfil de ago igual a 331,2 mm (razéo d/dg =1,6).
As vigas mistas foram denominadas de VC 331,2 e VP 331,2
respectivamente, para o perfil celular e de alma cheia.
A laje utilizada nas duas vigas mistas € maciga de concreto
armado com altura de 10 cm. A armadura longitudinal negativa
foi considerada de didametro 12,5 mm a cada 15 cm e as
armaduras transversais positivas e negativas foram de diametro
6,3 mm a cada 20 cm. Os cobrimentos sdo: 3 cm para armadura
longitudinal negativa e transversal positiva e 4,2 cm para
armadura transversal negativa. O mdédulo de elasticidade do
aco e do concreto séo, respectivamente, 200000 MPa e 23800
MPa. A tensdo de escoamento do perfil de ago e da armadura
sao, respectivamente, 345 MPa e 500 MPa. Nesse exemplo de

calculo, a distancia transversal entre vigas mistas € de 250 cm
e escolheu-se determinar o momento critico elastico de uma
viga interna, como é possivel observar nas Figuras 14, 15 e 16.
Para o calculo da rigidez rotacional da laje, conforme a
ABNT NBR 8800:2008 [1] considerou-se a faixa de um metro
na diregdo transversal ao eixo da viga, de forma a obter-
se a rigidez rotacional por metro. Assim, cinco barras para a
armadura transversal, positiva e negativa, cabem dentro dessa
faixa. As areas de ago da armadura transversal, em 1 m de laje,
sdo de 1,55 cm?. Transformando a segao de concreto em aco,
a largura da laje e a inércia transformada, ignorando o concreto
tracionado sao de 11,9 cm e 0,395 cm?/cm respectivamente. A
rigidez a flexdo da se¢do mista homogeneizada por unidade de
comprimento da viga é calculada tomada como o menor valor,
considerando o meio do vao da laje, para momento positivo,
e um apoio interno da laje, para momento negativo. Neste
caso, os dois momentos de inércia sao iguais, uma vez que
as armaduras, positiva e negativa, apresentam a mesma area,
assim tem-se que (E/l), € 7900 kN/cm. Portanto, conforme a
Equacéo 3, fornecida pela ABNT NBR 8800:2008 [1], tem-se a
rigidez a flexdo da se¢do mista homogeneizada, adotando-se a
igual a 3 por representar vigas internas.

7900
ky = 3x——

X 250 =94,8 kN/rad (]6)

Apds a obtencdo da rigidez rotacional da laje, calculou-se
as rigidezes rotacionais da alma dos perfis de alma cheia e
celular. Para a alma cheia foi utilizada a Equacao 4 da ABNT
NBR 8800:2008 [1], com a espessura da alma igual a 5,8 mm
e a distancia entre centros de gravidade das mesas superior e
inferior igual a 322,8 mm.

20000.0,58°
= = 33,21 kN/rad
3.32,28.(1-0,3%) re (] 7>

2

Para a alma celular, a formulagéo proposta (Equagéo 15) foi
utilizada e o valor de sua rigidez foi de 13,55 kN/rad.

A Tabela 5 apresenta os resultados da rigidez rotacional da laje,
k,, das almas, celular, £, e cheia, £, , e da rigidez rotacional das

Tabela 5
Comparagdo da rigidez rotacional de vigas mistas com perfil celular e de alma cheia
, h L k k. k.
Perfi n (m) (m) (kN/rad) (kN/rad) (kN/rad)
VC331,2 30 0.323 8.546 94,800 13,553 11,858
. h L k k k, Razdo
Perfl n (m) (m) (kN/rad) (kN/rad) (kN/fad) (k. / k)
VP331.,2 0 0,323 8.546 94,800 33.211 24,595 0,482
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vigas mistas, £_para perfil celular e £ para perfil de alma cheia.
A rigidez rotacional das vigas mistas foi obtida pela equagéo da
rigidez equivalente de molas ligadas em série. Pode-se notar
que a presenca das aberturas no perfil celular faz com que o
valor da rigidez da viga mista reduza em 51,8%.

Para calcular o momento critico elastico, seguiu-se o
procedimento da ABNT NBR 8800:2008 [1], conforme a
Equacgéo 5. Para o célculo das propriedades geométricas da
viga mista com perfil celular foi utilizada a secéo transversal
do perfil celular no centro da abertura, o que consiste em dois
“T”s (um chamado de “T” superior e outro chamado de “T”
inferior). Ja para a viga mista com perfil de alma cheia, de
secao transversal constante ao longo do véo, utilizou-se as
propriedades geométricas da secao “I”, conforme Figura 17
(a) e (b).

Considerou-se um diagrama de momento negativo constante,
assim y é igual 1 e C,, € igual a 6,2. Com todos os demais
parametros calculados, foi possivel encontrar o momento
critico elastico das vigas mistas em estudo. Os resultados séo
apresentados na Tabela 6. Pode-se perceber que a presenca
das aberturas no perfil celular faz com que o valor do momento
critico elastico reduza em 32,4% aproximadamente.

6. Conclusoes

EE

Nesse trabalho, uma formulagdo para a determinacao da
rigidez rotacional da alma celular, e posteriormente sua
aplicagdo no calculo do momento critico elastico em vigas
mistas com perfil celular foi apresentada e estudada, tendo
como base o comportamento do mecanismo “U” invertido.
Essa formulagdo foi deduzida com base no Principio dos
Trabalhos Virtuais (PTV), que determinou a rigidez rotacional
da alma do perfil celular a partir do deslocamento lateral de
uma placa com abertura circular centrada de altura igual
a distancia entre os centros das mesas superior e inferior
do perfil. Para validar a equacéao, foi desenvolvida uma
modelagem numeérica, via Método dos Elementos Finitos, de
obtengao do deslocamento lateral da alma do perfil celular
por meio de analise linear elastica.

Os resultados da formulagdo analitica de rigidez da alma
celular sempre foram superiores aos numéricos, porém, o
desvio relativo nao foi maior que 10%, por isso, um coeficiente
de redugédo para a equacao da rigidez da alma do perfil celular
de 0,9 foi proposto.

Atitulo de exemplificacao, utilizou-se a formulacdo desenvolvida
nesse trabalho para determinar a rigidez rotacional e com ela,

o Perfil celular

9 Perfil de alma cheia
Figura 17

Secdo transversal considerada no cdlculo
das propriedades geométricas

o0 momento critico elastico a FLD de uma viga mista com perfil
celular, construida a partir do perfil W200x26,6. Comparou-
se o valor da rigidez rotacional e do momento critico elastico
dessa viga com o de uma viga mista de alma cheia de altura
equivalente. P6de-se notar que a rigidez rotacional da viga
mista celular é 48,2% da rigidez da viga mista de alma cheia. A
viga mista com perfil celular teve um momento critico elastico
32,4% menor que o da viga com alma cheia.

Procurou-se considerar da forma mais precisa possivel todos
os fatores envolvidos na questdo da FLD de vigas de mistas
com perfis celulares, visando a confiabilidade da formulagcao
desenvolvida, entretanto como um numero limitado de casos
foi abordado nessa pesquisa, investigagbes adicionais sao
necessarias para assegurar o mérito da proposta.
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Tabela 6
Comparagdo do momento critico eléstico de vigas mistas com perfil celular e de alma cheia
i h L krc crc
Perfi n (m) (m) (kN/rad) (KNSm)
VC331,2 30 0,323 8,546 11,858 14721,933
. h L k, - Razdo
perfil " (m) (m) (kN/fad) (kNC) M,,../M,,)
VP331,2 0 0,323 8,546 24,595 21785,558 0,676
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Abstract
E——

This paper describes the scene of the Real Class building collapse, a residential building with reinforced concrete structural system and located
in the urban area of the city of Belem / PA, occurred in 2011. The unconformities found in the building are displayed using data extracted from
reports and verification of structural and architectural designs. The data was compared with the Brazilian code for reinforced concrete structures,
NBR 6118 (2007), valid at the time of the accident. The security of the building was evaluated through a computer model with linear analysis with
the software used by the designer. The conditions of the structural system designed and as built was evaluated with parameters of global stability
and load capacities of columns and foundations. The results showed that the structure of the building was subject to large displacements and the
sections of columns were unable to resist the stresses produced by regional wind actions.

Keywords: reinforced concrete structures, strctural safety, global stability, collumns.

Resumo
E——

Neste texto sdo descritos o cenario do colapso do edificio Real Class, edificio residencial com sistema estrutural de concreto armado, situado
na zona urbana da cidade de Belém/PA, ocorrido em 2011. As inconformidades encontradas no edificio sdo exibidas através de dados extraidos
dos laudos e da verificagdo dos projetos estrutural e arquitetonico perante a norma de estruturas de concreto armado, NBR 6118 (2007), vigente
na época do acidente. A seguranga do edificio foi avaliada através da modelagem computacional com analise linear do edificio pelo software
utilizado pelo projetista. Foram analisadas as condi¢gdes do projeto e da estrutura executada diante da estabilidade global, capacidade de carga
das fundagdes e resisténcia dos pilares. Os resultados obtidos demonstraram que a estrutura do edificio estava sujeita a grandes deslocamentos
e as segdes dos pilares projetadas eram incapazes de resistir as solicitacdes das a¢des de vento incidentes na regido da edificagcdo.

Palavras-chave: estruturas de concreto armado, seguranga estrutural, estabilidade global, pilares.
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The collapse of Real Class building

1. Introduction

EE

Concrete structures are the most built in Brazil, being used both in
small and tall buildings with residential destination, because of the
facility that this structural system presents in its construction without
great technical investment in its execution. Tall buildings have been
used as lucrative solution in the occupation of large urban centers
suffering from lack of habitable areas, exaggerated growth rate and
high population density. The possibility of constructing tall and slen-
der structures using this constructive system resides in the possibil-
ity of using larger resistances for the structural elements and in the
facilities brought by the use of computational structural models.
According to CTBHU (Council on Tall Buildings and Urban Habi-
tat), a building is classified as tall if the number of floors is greater
than 14 or its height exceeds 50 m. Slenderness (relationship
between height and smallest dimension in the building plan) can
also be considered as impacting since structures with this coef-
ficient greater than 6 may present great dynamic sensitivity [1].
The structural modeling of tall buildings requires the evaluation of
effects that are generally neglected in smaller structures such as:
global stability, wind actions and soil structure interaction [2]. The
feasibility of the execution of slender buildings is also linked to the
adoption of specific structural systems, being very important the
evaluation of the impact of wind, as this increases in proportion to
the height of the building [3]. The adoption of the rigid frame sys-
tem with beams and columns is recommended for buildings up to
25 floors, and the rigid frame system associated with shear walls
is recommended for edifices of up to 40 floors [1], the most used
systems in Brazilian buildings.

Although collapses of tall buildings are rare, when they occur can
cause great commotion by impacting large numbers of people
socially and economically. Examples include the collapse of the
buildings Raimundo de Farias (Belem - 1987), Palace Il (Rio de
Janeiro - 1998), Areia Branca (Recife - 2004), Liberdade (Rio de
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Figure 1
Real Class building

Janeiro - 2012) Real Class, occurred in the city of Belem in 2011.
These accidents assessments are hampered by the fact that the
structures had reached the ultimate limit state and, in some cases,
had very poor documentation and records [4].

2. Description of the building

and scenario of collapse
EE
The residential building Real Class (Figure 1) was located in an
urban area in the central part of Belem city. The description for
the region of the building, according to the code regarding the wind
speedy [5], is of a flat urban terrain with vertical obstacles not ex-
ceeding 10 m. The building had 35 floors distributed in four areas
of common use (underground, ground, level 1 and level 2), 30 pat-
tern floors and a roof, totaling a height of 104.7 m, with maximum
values of 26.8 m in length and 13.9 m wide in plan, resulting in a
projection area of 298.4 m2.
The collapse of the building occurred around 13:45 p.m. on
January 29, 2011, under a tropical storm with wind gusts of 39.4
m/s [6] in some parts of the city, although the disclosed mea-
surement data only reported the maximum value of 10 m/s [7].
The debris reached the building area and were projected for
neighboring buildings (Figure 2) and part of a busy street. This
accident, whose consequences were not only worse due to the
time of its occurrence, killed three people (two workers and one
resident of a house adjacent to the building), generating doubts
in the population about the quality of the structures produced in
the state of Para.
The structural system adopted in the design of the building was the
one of reinforced concrete rigid frame system with conventional
slabs. The dimensions of peripheral beams were 120 mm x 650
mm and the internal beams dimensions were 120 mm x 500 mm,
with these dimensions varying for other floors of the structure. The
dimensions of the building elements are shown in the plan view of
the pattern pavement (Figure 3) and cross section views (Figure 4
and Figure 5). The foundations were of spread footings over pile
caps with 600 mm in diameter and 9 m in length. The concrete was

House damaged by the Real Class building debris

Kt

IBRACON Structures and Materials Journal * 2018 « vol. 11 +n°®2



R. J. C. RIBEIRO | D.R. C. OLIVEIRA

specified with compressive strength of 35 MPa for the superstruc-
ture and 20 MPa for the foundations.
Two committees were established to assess the causes of the ac-

Figure 3
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cident and to report to society: one of a technical-scientific nature,
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by the Para State government through the Renato Chaves Institute
(IRC) [9]. The reports of the two committees were based on the
analysis of the materials of the structure, as well as the architec-
tural, structural and foundations designs.

The two committees have adopted similar strategies for assess-
ing the collapse. The IRC expert team used the verification of the
compliance of the foundations and structural design, in face of the
current code prescriptions and laboratory tests of the materials
used in the structure [9]. In addition to the previously mentioned
approach, GAEMA used the computational modeling of the build-
ing to verify undeclared or non-detectable characteristics in a pre-
liminary analysis of structural design, both for ultimate limit state
(ULS) and the service limit state (SLS) [8].

2.1 General design unconformities from reports

The Brazilian code for reinforced concrete structures [10] recom-
mended for the region of construction of the building a concrete
cover value of 20 mm for slabs and beams and 25 mm for columns.
These values were not fulfilled in the design, once the value of 15
mm for all structural elements was used. Concrete cover values,

according to the recommendation of the same design code, would
limit the maximum diameter used in the longitudinal reinforcement
of the elements by 12.5 mm. Instead there were reinforcement bars
with 16.0 and 20.0 mm diameter in the beams of the underground
floor, engine room, roof elements and columns of the first five sto-
ries of the structure mainly. The stirrups adopted in the structural
design (¢, = 4.2 mm) had a diameter lower than the design code
recommended (¢ = 5.0 mm), as well as the transverse reinforce-
ment ratio, with 78% of the elements presenting spacing values
higher than the maximum allowed.

The values of the maximum longitudinal reinforcement ratio of the
columns were incompatible with the design code recommenda-
tions. According to Figures 6, 7 and 8, the maximum reinforcement
rate values exceeded the code value of 8% of the cross sections
area of the columns P03, P04, P10, P22 and P24. Also, according
to the report [9], the longitudinal reinforcement presented discrep-
ancies between the structural design and the as built. The differ-
ence between the designed steel area and the executed is shown
in Table 1, in which the columns P04, P10 and P21 exceeded 30%.
According to the results presented by the two reports, the steel
used in the building proved to be suitable, since tests indicated a
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Peripheral columns reinforcement ratios

yield stress above 500 MPa for 10 mm CA-50 steel samples taken
from the columns. The specific code for characterization of this
material [11] considers the yield stress referring to a strain of 2 %o
and the minimum tensile stress of 1.08 f,.

The concrete compressive strength (f) was differently checked
in each report through sclerometry tests and extraction of proofs.
Nine sclerometry tests were performed randomly on non-damaged
elements length, three from slabs, three from beams and three
from columns, with average results of 42 MPa, 40 MPa and 45
MPa, respectively [8]. In the tests with extracted proofs the ele-
ments were identified and the respective resistances were found
[9]. Table 2 summarizes the test results on the concrete, which was
considered satisfactory.

2.2 Structure and foundations assessment

Computational modeling using the software CAD TQS, a software
widely used in Brazil in the design of reinforced concrete structures,
was carried out by GAEMA to assess the structural behavior. This
team made use of the rigid frame system with all floors modeled
using grid analogy and according to the design code prescribed
loads. The wind speed adopted in the model was 32 m/s, i.e. the

Table 1
Designed and built columns’ reinforcements [9]
As built Design Difference

Column Quantity Di?n"]“:;e’ Quantity Dig:‘rﬁ;e’ (’;’;3) b (%)
P01 10 12.5 14 10.0 -128 -12%
P 02 22 12.5 16 16.0 517 16%
P03 48 16.0 50 16.0 402 4%
P04 24 16.0 36 16.0 2413 33%
P05 24 12.5 18 16.0 674 19%
P 06 10 12.5 14 10.0 -128 -12%
P07 10 10.0 10 10.0 0 0%
P08 8 12.5 8 10.0 -353 -56%
P 09 28 16.0 20 20.0 653 10%
P10 34 12.5 34 16.0 2664 39%
P11 18 12.5 28 10.0 -10 0%
P12 38 10.0 38 10.0 0 0%
P13 16 16.0 38 10.0 -232 -8%
P14 18 12.5 28 10.0 -10 0%
P15 34 10.0 34 10.0 0 0%
P16 34 10.0 34 10.0 0 0%
P17 10 10.0 10 10.0 0 0%
P18 18 12.5 28 10.0 -10 0%
P19 8 16.0 20 10.0 -38 2%
P20 8 12.5 8 10.0 -353 -56%
P21 12 12.5 30 10.0 884 38%
P22 42 16.0 30 20.0 980 10%
P23 34 12.5 76 10.0 1797 30%
P24 42 16.0 34 20.0 2237 21%
P25 8 12.5 16 10.0 275 22%
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average speed prescribed for the area in which the city is located,
according to the specific code for wind action on structures [8].
The results obtained by the GAEMA team demonstrated that the
building had large displacements for both the ULS and the SLS.
Under a second order analysis, the structure was considered flex-
ible. According to this technical report, only 4 of the 25 columns
presented geometric characteristics that could be dimensioned ac-
cording to the design code requirements, and the reinforcement
was found to be significantly superior [8]. The columns responsible
for the collapse are shown in Figure 9, with the columns P16, P17
and P22 showing instability under the action of wind at 32 m/s [8].
However, the P04, P07 and P08 columns would collapse under
the action of the wind 23 m/s [8]. From these results, the report of
GAEMA concludes that the building was poorly designed without
considering the actions of the wind, exposing it to loads of intensity
greater than those predicted in the design.

Table 2
Concrete’s mechanical properties
Element f., (MPa) f. (MPa) Report
P 06 35 30
P11 35 37
P15 35 41
P16 35 29 IRC
Pile cap P13 20 26
Retaining walls 20 31
Columns 35 45
Beams 35 40 GAEMA
Slabs 35 42
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Figure 9
Supposed columns responsible for collapse

The foundations design was considered adequate to the loads de-
clared in the executed structural design, as well as the detailing of
the spread footings and the pile caps. It was verified that, under the
collapse scenario, the stresses were lower than the characteristic
resistant capacity of the spread footings and the pile caps, which
led the report to discard the possibility of foundations failure in the
moment of collapse, with P17 column being the worst case with
maximum lading corresponding to 57% of its design resistance. Vi-
sual inspections reported by the IRC also did not mentioned foun-
dations damages [9].

2.3 Hypotheses for current computational model
and building reliability assessment

To develop the current analysis the calculation and dimension-
ing software for reinforced concrete structures AltoQl Eberick v.6
was used. This software is also widely used in design offices in
Brazil and was used by the building designer. The software per-
forms a second-order linear static analysis for the evaluation of
the loads and dimensioning of the structural elements (Figure 10),
and the second order effects are calculated through P-A process.

Figure 10
Real Class building computational model
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The collapse of Real Class building

Table 3
Loads adopted in the computational model
. NBR 6120 [12]
Ambient Load (kN/m?)
Bedrooms, living rooms, kitchens
1.50
and bathrooms
Storerooms, service areas
. 2.00
and laundries
Ceilings without access to people 0.50
Stairs without access to people 2.50
Corridors with access to people 2.00
Garages 3.00
Balconies without access to people 2.00
NBR 6123 [5]
Velocity of gust (m/s) 30
- Low
Drag coefficient turbulence

The effects of physical non-linearity were taken account
through simplifications suggested by the Brazilian design code
for reinforced concrete structures with stiffness reduction for
structural elements. The slabs were modeled considering the
grid analogy and beams and columns as frame elements.

For the steel constitutive properties, the model of NBR 6118
[10] considering different strain limits for compression (g, =
2,0 %o) and tension (¢, = 10,0 %0) was used. The steel yielding
stress was taken from GAEMA technical report [8] because
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the 10.0 mm diameter of the sample was representative of
the reinforcement bars from the original design. The concrete
used regionally in this type of building is a normal weight con-
crete with compressive resistance ranging from 25 to 35 MPa.
The concretes constitutive model and its modulus of elastic-
ity were those prescribed by NBR 6118 [10]. The compressive
resistance (%) adopted by the designer was 35 MPa and the
value found by the IRC expertise at the time of collapse was
29 MPa [9].

2.4 Vertical loads

The formulation of Brazilian code design for reinforced con-
crete structures considers normal, construction and excep-
tional combinations for evaluation of a possible occurrence of
an ELU (Equation 1). The design loads (F,) in the structure
are defined according to the combinations of actions, whose
load enhancement coefficients (y) and actions simultaneity (y)
are normatively specified [10]. The gravitational actions (F )
used in the models followed the design code recommendations
[12], as well as the occupation loads (Table 3), with the actual
weight of the reinforced concrete considered as 25 kN/m? [10].
The loads of indirect actions such as retraction (F,,) and tem-
perature (chk) were not considered.

Fdzyg'ng+y£gk'F£gk+yq'
(Fouk + 2, - Fai) + Vg - Wor - Feq

M
For the ULS, only the results regarding the of the building’s col-
umns design were initially analyzed. Such approach was ad-
opted due to the fact of these elements be fundamental to keep
the stability of the building, and from witness reports that the

— 0 <20 m/s
— v <15m/s
— v <25m/s
—— v <30m/s

e Direction of wind gusts in the period 2000 - 2011

Characterization of wind gust velocity in Belem city (ICEA)
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building collapse was abrupt, without any structural element
punctual failure. Aiming to estimate the loadings responsible
for the occurrence of the ULS, 61 combinations were gener-
ated to check the conformity of the structural design (software
standard configuration) and 23 construction combinations to
evaluate the structure at the moment of collapse distributed
in favorable situations (y,= 1.00) and unfavorable (y, = 1.30).

2.5 Wind load

In Brazil, the main horizontal action is the result of wind gusts,
whose design code prescriptions adopt two approaches: static
and dynamic. In this work, the equivalent static force approach
was used, whose model prescribed by code [5] is equivalent to
a force produced by a 3-second wind gust of basic velocity (v,)
that is likely to be exceeded once in 50 years. Wind gust veloc-
ity is measured at a height of 10 m above ground in open and
flat areas. The mathematical formulation also adopts modifiers
according to the type of terrain (s,), its slope and the type / use
of the building (s,), as well as the probability of occurrence of
the gust wind and importance of the structure (s,).

A velocity of 30 m/s was used to determine the design loads,
as recommended by the wind design code for the building
region [5]. To estimate the velocity at which the collapse oc-
curred, the value for which the software did not dimension the
columns cross sections was checked and this value (25 m/s)
was used as the upper limit. The velocity initially used as the
lower interval for analysis was recorded by the local meteo-
rological service (weather data bank of the Air Space Control
Institute) at the time of the accident (v, = 10 m/s). According
to the data (Figure 11), the average speed of the gust wind is
12 m/s and the average of the annual maximum values cor-
responds to 17 m/s.

2.6 Displacements and second order effects

The second order effects were calculated by the P-A process.

As
® L J

Figure 12
Simplifications for cross sections check

For better representation of the ULS, the design code uses
the reduction of the stiffness of the elements E-/ = 0,4-E ;I for
the beams, E-I = 0,3-E ;I for the slabs and E-I = 0,8-E :/_ for
the columns which, according to Oliveira [13], are satisfactory,
where E_ is the initial tangential modulus of elasticity of con-
crete and /_is the moment of inertia of the concrete section.
The limit displacements (5, ) considered in the analysis were
those, which according to code design indication, cause ef-
fects on non-structural elements due to the lateral movement
of the building (Equation 2). This is due to the total height of

the building (H).

H
Siim = 1700 (2)
For the evaluation of the second order effects, the coefficient
Y. (Equation 3) was used. This coefficient is widely used in the

design offices of the country. This coefficient correlates the ef-
fects of the moments produced by all the gravitational forces

(AM,, ) with the moment produced by all the horizontal forces
(M,,, ) in a first order analysis.
1
V2= 1— AM;otq (3)
Ml,tot,d

2.7 Interaction diagram

The safety of the columns was assessed through interaction
diagram constructed using the assumptions of strain compat-
ibility with concrete and steel with limitation of concrete strain
(e,,) at 3,5 %o and steel strains (e,,) at 10 %o, according to the
recommendation of NBR 6118 [10]. Figure 12 shows the sim-
plifications for the calculation of the cross sections strength
and for compression stress rectangle. The construction of such
diagram can be seen in the literature [14], and admitting the
height of the compression rectangle (a) equivalent to 0.80 (B,)
of the height of the neutral line (c) [10].

One way to evaluate the safety of the cross sections in a
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Y

Figure 13
Safety margin for columns cross sections

qualitative way was to adopt the safety margin (Equation 4),
which in the case of the columns (Figure 13) represents the
resistance reserve of the element (w) under a load (S,) for a
resistance (R,) [15]. The diagrams prepared for conformity as-
sessment of the structural design used values of 35 MPa for
concrete compressive strength (f) and 500 MPa for the yielding
stress (fy) of CA - 50 steel. For the diagram developed to evalu-
ate the moment of collapse the IRC results for concrete (f, =29
MPa) and the GAEMA - UFPA technical report on steel strength (
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Building’s horizontal displacements

f,= 573 MPa) were used. To obtain the calculation resistance (R,),

the strength reduction coefficients used for steel (y,= 1,15) and

concrete (y,= 1,40) were used for normal combinations and the co-

efficients y,= 1,15 and y,= 1,20 for the construction combinations.
Ry — Sy

0=F 4)

3. Results
E——

The results obtained from the computational model were analyzed
for the normative compatibility checks, i.e. evaluation of the ulti-
mate limit state and building safety. These results showed that in
addition to an error in the design of the structural system due to
lack of redundancy (with excessive displacement, even without
horizontal forces), there was negligence in not considering wind
actions over the structure.
The second order moment on the structure corresponded to 24%
(direction x - greater stiffness) and 37% (direction y - less stiffness) of
the total bending moment of the structure when the conformity of the
project was verified. The effects of second order corresponded, un-
der construction combinations, to 17% and 27% of the total moment
of the structure, showing its flexibility. The values of the coefficient y,
came to correspond to the value of 1.7, exceeding the design code
recommended values [10]. In figure 14, the structure displacements
predicted for the design situation (a) and for the collapse scenario
(b) are shown for the annual average wind gust velocity value (v, =
12 m/s) and the mean values of maximum annual wind gust velocity
(v, =17 m/s). In both cases the structure presented large displace-
ments incompatibles with design code recommendations [10].
The safety of the foundations was evaluated through the loads
obtained in the models (S,) compared to those presented in the
structural design (S,) of the building. The characteristic resistance
value (R,) did not make use of the strength reduction factor, ac-
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cording to item 6.2.1.2 of NBR 6122 [16]. The total loads in the
foundations presented in the design presented a difference of 46%
when compared with the model. In the evaluation of the collapse
scenario, they presented a difference close to 5%, a result that was
in agreement with the reports [8] [9] that there was no failure of the
foundations at the moment of collapse. Figure 15 (a) shows the
differences between founded loads (S,) according to the require-

16000 :
B R
14000} ® == 54 |
"ll ?9 -0~ Sk
120000 1y ; ]
11
11
%\ 10000 ? || i
L 5000t fm |
X (]
& GolNOR 1 @@
6000¢ b’d 1
&
4000¢
2000¢
0 5 10 15 20 25 30
Column
o Design loads
Figure 15
Foundations loads
4
2.594 10
¥
8
2- n
%
—_1.5¢ [ 1
<
N
a8 7k i
— Rk
----Rd
0. * U
O Fa
0 500 1000 1500 2000 2500 3000 3500
Mu (RN x m)
o Design loads
Figure 16

Interaction diagram of column P04

ments of NBR 6118 [10] and the designed (S,) ones. The values
of ultimate strength (R,) are exceeded in 60% of the elements,
indicating an under sizing and the hypothesis of possible rupture if
they were put into service. For the moment of collapse of the build-
ing (b) the loads estimated by the model (S,) were very close to
those of the designed (S,), not exceeding in any case the ultimate
resistance of the assessed elements.

16000

B <
== 54 |1
=-0- Sk

14000t

12000¢
10000t

8000y

Pu (&N)

6000y i
4000}

2000¢

15
Column

30

e Loads at the moment of collapse (v =23 m/s)

25X 10
' —RE
----Rd
% Unf]
2.
O Fuw
— 1.5t R
<
X
A 7t |
0.5 1

0 500 1500 2000 2500 3000 3500

1000

e Loads at the moment of collapse (v =23 m/s)

IBRACON Structures and Materials Journal * 2018 « vol. 11 +n°® 2



The collapse of Real Class building

The safety of the columns was verified through diagrams of inter-
action with the reinforcement configuration used in the construc-
tion process. The software in its default configuration generated
a total of 61 combinations for ULS evaluation, being arranged in
the diagrams as favorable (Fav) and unfavorable (Unf). In order to
evaluate the collapse scenario the total number of combinations
(23) for ULS analysis was lower due to non-occurrence of acci-
dental loads (Q) and non-consideration of water loads (A), soil (S).
Figures 16 to 21 show the diagrams for the abovementioned col-
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Interaction diagram of column P08

umns as being responsible for the collapse [8], being shown: the
conformity of the elements with the NBR 6118 (a) code and the
loadings configuration in the collapse scenario (b). The stress dis-
tribution in the diagrams shows that a large number of columns
had a reasonable number of combinations very close to the design
resistance limits (R,) when evaluating design compliance. In tables
4 and 5 are presented the margin of safety () and the estimated
probability of failure (p,) of the columns in the computational mod-
els. As shown in Table 4, the P15, P16 and P17 columns were

10000 . : : .
— RA
- —Rd
8000} * Unf|
O Fuw
% 6000 .
N
X
S 4000F 1
200 .
0 200 400 600 800 1000

e Loads at the moment of collapse (v =23 m/s)

10000 . . : :
— Rk
----Rd
8000t x  Unf|]
O Fa
__ 6000} .
<
N
&~ 4000f .
200 .
0 100 200 30 400 500
Mu (RN x 1)

e Loads at the moment of collapse (v =23 m/s)

368

IBRACON Structures and Materials Journal * 2018 « vol. 11 +n°®2



R. J. C. RIBEIRO | D.R. C. OLIVEIRA

more likely to fail with a safety margin far below that needed to
maintain the structural stability. It is also worth mentioning that the
combinations indicated as more unfavorable to the elements pre-
sented the wind as main variable action.

Table 5 shows the state of all columns at the time of collapse. The
results show that for the computational model loads all the col-
umns were working with a small safety margin (on average 20%
of the characteristic resistance (R,)), with the probable failure of
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Inferaction diagram of column P17

the P02, P04, P07, P19 and P25. As the P04 and P07 columns
had the lowest safety margin and the highest probability of fail-
ure for the combinations used (9%) and they could be considered
as the first to failure. Due to the complexity of the wind forces
acting on the buildings the loads for the collapse scenario of the
P04 column for the abovementioned wind gusts (Figure 22) are
shown as: frequent occurrence in the region (12 and 17 m/s), that
used in the technical report (23 m/s) and the probable responsible

g 10"
— Rk
----Rd
L *  Unf| ]
2 O Fu
— 1.5¢ i
<
X
AW / i
0.2 1
0 1000 2000 3000 4000 5000
Mu (BN x 1)
e Projection of loads at the moment of collapse
(v=23m/s)
10000 1 ; : ;
— Rk
----Rd
8000t * Unfl T
O Fu
—_ 6000 .
2
N
= 4000 1
200 1
0 200 400 600 800 1000
Mu (BN x )

e Loads at the moment of collapse (v=23 m/s)

IBRACON Structures and Materials Journal * 2018 « vol. 11 +n°® 2

IEEEESSES————— 369



The collapse of Real Class building

for the sections failure (19 m/s), according to the model results.
Analyzing the data from ICEA, velocities greater than 20 m/s show
a return period of 10 years and the highest value recorded in the
region was of 42 m/s in the year of 1977. Also, the column P04
would withstand twice the shear stresses generated by 23 m/s
winds, even with stirrups of 4.2 mm in diameter.

4. Conclusions
E—

From the considerations obtained through the reports, as well as
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the use of the computational analysis, it was possible to verify that

the building was designed in disagreement with the design code in-

structions, resulting in a structure unable to meet the requirements
necessary to avoid the ULS.

B The results of the model indicated a deficiency of the struc-
tural arrangement, with a lack of redundancy (increase of the
degree of hyperesticity of a rigid frame) and design errors in
the consideration of the loads acting on the building, being the
original design very close to a model computing only perma-
nent gravitational loads;
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Interaction diagram of column P04 under frequent wind gust velocities
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B The designed structure had great flexibility, which can be veri-

fied by the displacements described in the model, as well as
the parameter y_much higher than that recommended by the

Brazilian design code;

B Sections designed for the columns were unable to resist to
combinations of actions in the construction region, presenting,
according to the design code, a safety margin far below that
necessary to ensure the structural stability;

Table 4
Evaluation of the columns under NBR 6118’s prescriptions
Column Combination P, o

P04 1.3G1+1.4G2+0.98Q+1.4V3 10% -3.9
P07 1.3G1+1.4G2+0.98Q+1.4V3 10% 2.7
P08 1.3G1+1.4G2+1.4V3 10% -3.6
P15 G1+G2+5+1.4V3 34% -58.2
P16 G1+G2+5+1.4V3 15% -33.4
P17 1.3G1+1.4G2+0.98Q+1.4V4 18% -27.2
P22 1.3G1+1.4G2+0.98Q+1.4V4 8% -0.7

Table 5

Columns’ situation atf the collapse moment

Column Combination P, a

PO1 1.3G1+1.3G2+V3 0% 0.0
P02 1.3G1+1.3G2+V3 4% -0.1
P03 1.3G1+1.3G2+V3 0% 0.2
P04 1.3G1+1.3G2+V3 9% -0.2
P05 1.3G1+1.3G2+V3 4% 0.0
P06 G1+G2+V4 0% 0.3
P07 1.3G1+1.3G2+V3 9% -0.2
P08 1.3G1+1.3G2+V3 4% 0.0
P09 1.3G1+1.3G2+V3 0% 0.3
P10 1.3G1+1.3G2+V4 0% 0.3
P11 1.3G1+1.3G2+V4 0% 0.4
P12 1.3G1+1.3G2+V4 0% 0.4
P13 1.3G1+1.3G2+V4 0% 0.3
P14 1.3G1+1.3G2+V4 0% 0.3
P15 1.3G1+1.3G2+V4 0% 0.3
P16 1.3G1+1.3G2+V4 0% 0.2
P17 G1+G2+V3 0% 0.1
P18 1.3G1+1.3G2+V4 0% 0.1
P19 1.3G1+1.3G2+V4 4% -0.1
P20 1.3G1+1.3G2+V4 0% 0.1
P21 1.3G1+1.3G2+V4 4% 0.0
P22 1.3G1+1.3G2+V4 0% 0.3
P23 1.3G1+1.3G2+V4 0% 0.1
P24 1.3G1+1.3G2+V4 0% 0.3
P25 1.3G1+1.3G2+V4 4% -0.1
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5.

It was verified through computational model that the wind
speed of 19 m/s could lead to failure the P04 and P07 columns.
This speed, according to the local meteorological data, pres-
ents a high probability of occurrence in a period of 10 years;
Although there was difference between designed and as built
reinforcement rates, this difference was not significant to im-
pact on the overall resistant capacity, as well as the sections in
order to avoid the building’s collapse;

The loading on the foundations, considering the limitations
of the model, did not influence the collapse scenario, being
at that moment with loads lower than those required for
suspicion. The performance of the designed foundations
could be questioned if the building was put into service,
since its design was linked to the load of the building’s
structural design.
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Abstract
E——

This paper describes the scene of the Real Class building collapse, a residential building with reinforced concrete structural system and located
in the urban area of the city of Belem / PA, occurred in 2011. The unconformities found in the building are displayed using data extracted from
reports and verification of structural and architectural designs. The data was compared with the Brazilian code for reinforced concrete structures,
NBR 6118 (2007), valid at the time of the accident. The security of the building was evaluated through a computer model with linear analysis with
the software used by the designer. The conditions of the structural system designed and as built was evaluated with parameters of global stability
and load capacities of columns and foundations. The results showed that the structure of the building was subject to large displacements and the
sections of columns were unable to resist the stresses produced by regional wind actions.

Keywords: reinforced concrete structures, strctural safety, global stability, collumns.

Resumo
E——

Neste texto sdo descritos o cenario do colapso do edificio Real Class, edificio residencial com sistema estrutural de concreto armado, situado
na zona urbana da cidade de Belém/PA, ocorrido em 2011. As inconformidades encontradas no edificio sdo exibidas através de dados extraidos
dos laudos e da verificagdo dos projetos estrutural e arquitetonico perante a norma de estruturas de concreto armado, NBR 6118 (2007), vigente
na época do acidente. A seguranga do edificio foi avaliada através da modelagem computacional com analise linear do edificio pelo software
utilizado pelo projetista. Foram analisadas as condi¢gdes do projeto e da estrutura executada diante da estabilidade global, capacidade de carga
das fundagdes e resisténcia dos pilares. Os resultados obtidos demonstraram que a estrutura do edificio estava sujeita a grandes deslocamentos
e as segdes dos pilares projetadas eram incapazes de resistir as solicitacdes das a¢des de vento incidentes na regido da edificagcdo.
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The collapse of Real Class building

1. Introducgao

EE—

As estruturas de concreto sdo as mais difundidas no Brasil, sendo
utilizadas tanto em pequenas construgdes de carater residencial
quanto em grandes edificios, pela facilidade que esse sistema
construtivo apresenta na sua confecgao sem que haja grande in-
vestimento técnico na sua execugdo. Os edificios altos tém sido
utilizados como recursos na ocupagao de grandes centros urba-
nos que sofrem com escassez de areas habitaveis, taxa de cresci-
mento exagerada e grande densidade populacional. A possibilida-
de de construir estruturas altas e esbeltas, utilizando este sistema
construtivo reside na possibilidade de utilizar resisténcias maiores
para os elementos estruturais e nas facilidades promovidas pela
utilizacdo de modelos computacionais das estruturas.

Segundo o CTBHU (Council on Tall Buildings and Urban Habitat),
um edificio é classificado como alto se o numero de pavimentos
for superior a 14 ou altura do mesmo ultrapassar 50 m. A esbeltez
(relagéo entre a altura e a menor dimensdo em planta do edificio)
também pode ser considerada como impactante, ja que estruturas
que apresentam este coeficiente maior do que 6 podem apresen-
tar grande sensibilidade dinamica [1]. A modelagem estrutural de
edificios altos requer a avaliacdo de efeitos que geralmente séo
negligenciados em estruturas menores como: estabilidade global,
acdes dos ventos e interagao solo estrutura [2]. A viabilidade da
execugao de edificios esbeltos também esta ligada a adogéo de
sistemas estruturais especificos, sendo de extrema importancia a
avaliagdo do impacto do vento, pois este aumenta em proporgao a
altura do edificio [3]. Aadogao do sistema de pértico espacial de vi-
gas e pilares é recomendada para edificios de até 25 pavimentos,
ja o sistema de poértico espacial associado a nucleos com pilares
paredes é recomendada para edificos de até 40 pavimentos [1],
sendo esses sistemas os mais utilizados nos edificios brasileiros.
Embora colapsos de edificios altos sejam raros, quando estes
ocorrem, causam grande comogao por impactar socialmente e

LS dddddnaanaann -
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Figura 1
Edificio Real Class

economicamente um grande numero de pessoas. Pode-se citar
como exemplos o colapso dos edificios Raimundo Farias (Belém
— 1987), Palace Il (Rio de Janeiro — 1998), Areia Branca (Recife
— 2004), Liberdade (Rio de Janeiro — 2012), além do colapso do
edificio Real Class, ocorrido na cidade de Belém, em 2011. Essas
avaliagbes sao dificultadas pelo fato da estrutura ter atingido o
estado limite ultimo e por ter, em alguns casos, documentacao e
registros muito pobres [4].

2. Descrigao do edificio e do cenario

do colapso
EE
O edificio residencial Real Class (Figura 1) estava localizado em
uma area urbana na parte central da cidade de Belém/PA. A des-
cricdo para a regido da edificagdo, de acordo com a norma re-
ferente as agbes dos ventos [5], € de um terreno urbano plano
com obstaculos ndo superiores a 10 m. O edifico apresentava 35
pavimentos distribuidos em quatro areas de uso comum (subsolo,
térreo, 1° nivel e 2° nivel), 30 pavimentos tipo e uma cobertura,
totalizando uma altura de 104,7 m, com valores maximos de 26,8
m de comprimento e 13,9 m de largura em planta, resultando em
uma area de projegao de 298,4 m2.
O colapso do edificio ocorreu por volta das 13 h e 45 min do dia
29 de janeiro de 2011, sob uma tempestade tropical com rajadas
de vento de 39,4 m/s [6] em alguns pontos da cidade, embora os
dados das medigbes disponiveis ao publico s6 constem o valor
maximo de 10 m/s [7]. Os escombros, além de atingir a area do
edificio, foram projetados para edificagdes vizinhas (Figura 2) e
parte da rua 3 de Maio. Este acidente, cujas consequéncias so
nao foram piores devido ao horario de sua ocorréncia, vitimou trés
pessoas (dois operarios e uma residente de uma casa adjacente
ao edificio), gerando duvidas na populagdo quanto a qualidade
das estruturas produzidas no estado do Para.
O sistema estrutural adotado no projeto do edificio foi o de por-
ticos de concreto armado com lajes convencionais. As vigas
externas apresentavam, nos pavimentos tipo, as dimensdes de

BTy

Figura 2

Edificacdo afetada pelos escombros do edificio
Real Class
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120 mm x 650 mm e as internas de 120 mm x 500 mm, sendo  ta baixa do pavimento tipo (Figura 3) e nos cortes das segdes
essas dimensdes variaveis em outros pavimentos da estrutura.  transversais (Figura 4 e Figura 5). As fundagdes adotadas foram
As dimensdes dos elementos do edificio sdo mostradas na plan-  de blocos sobre estacas do tipo hélice continuos com 600 mm de
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diametro e 9 m de comprimento. O concreto foi especificado com
uma resisténcia de 35 MPa para a superestrutura e 20 MPa para
as fundagoes.

Para a avaliagéo das causas do acidente e prestagéo de contas a
sociedade foram instituidas duas comissdes: uma de carater téc-
nico-cientifico, representada pelo Grupo de Analise de Estruturas
e Materiais (GAEMA) da Universidade Federal do Para [8], e ou-
tra com carater pericial, instituida pelo estado através do Instituto
Renato Chaves (IRC) [9]. Os laudos das duas comissdes foram
baseados nas analises dos materiais da estrutura, assim como
dos projetos arquitetonico, estrutural e de fundagdes.

As duas equipes periciais adotaram estratégias semelhantes para
avaliagdo do colapso. A equipe pericial do IRC utilizou a verifica-
c¢ao da conformidade dos projetos de fundagdes e estrutural, pe-
rante as prescricdes normativas vigentes e ensaios laboratoriais
dos materiais utilizados na estrutura [9]. Ja o parecer técnico GA-
EMA utilizou, além da abordagem citada anteriormente, a mode-
lagem computacional do edificio para avaliagao de caracteristicas
nao declaradas ou nao detectaveis em uma analise preliminar do
projeto e o atendimento, tanto para o estado limite ultimo (ELU)
quanto para o estado limite de servigo (ELS) [8].

2.1 Nao conformidades de projeto relatadas
nos laudos

O cobrimento prescrito pela norma de estruturas de concreto armado
[10] recomendava, para a regiao da construgao do edificio, o valor de
20 mm para as lajes e vigas e 25 mm para pilares. Esses valores ndo
foram cumpridos no projeto, sendo utilizados os valores de 15 mm
para todos os elementos da estrutura. Os valores de cobrimento, se-
gundo a recomendagao da mesma norma, limitavam o diametro ma-
ximo utilizado nas armaduras longitudinais dos elementos em 12,5
mm. Foram encontrados, no projeto, valores de armaduras com 16,0
e 20,0 mm de didametro nas vigas dos pavimentos subsolo, casa de
maquinas, forro e nos pilares, estando, nesse ultimo caso, presentes
principalmente nos primeiros cinco lances da estrutura. Os estribos
adotados no projeto (¢ _=4,2 mm) apresentavam um diametro inferior
ao recomendado normativamente (¢.=5,0 mm), assim como a taxa
de armadura transversal que em 78% dos elementos apresentavam
valores de espagamentos superiores ao maximo permitido.

Os valores de taxa de armadura longitudinal maxima dos pilares
ado incompativeis com as recomendagdes normativas. Confor-
me as Figuras 6, 7 e 8, os valores de taxa de armadura maxima
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Taxa de armadura dos pilares de extremidade

superaram o valor normativo de 8% de area da secéo bruta dos
pilares P03, P04, P10, P22 e P24. Também de acordo com o laudo
[9], as armaduras longitudinais apresentaram discrepancias entre
o projetado e o executado. A diferenga entre a area de ago proje-
tada e a executada é apresentada na Tabela 1 que, no caso dos
pilares P04, P10 e P21, superaram o valor de 30%.

Segundo os resultados apresentados pelos dois laudos, o ago
utilizado no edificio demonstrou estar em conformidade, ja que
um parecer técnico apontou uma tensao de escoamento acima
de 500 MPa para as amostras de ago CA-50 de 10 mm retiradas
dos pilares. A norma para avaliagéo desse material [11] considera
a tensdo de escoamento, aquela referente a uma deformagéao de
2%o e a tensdo minima de ruptura igual a 1,10-fy.

A resisténcia do concreto (f) foi avaliada de maneira distinta em
cada laudo por meio de ensaios de esclerometria e extragdo de
corpos de prova. Foram realizados oito ensaios de esclerometria
aleatoriamente em pegas nao comprometidas, trés em lajes, trés
em vigas e trés nos pilares, com resultados de 42 MPa, 40 MPa e
45 MPa, respectivamente [8]. Nos ensaios com corpos-de-prova
extraidos, foram identificados os elementos e encontradas as res-
pectivas resisténcias [9]. A Tabela 2 sintetiza os resultados dos
testes sobre o concreto, que foi considerado em conformidade.

Tabela 1
Diferenca entre as taxas de armaduras projetadas e executadas [9]
Execucdo Projeto Diferenca
Pilar Quantidade Di(a'n’:‘ne];m Quantidade | Diametro (mm) (’r;';‘:) o (%)
P01 10 12,5 14 10 -128 -12%
P 02 22 12,5 16 16 517 16%
P03 48 16 50 16 402 4%
P04 24 16 36 16 2413 33%
P05 24 12,5 18 16 674 19%
P06 10 12,5 14 10 -128 -12%
P07 10 10 10 10 0 0%
P08 8 12,5 8 10 -353 -56%
P 09 28 16 20 20 653 10%
P10 34 12,5 34 16 2664 39%
P11 18 12,5 28 10 -10 0%
P12 38 10 38 10 0 0%
P13 16 16 38 10 -232 -8%
P14 18 12,5 28 10 -10 0%
P15 34 10 34 10 0 0%
P16 34 10 34 10 0 0%
P17 10 10 10 10 0 0%
P18 18 12,5 28 10 -10 0%
P19 8 16 20 10 -38 2%
P20 8 12,5 8 10 -353 -56%
P21 12 12,5 30 10 884 38%
P22 42 16 30 20 980 10%
P23 34 12,5 76 10 1797 30%
P24 42 16 34 20 2237 21%
P25 8 12,5 16 10 275 22%
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2.2 Inconformidades da estrutura e das fundagées
relatadas nos laudos

A avaliagéo da estrutura pelo parecer técnico foi realizada por mode-
lagem computacional por meio do software computacional CAD TQS,
software largamente utilizado no Brasil para o dimensionamento de
estruturas de concreto armado. A equipe técnica fez uso do sistema
de poértico espacial com os pavimentos modelados, segundo a ana-
logia de grelha e de acordo com os carregamentos prescritos norma-
tivamente. A velocidade do vento adotada no modelo foi de 32 m/s,
velocidade média prescrita para a zona em que a cidade se encontra,
segundo as normas de agdes dos ventos sobre estruturas [8].

Os resultados obtidos pela equipe técnica demonstraram que o
edificio apresentava grandes deslocamentos, tanto para o ELU,
quanto para o ELS, sendo considerado, sob uma analise de 22
ordem, a estrutura como de nds mdveis. Segundo o parecer téc-

Tabela 2
Avaliacdo do concreto
Local f., (MPa) | Amostra f (MPa) | Laudo
P 06 35 30
P11 35 37
P15 35 41
P16 35 29 RC
Bloco P13 20 26
Cortinas 20 31
Pilares 35 45
Vigas 35 40 GAEMA
Lajes 35 42
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Figura 9
Pilares responsdveis pealo colapso

nico, somente quatro dos 25 pilares apresentaram caracteristicas
geométricas passiveis de dimensionamento sob as solicitagdes
prescritas normativamente, sendo a armadura encontrada pela
equipe técnica significativamente superior [8]. Os pilares respon-
saveis pelo colapso sao mostrados na Figura 9, com os pilares
P16, P17 e P22 apresentando instabilidade sob acgdo de vento
a 32 m/s [8]. Ja os pilares P04, P07 e P08 entrariam em colap-
so sob agdo do vento 23 m/s [8]. Por meio destes resultados, a
equipe técnica concluiu que o edificio fora subdimensionado sem
a consideragao das ag¢des do vento, expondo-o a solicitagbes de
intensidade maiores do que a prevista no projeto.

O projeto de fundagdes foi considerado adequado as solicitagdes
declaradas no projeto estrutural executado, assim como o deta-
Ihamento das estacas e dos blocos de coroamento. Foi verificado
que sob o cenario do desabamento os esforgos solicitantes eram
inferiores a capacidade resistente caracteristica do conjunto blo-
co—estacas, o que levou o parecer a descartar a possibilidade da
ruptura das fundagdes no momento do colapso, estando no pior
caso, o do pilar P17, a 57% da capacidade resistente projetada
digura 3. Inspegoes visuais relatadas pelo laudo do IRC também
néo relataram danos as fundagdes [9].

Figura 10
Modelo do edificio Real Class

IBRACON Structures and Materials Journal * 2018 « vol. 11 +n°® 2

E—— Y]



The collapse of Real Class building

Tabela 3
Cargas adotadas no modelo computacional

Local NBR 6120 [12]
Carga (kN/m?2)
Dormitérios, salas, cozinhas
; 1,50
e banheiros
Despensas, dreas de servico
. 2,00
e lavanderias
Forros sem acessos a pessoas 0,50
Escadas com acesso ao publico 2,50
Corredores com acesso ao pudblico 2,00
Garagens 3.00
Terracos sem acesso publico 2,00
NBR 6123 [5]
Velocidade do vento (m/s) 30
Coeficiente de arrasto BO'Z(O .
furbuléncia

2.3 Hipoteses adotadas no modelo computacional
e na avaliagcdo da seguranca do edificio

Para o desenvolvimento do estudo, foi utilizado o software de cal-
culo e dimensionamento de estruturas de concreto armado AltoQl
Eberick v.6. Esse software é bastante utilizado em escritérios de
calculo no Brasil e foi utilizado pelo projetista do edificio. O softwa-
re realiza uma analise estatica linear de 2% ordem para avaliagéo
das solicitagdes e dimensionamento dos elementos estruturais
(Figura 10), sendo os efeitos de 22 ordem calculados por meio do
processo P-A. Os efeitos da ndo-linearidade fisica foram contabili-
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Figura 11

zados através das simplificagdes sugeridas pela norma de estrutu-
ras de concreto armado com redugao da rigidez dos elementos. As
lajes foram modeladas por meio da analogia de grelha, e as vigas
e pilares como elementos de barra.

Para abordagem constitutiva do ago, foi adotado o modelo constitu-
tivo adotado pela NBR 6118 [10], utilizando os diferentes limites de
deformacdes para a compresséo (g, = 2,0%o) e tragéo (g, = 10,0%o).
A tensao de escoamento e ruptura do ago foram retiradas do pare-
cer técnico GAEMA [8], por ser o didametro da amostra utilizada o
de maior representatividade nas armaduras utilizadas no projeto. O
concreto utilizado regionalmente neste tipo de empreendimento é
usinado e confeccionado para a maioria dos projetos estruturais em
um intervalo de resisténcia de 25 a 35 MPa, nao constituindo ino-
vagao tecnoldgica. O modelo constitutivo do concreto assim como
0 moédulo de elasticidade foram os prescritos pela NBR 6118 [10]. A
resisténcia adotada () para o modelo de projeto foi de 35 MPa e o
valor adotado para a avaliagdo do edificio, no momento do colapso,
foi o encontrado pela pericia IRC de 29 MPa [9].

2.4 Acoes

A formulagdo normativa brasileira considera combinagbes nor-
mais, de construgdo e excepcionais para a avaliagdo de uma
possivel ocorréncia de um ELU (equacgéo 1). As solicitagbes atu-
antes (F,) na estrutura s&o definidas conforme as combinagtes
de agdes, cujos coeficientes de majoragéo de esforgos (y) e de
simultaneidade de agbes (y) sédo especificados normativamente
[10]. As agdes gravitacionais (Fg) utilizadas nos modelos seguiram
as recomendacgdes normativas [12], assim como os carregamen-
tos de ocupagéo (Tabela 3), sendo o peso préprio do concreto
armado considerado como 25 kN/m?3, conforme as prescrigdes da
norma de estruturas de concreto armado [10]. Nao foram conside-
rados os esforgos oriundos de agdes indiretas como retragao (Fxgk)
e temperatura (Feqk).

v <20 m/s
»<15m/s
v<25m/s
v <30 m/s

e Direcdo das rajadas no periodo de 2000 - 2011

Caracterizagdo das rajadas na cidade de Belém (ICEA)
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Para o ELU, foram analisados, inicialmente, somente os resulta-
dos referentes ao dimensionamento dos pilares do edificio. Tal
abordagem foi adotada devido ao fato de que esses elementos
sdo fundamentais para manutengao da estabilidade da edificagdo,
e pelos relatos de testemunhas de que a ruptura do edificio foi
brusca, sem que houvesse alguma falha localizada de qualquer
elemento do edificio [8]. Assim, para estimar as cargas respon-
saveis pela ocorréncia do ELU, foram geradas 61 combinagbes
para avaliagdo da conformidade do projeto (configuragao padrao
do software) e 23 combinagdes de construgdo para avaliagdo da
estrutura no momento do colapso distribuidas em combinagdes
favoraveis (y,=1,00) e desfavoraveis (y,=1,30).

2.5 Acdao do vento

No Brasil, a principal agcao horizontal é a decorrente das rajadas
de vento, cujas prescrigdes normativas adotam duas abordagens:
estatica e dindmica. Neste trabalho, foi utilizada a abordagem da
forga estatica equivalente, cujo modelo prescrito pela norma [5]
equivale a de uma forga produzida por uma rajada de 3 segundos
de velocidade basica (v,) com probabilidade de ser excedida uma
vez em 50 anos. A velocidade da rajada é medida a uma altura
de 10 m acima do solo em campo aberto e plano. A formulagao
matematica também adota modificadores em fung¢édo do tipo de
terreno (s,), da sua declividade e do tipo/uso da edificagéo (s,),
assim como da probabilidade de ocorréncia da rajada e importan-
cia da estrutura (s,).

Uma velocidade de 30 m/s foi utilizada para a determinagéo dos
esforgos de projeto, conforme recomendacgdo da norma para a
regido da edificagdo [5]. Para avaliagdo da velocidade em que
ocorreu o colapso, foi verificado o valor para o qual o soffware
ndo efetuava o dimensionamento das segdes dos pilares, sendo
esse valor (25 m/s) utilizado como intervalo superior. A velocidade
utilizada, inicialmente, como intervalo inferior para analise, foi a

As
® L J

f.!'

Figura 12

registrada pelo servico meteorolégico local (banco de dados cli-
matolégicos do Instituto de Controle do Espago Aéreo) na data do
acidente (v, = 10 m/s). Conforme os dados (Figura 11), a velocida-
de média das rajadas é de 12 m/s e a média dos valores maximos
anuais corresponde a uma velocidade de 17 m/s.

2.6 Deslocamentos e efeitos de segunda ordem

Os efeitos de 22 ordem foram calculados por meio do proces-
so P-A. Para melhor representagédo do ELU, a norma utiliza a
redugéo da rigidez dos elementos E:/ = 0,4.E I, para as vigas,
E-l = 0,3EI para as lajes e E-l = 0,8 E ;I para os pilares que,
de acordo com Oliveira [13], s&o satisfatorios, sendo E_ 0 modu-
lo de elasticidade tangente inicial do concreto e /., 0 momento de
inércia da seg&o bruta de concreto. Os deslocamentos limites (5, )
considerados na analise foram aqueles, que conforme indicagao
normativa, causam efeitos em elementos ndo estruturais devido a
movimentacgao lateral do edificio (equagéo 2). Este € em fungao da

altura total da edificagéo (H).

706 2)

Para avaliagédo dos efeitos de segunda ordem, foi utilizado o co-
eficiente y, (equagéo 3), coeficiente utilizado para avaliagdo de
efeitos de segunda ordem largamente utilizado em escritérios de
calculo do pais. Esse coeficiente correlaciona os efeitos dos mo-
mentos produzidos por todas as forgas gravitacionais (AM, , ) com
o momento produzido por todas as forgas horizontais (M em
uma analise de primeira ordem.

(3)

Siim =

tot,d

1tot,d) ’

1
1— Athot,d
Ml,tot,d

Y, =

2.7 Diagramas de interacdo

A seguranga dos pilares foi avaliada com a utilizagdo de diagra-
mas de interagao, e estes foram construidos utilizando as hipoteses

0.85f: 0.85f
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Simplificacdes adotadas para o cdlculo da resisténcia das secoes
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Y

Figura 13
Margem de segurang¢a para os pilares

de compatibilidade de deformagdes com a limitagdo das deforma-
¢bes do concreto (g ) a 3,5%o e as deformagdes do aco (g_,) a 10%o,
conforme a recomendagéo da NBR 6118 [10]. A Figura 12 mostra
a simplificacdes adotadas para o calculo da resisténcia das segoes
como a adogao do retadngulo de compressao. A construgéo de tais
diagramas pode ser vista na literatura [14], e utilizando a altura do
retangulo de compress&o (1) equivalente a 0,80 (B,) da altura da
linha neutra (c) [10].

Uma maneira de avaliar a seguranga das se¢des de maneira qua-
litativa foi a adogéo da margem de seguranca (equagao 4), que no

caso dos pilares (Figura 13), representa a reserva de resisténcia

do elemento (w) sob uma solicitagéo (S,) para uma resisténcia
(R,) [15]. Os diagramas confeccionados para avaliagéo da con-
formidade do projeto utilizaram valores de 35 MPa para a resis-
téncia do concreto (f) e 500 MPa para a tens&o de ruptura (f) do
aco CA — 50. Para os diagramas desenvolvidos para avaliagao
do momento do colapso foram utilizados os resultados do laudo
IRC para o concreto (f, =29 MPa) armaduras executadas, e do
parecer técnico GAEMA - UFPA para a resisténcia do ago (fy =573
MPa). Para obtengé&o da resisténcia de calculo (R,), foram utilizados
os coeficientes de minoragédo da resisténcia utilizados para o ago
(v,=1,15) e concreto (y,= 1,40) para combinagGes normais e os co-
eficientes y = 1,15 e y,= 1,20 para as combinagdes de construgéo.

o=t @

3. Resultados e discussoes
EE
Os resultados obtidos no modelo computacional foram analisados
para as verificagdes de compatibilidade normativa, avaliagdo do
estado limite ultimo e seguranga do edificio. Estes demonstraram
que, além de erro na concepgao do sistema estrutural pela falta de
redundancia (com deslocamento excessivo, mesmo sem incidén-
cia de forgas horizontais), houve negligéncia na ndo consideragéo
das agdes dos ventos.
O momento de 22 ordem sobre a estrutura correspondeu a 24%
(diregao x — de maior rigidez) e 37% (direcao y — menor rigidez)
do momento total da estrutura quando verificada a conformidade
do projeto. Os efeitos de 22 ordem corresponderam, sob combi-
nagdes de construcdo, a 17% e 27% do momento total da estru-
tura evidenciando a flexibilidade desta. Os valores do coeficiente
v, chegaram a corresponder ao valor de 1,7 superando os valores
recomendados normativamente [10]. Na figura 14, sdo mostrados
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Figura 14
Deslocamentos do edificio

e Estimativa para o momento do colapso
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os deslocamentos da estrutura previstos para a situagéo de pro-
jeto (a) e para o cenario do colapso (b) para o valor de velocidade
de rajada média anual (v, = 12 m/s) e a média dos valores de
velocidade maxima anual (v, = 17 m/s). Em ambos os casos a
estrutura apresentou grandes deslocamentos, incompativeis com
as recomendagdes normativas [10].

A seguranca das fundagdes foi avaliada por meio das cargas ob-
tidas nos modelos (S,) comparadas as apresentadas no projeto
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estrutural (S,) do edificio. O valor caracteristico de resisténcia
considerado (R,) néo fez uso do fator de minorag&o da resistén-
cia, conforme o item 6.2.1.2 da NBR 6122 [16]. As cargas totais
nas fundagdes, constantes no projeto, apresentaram uma diferen-
¢a de 46% quando comparadas com o modelo. Na avaliagdo do
cenario do colapso, elas apresentaram uma diferenga préoxima a
5%, resultado que vai ao encontro ao apontado pelos laudos [8]
[9] de que ndo houve, no momento do desabamento, ruptura das
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fundagdes. A Figura 15 (a) mostra as diferengas dos valores de
solicitagbes avaliadas (S,), conforme os requisitos da NBR 6118
[10] e o projetado (S,). Os valores de resisténcia dltima (R,) s&o
ultrapassados em 60% dos elementos, apontando um subdimen-
sionamento e a hipotese de possivel ruptura caso entrassem em
servigo. Para o momento do desabamento do edificio (b), as soli-
citagdes estimadas pelo modelo (S,) ficaram muito préximas as do
projeto (S,) néo superando em nenhum caso a resisténcia Ultima
dos elementos avaliados.

A seguranga dos pilares foi verificada através de diagramas de
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Figura 17
Seguranca do pilar PO7
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Figura 18
Seguranca do pilar PO8

interagdo com a configuragdo de armadura utilizada na execugéo.
O software, em sua configuragdo padréo, gerou um total de 61
combinagdes para avaliagédo do ELU, sendo dispostas nos dia-
gramas como favoraveis (Fav) e desfavoraveis (Desf). Para ava-
liagdo do cenario do colapso, o numero total de combinagdes
(23) para avaliagdo do ELU foi inferior, devido a ndo ocorréncia
de cargas acidentais (Q) e a ndo consideragdo das cargas de
agua (A), solo (S). As figuras 16 a 21 mostram os diagramas para
os pilares citados como possiveis responsaveis pelo colapso [8]
sendo demonstradas: a conformidade do elemento perante a
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NBR 6118 (a) e a configuragdo de solicitagdes no cenario do co-
lapso (b). A distribuicdo de esforgos, exibida nos diagramas, de-
monstra que grande parte dos pilares apresentava um namero ra-
zoavel de combinagdes muito proximas dos limites de resisténcia
de calculo (R,) quando avaliada a conformidade de projeto. Nas
tabelas 4 e 5, sdo apresentadas a margem de seguranga (®) e
a probabilidade de ruina (p,) dos pilares estimadas nos modelos.
Como apresentado na Tabela 4, os pilares P15, P16 e P17 apre-
sentavam maior probabilidade de ruina estando com uma margem
de seguranga muito aquém da necessaria para manutengao da
capacidade resistente da estrutura. Vale ressaltar também que as
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Seguranca do pilar P16
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Figura 20
Segurang¢a do pilar P17

combinagdes apontadas como mais desfavoraveis aos elementos
apresentavam o vento como agao variavel principal.

A Tabela 5 apresenta o estado de todos os pilares no momento
do colapso. Os resultados apontam que, para as solicitagdes ob-
tidas, todos os pilares estariam trabalhando com uma margem de
seguranca pequena (em média 20% da resisténcia caracteristicas
(R,) dos mesmos), com a provavel ruptura dos pilares P02, P04,
P07, P19 e P25. Como os pilares P04 e P07 apresentaram a me-
nor margem de seguranga e maior probabilidade de ruina para
as combinagdes utilizadas (9%), estes poderiam ser apontados
como 0s primeiros a apresentar ruptura. Devido a complexidade
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da atuagao das forgas do vento sobre as edificagdes, sdo mostra-
das as solicitagdes para o cenario do colapso do pilar P04 para as
velocidades de rajadas anteriormente citadas (Figura 22) como:
de frequente ocorréncia na regiao (12 e 17 m/s), a relatada no pa-
recer técnico (23 m/s) e a provavel responsavel pela ruptura da se-
¢ao (19 m/s), segundo os resultados do modelo. Destaca-se que
segundo os dados obtidos pelo ICEA, velocidades maiores que
20 m/s apresentam um periodo de retorno de 10 anos e o maior
valor registrado na regido foi de 42 m/s, em 1977. Ainda, o pilar
P04 resistiria ao dobro dos esforgos de cisalhamento gerados por
ventos de 23 m/s, mesmo com estribos de 4,2 mm de diametro.
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Seguranca do pilar P22
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4. Consideragoes finais
—

A partir das consideragdes obtidas através dos laudos, assim

como da utilizagdo da analise computacional, foi possivel cons-

tatar que edificio foi projetado em desacordo com as instrugdes
normativas entédo vigentes, resultando em uma estrutura incapaz

de cumprir os requisitos necessarios para evitar o E.L.U.

B Os resultados do modelo apontaram deficiéncia do arranjo es-
trutural, com falta de redundancia (aumento do grau de hipe-
resticidade de um portico) e incorregdo na consideragdo das
cargas atuantes no projeto do edificio, estando o dimensiona-
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mento muito préoximo de um modelo verificado somente com assim como do parametro y(muito superior ao recomendado
as cargas gravitacionais permanentes; normativamente;
B A estrutura projetada apresentava grande flexibilidade, o que M As segdes projetadas para os pilares eram incapazes de resistir
pode ser verificado pelos deslocamentos descritos no modelo, as combinagdes de agdes atuantes na regido, apresentando,
Tabela 4
Avaliacdo dos pilares sob as recomendacdes da NBR 6118
Pilar Combinacdo P Q)
P04 1,3G1+1,4G2+0,98Q+1,4V3 10% -3.9
PO7 1,3G1+1,4G2+0,98Q+1,4V3 10% -2,7
P08 1.3G1+1.4G2+1.4V3 10% -3.6
P15 G1+G2+S+1.4V3 34% -58,2
P16 G1+G2+5+1.4V3 15% -33.4
P17 1,3G1+1,4G2+0,98Q+1,4V4 18% -27,2
p22 1,3G1+1,4G2+0,98Q+1,4V4 8% -0.7
Tabela 5
Estimativa do estado dos pilares no momento do colapso
Pilar Combinacdo [} ®
PO1 1.3G1+1.3G2+V3 0% 0.0
P02 1.3G1+1.3G2+V3 4% -0,1
P03 1.3G1+1.3G2+V3 0% 0.2
P04 1.3G1+1.3G2+V3 9% -0,2
P05 1.3G1+1.3G2+V3 4% 0.0
P06 G1+G2+V4 0% 0.3
P07 1.3G1+1.3G2+V3 9% -0,2
P08 1.3G1+1.3G2+V3 4% 0.0
P09 1.3G1+1.3G2+V3 0% 0.3
P10 1.3G1+1.3G2+V4 0% 0.3
P11 1.3G1+1.3G2+V4 0% 0.4
P12 1.3G1+1.3G2+V4 0% 0.4
P13 1.3G1+1.3G2+V4 0% 0.3
P14 1.3G1+1.3G2+V4 0% 0.3
P15 1.3G1+1.3G2+V4 0% 0.3
P16 1.3G1+1.3G2+V4 0% 0.2
P17 G1+G2+V3 0% 0,1
P18 1.3G1+1.3G2+V4 0% 0.1
P19 1.3G1+1.3G2+V4 4% -0,1
P20 1.3G1+1.3G2+V4 0% 0.1
P21 1.3G1+1.3G2+V4 4% 0.0
P22 1.3G1+1.3G2+V4 0% 0.3
P23 1.3G1+1.3G2+V4 0% 0.1
P24 1.3G1+1.3G2+V4 0% 0.3
P25 1.3G1+1.3G2+V4 4% -0,1
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5.

o

segundo as recomendagdes normativas, uma margem de segu-
ranga muito aquém da necessaria para a manutengao do equi-
librio da estrutura;

Verificou-se que a velocidade do vento de 19 m/s poderia acar-
retar, segundo a estimativa do modelo estrutural, a ruptura dos
pilares P04 e P07. Essa velocidade, segundo os dados mete-
orologicos locais, apresenta grande probabilidade de ocorrén-
cia em periodo de 10 anos;

Embora houvesse diferenga nas taxas de armadura projetada
e executada, essa diferenga nao foi significante para impactar
na capacidade resistente global, assim como das segoes, de
maneira a evitar o colapso do edificio;

O carregamento atuante nas fundagdes, considerando as li-
mitagdes do modelo, ndo influenciaram no cenario do colap-
so, estando naquele momento com solicitagdes inferiores as
necessarias para seu comprometimento. O desempenho das
fundacdes projetadas poderia ser questionado, caso o edificio
entrasse em servigo, pois o seu dimensionamento foi vincula-
do ao carregamento do projeto estrutural do edificio.
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Abstract
E——

This article proposes a standardized solution for the application of Tuned-Mass Dampers to the control of floor vibrations based on the charac-
teristics of the acting loads associated to human usage and the characteristics of the most common structures of the contemporary engineering
practice. In order to simplify its usage by the technical community, the tuning is proposed through the selection of pre-determined components for
the assembly of the TMD and the choice of disposition and spacing of the mechanisms. The system efficacy is then verified through the computa-
tional case study of a floor before and after the application of the mechanisms.
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Resumo
E——

Este artigo propde uma solugéo padronizada de aplicagdo de Tuned-Mass Dampers (TMD) para controle de vibragdes em lajes baseada na
analise das caracteristicas de carregamentos associados a utilizagdo humana e nas caracteristicas estruturais mais comuns a engenharia con-
temporanea. De modo a simplificar sua aplicagéo técnica, a sintonizagédo é proposta por meio da escolha de componentes pré-determinados
para a montagem do TMD e pela distribuicdo e posicionamento dos mecanismos. A eficacia do sistema € entao verificada por meio de um estudo
computacional de caso de uma laje antes e depois da aplicacdo dos mecanismos.
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Application of tuned-mass dampers to the control of floor vibrations

1. Introduction

EE

Tuned-Mass Dampers, TMD'’s, are highly efficient systems utilized in
the passive control of structural vibrations. They basically consist of an
inertial element connected through a damper and a spring to a system
to alter its dynamic characteristics. Its operational principle is based on
the idea that the TMD resonates in an excitation frequency that coin-
cides to a vibration mode of the structure, thus dissipating the energy
that would otherwise act unchecked. This characteristic of the Tuned-
Mass Dampers, however, demands that they are tuned to each system,
reducing its employability in the contemporary civil engineering prac-
tice, which remains reluctant about adopting dynamic concepts in the
design of structures. A possibility is thus presented for a standardized
solution against recurring vibrational problems to which the applicability
of traditional static approaches, such as the increase in stiffness, might
be inefficient or unviable. In the case of slab vibrations, the situation is
even more critical due to the architectonic demands for larger spans
and the ever-increasing use of light partitions, that contribute little to
the stiffness and damping of the system unlike the masonry partitions.
As such, the development of a set of standardized Tuned-Mass Damp-
ers is proposed, as well as a simplified design guide that will allow the
proper tuning for slabs of different sizes, thickness and usages, in a way
that facilitates its usage in the contemporary practice.

1.1 Justification

According to the AISC Steel Design Guides Series 11: Floor
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Figure 1

Recommended peak acceleration for human
comfort for vibrations due to human activities
(AISC Steel Design Guides Series 11; Allen e Murray,
1993, 1ISO 2631-2: 1989)

Vibrations Due to Human Activity, the human response to floor
vibrations is a fairly complex phenomenon that depends, among
other factors, of the amplitude of displacements and accelerations
one is submitted to, as well as of the current location, user sensitiv-
ity and of the nature of the load that originated the vibration. Also,
the user reaction is strongly tied to the activities performed in said
locations. Users located in residences and offices are troubled by
any perceptible vibration, which means any acceleration that sur-
passes 0,50% of the gravity, while those located in places in which
more energetic activities take place are capable of accepting vibra-
tions of up to 5,00% of the gravity. Users in intermediary situations,
such as dining beside a ballroom or weightlifting beside a fithess
class, or even shopping in a shopping center tolerate intermediary
values of acceleration, around 1,50% of the gravity, depending also
on the duration of the vibration and the distance from the source.
Those limits, however are only valid for vibrations that have their
frequencies between 4,0Hz and 8,0Hz, range beyond which users
are capable of dealing with greater accelerations.

Throughout the years, many criteria were proposed in order to as-
certain the level of human comfort of a set of floors under dynamic
effects, being that the AISC divides them in relation to the kind
of considered excitation: rhythmic or due to walking. The criteria
currently recommended for vibrations due to walking, estimation
methods of the required properties and design procedures were
initially devised by Allen and Murray, and they differ extensively
from the previous analysis based on the “heel-drop test”, in which
the natural frequencies and damping ratios of the system are as-
certained due to the impact created by a person of about 75,0kg
that stands on his toes, lifting the heels about 60mm from the floor
and then allow them to hit the floor with full weight. Despite the
criteria of Allen and Murray being more complex than the previ-
ous, they have a wider range of uses and result in more economic
acceptable floors. Using them as basis with a few minor modifica-
tions to allow a more embracing application, the Design Guide 11
is based on the dynamic response of a system of floors bore by
beams under the loads originated due to walking and can be used
to design offices, malls and footbridges, among others. The accel-
erations are limited in accordance to the recommendations of the

International Standards Organization (ISO 2631-2, 1989) adjusted
for the intended occupancy. Limits are suggested in terms of root
mean square values of acceleration as multiples of the baseline
curve presented in Figure [1], which are proposed for offices, malls
and indoors footbridges, and outdoors footbridges, defined by mul-
tiplying the baseline by 10, 30 and 100, respectively. For design
purposes, the limits can be assumed to range between 0,80 and
1,50 times the recommended values depending on the duration of
the vibration and its frequency.

The dynamic analysis of vibrations due to walking is performed ac-
cording a time dependent harmonic force component that matches
the fundamental frequency of the floor, according to the Equation [1].
F; = Pa; cos (Zﬂifstept) (])
where
P = person’s weight, taken as 0,7kN for design.

i = harmonic multiple of the step frequency.

fye, = step frequency.
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a, = dynamic coefficient for the i harmonic force component. Rec-
ommended values are given in Table [1], however, only a single
harmonic is considered at a time since the others would be negli-
gible in comparison to the resonant harmonic.

As such, the resonant response function is given by the Equation [2].

w, = effective weight per unit area of participants distributed over
floor panel.

w, = effective weight per unit area of floor panel, including users.
f, = natural frequency of the floor (Hz).

f = excitation frequency (Hz).

3 = damping ratio.

a Ra;P .

g = IW;/ cos (me mpt) (2) The effective maximum acceleration accounting for all the harmon-
ic can, then, be calculated from the Equation [4].

in which:

g = ratio of the floor acceleration to the acceleration of gravity.

B = modal damping ratio.

W = effective weight.

R = reduction factor that accounts for the fact that full steady-state
resonant motion is not achieved for walking and that the excitation
source and the affected user are not simultaneously at the location
of maximum modal displacement. Taken as 0,7 for footbridges and
0,5 for floor structures with two-way mode shape configurations.
For frequencies above 8Hz, the quasi-static deflection and foot-
step impulse vibration can become more critical than resonance.
To account for these effects, the AISC recommends that the ac-
celeration should be limited to the same values as the frequen-
cies ranging from 4,0Hz to 8,0Hz and a minimum stiffness of 1kN/
mm under concentrated loads should be respected for vibrations of
frequencies greater than 10,0Hz. These criteria, however, are not
valid in case equipment sensitive to vibrations are affected.

When considering rhythmic excitations, the design criteria for
structures is based on the dynamic response of the structure un-
der loads distributed over the whole floor. They may be used in
the evaluation of structural systems submitted to activities such as
gymnastics, aerobic and dance classes on the condition that the
loading function is known. The peak acceleration of the floor due to
harmonic excitations is obtained from the Equation [3] through the
classic solution by assuming that the structure presents a single
mode of vibration.

13"/,
CRE 0
where:

a, = dynamic coefficient (see Table [1])

)

9

Table 1

5] ®

In which a, represents the peak acceleration for the i harmonic.
The damping associated to floor panels is originated from the non-
structural components, furniture and occupants. Damping ratios
recommended by the Design Guide range from 0,01 to 0,06. For
footbridges or locations with low occupancy with no furniture nor
non-structural components, the damping ratio should be considered
0,01; in case of floors with few non-structural components and fur-
niture such as shopping centers and churches the recommended
value is 0,02. A damping ratio of 0,03 is adequate for floors with non-
structural components and furnishings, but with only small demount-
able partitions, such as modular offices; while a damping ratio of
0,05 should be considered for floors and homes with full height fixed
partitions; and a ratio of 0,06 is recommended for vibrations caused
by rhythmic excitation due to a great accumulation of people since
the users themselves contribute to the damping.

Another important factor to the dynamic analysis of a slab is its own
distributed weight, that must be carefully estimated in its actual value
for both the live and dead loads, not the design loads. According to
the AISC, the live loads should be taken as 0,50kN/m? for offices and
0,25kN/m? for homes, while footbridges, gymnasiums and shopping
centers the live load should be taken as OkN/m>.

The application of these criteria, however, demands careful con-
sideration from the engineer. For instance, the acceleration limit
for outdoor footbridges is meant for high traffic of people, not quiet
places such as office atria.

2. Methodology
T
2.1 Definition of the standard TMD characteristics

The basic elements of the proposed TMD can be ascertained from the
previously mentioned criteria, and from among the possibilities some

Common excitation frequencies and their respective dynamic coefficients

(AISC Steel Design Guides Series 11)

L Person walking Aerobic class Group dancing
Harmonic i
f,.Hz ai f,Hz ai f,Hz ai
1 1,60-2,20 0,50 2,00-2,75 1,50 1,50-3,00 0,50
2 3,20-4,40 0,20 4,00-5,55 0.60 - -
3 4,80-6,60 0,10 6,00-8,25 0.10 - -
4 6,40-8,80 0.05 - - - -
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Table 2
Possible distributed weights considered
H slab
Live load Floor covering
10,0cm 15,0cm 20,0cm

0 Kg/m? 250 Kg/m? 375 Kg/m? 500 Kg/m? 0 Kg/m?
25 Kg/m?2 275 Kg/m? 400 Kg/m? 525 Kg/m? 0 Kg/m?
50 Kg/m? 300 Kg/m?2 425 Kg/m? 550 Kg/m?2 0 Kg/m?
0 Kg/m? 350 Kg/m?2 475 Kg/m? 600 Kg/m?2 100 Kg/m?2
25 Kg/m?2 375 Kg/m?2 500 Kg/m? 625 Kg/m?2 100 Kg/m?2
50 Kg/m? 400 Kg/m? 525 Kg/m?2 650 Kg/m?2 100 Kg/m?
0 Kg/m? 450 Kg/m? 575 Kg/m? 700 Kg/m? 200 Kg/m?
25 Kg/m? 475 Kg/m? 600 Kg/m? 725 Kg/m? 200 Kg/m?
50 Kg/m? 500 Kg/m?2 625 Kg/m? 750 Kg/m? 200 Kg/m?

will be chosen as standard in a way that covers the greatest range of
cases with the least amount of parts. The first elements to be defined
are the standard masses. Assuming that the mass of the Tuned-Mass
Dampers is contained exclusively on its inertial element, their mass can
be obtained from the distributed weight of the structure common on
the contemporary practice and desired spacing between mechanisms.
Taking in account slabs of 10,0cm, 15,0cm and 20,0cm of height, floor
coverings of 100,0kg/m? or 200kg/m? and live loads varying from 0,0kg/
m?to 50,0kg/m?, the possible distributed weights are shown in Table [2].
For each possibility of distributed weight, the adequate element
mass can be ascertained from the distribution of the mechanisms
through the floor and the ratio p between the system and structure
weights given in Equation [5].

)= Mgetof TMD's (5)

Mstructure

The CEB suggest in its Bulletin D Information N209, annex D, that
M should usually range from 1,0% to 5,0%, while Varela and Ba-
tista (2011) recommends it should range between 0,2% to 1,0%.
As such, the inertial elements are ascertained assuming p=1,0%
and spacing of 0,50m between mechanisms. From the values thus
obtained, shown in Table [3], the options of 0,75kg, 1,00kg, 1,25kg,
1,50kg and 1,75kg are chosen as the standard masses of the iner-
tial elements in order to better cover the intended range.

Next, the spring stiffness can be defined. Since the TMD’s are

damped mass-spring oscillators of a single degree of freedom,
their natural frequency obeys Equation [6].

1 [k
fTMDZE m

where:
f.up = Natural frequency of the Tuned-Mass Damper.
k = system (spring) stiffness.
m = mass of the inertial element.
The application of TMDs, however, increases the system mass with-
out an equivalent increase in its stiffness, slightly reducing its natural
frequency. To compensate this deviation in a simplified manner, the
tuning is done for a rectified frequency through Equation [7].

)

1
ftuning = 1 +u

)

ffloor

natural

in which:
f tuning = rectified natural frequency of the system.

ffloor

natural = Original natural frequency of the system.

According to the AISC the excitation frequency of excitation loads
ranges from 1,60Hz to 2,20Hz for walking, 2,00 Hz to 2,75Hz for
aerobic classes and 1,50Hz to 3,00Hz for dancing. The necessary

Table 3
Calculated mass of the inertial elements of the TMD for the distributed weights considerer
Distributed 250 275 300 350 375 400 425 450 475 500
weight kg/m? | kg/m?2 kf/m? kg/m?2 kg/m? kg/m? kg/m?2 kg/m? kg/m? kg/m?2
M for 0.625 0,688 0,750 0.875 0,938 1,000 1,063 1,125 1,188 1,250
p=10% kg kg kg kg kg kg kg kg kg
Distributed 525 550 575 600 625 650 700 725 750 _
weight kg/m? | kg/m? | kg/m? kg/m? kg/m? kg/m? kg/m? kg/m? kg/m?
M for 1,313 1,375 1,438 1,500 1,563 1,625 1,750 1,813 1,875 _
p=1,0% kg kg kg kg kg kg kg kg
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Table 4
Calculated stiffness of the springs of the TMD based on the inertial element and frequencies selected
M
f 0,750Kg 1,250Kg 1,750Kg

1,50 Hz 65,31 N/m 108,85 N/m 152,38 N/m
2,00 Hz 116,10 N/m 193,50 N/m 270,90 N/m
2,50 Hz 181,41 N/m 302,35 N/m 423,29 N/m
3.00 Hz 261,23 N/m 435,38 N/m 609,53 N/m
3,50 Hz 355,56 N/m 592,60 N/m 829,64 N/m
4,00 Hz 464,41 N/m 774,01 N/m 1083,62 N/m
4,50 Hz 587,76 N/m 979,61 N/m 1371,45 N/m
5,00 Hz 725,64 N/m 1209,39 N/m 1693,75 N/m
5,50 Hz 878,02 N/m 1463,36 N/m 2048,71 N/m
6,00 Hz 1044,91 N/m 1741,52 N/m 2438,13 N/m
6,50 Hz 1226,32 N/m 2043,87 N/m 2861,42 N/m
7.00 Hz 1422,24 N/m 2370,41 N/m 3318.57 N/m
7,50 Hz 1632,68 N/m 2721,13 N/m 3809,58 N/m
8.00 Hz 1857,63 N/m 3096,04 N/m 4334,46 N/m

2350N/m, 2700N/m e 3100N/m; that, together with the standard
masses previously selected, allow the tuning of the mechanism to
the exact frequencies indicated in Table [5].

Lastly, the standard dampers must be defined. According to the

springs to comprise the whole range of excitation and their harmon-
ics can be obtained using Equations [6] and [7], and are indicate
in Table [4]. Among the resulting stiffness, fifteen are selected as
standard: 100N/m, 150N/m, 225N/m, 330N/m, 500N/m, 630N/m,

790N/m, 1000N/m, 1235N/m, 1500N/m, 1780N/m, 2050N/m, Bulletin D’Information N209, annex D, the optimum damping ratio

Table 5

Possible rectified natural frequencies for the mass-spring combinations of the standard TMD

M
. 0,750Kg 1,000Kg 1,250Kg 1,500Kg 1,750Kg

100 N/m 1,86 Hz 1,61 Hz 1,44 Hz 1,31 Hz 1,22 Hz
150 N/m 2,27 Hz 1,97 Hz 1,76 Hz 1,61 Hz 1,49 Hz
225 N/m 2,78 Hz 2,41 Hz 2,16 Hz 1,97 Hz 1,82 Hz
330 N/m 3,37 Hz 2,92 Hz 2,61 Hz 2,38 Hz 2,21 Hz
500 N/m 4,15 Hz 3.59 Hz 3.21 Hz 2,93 Hz 2,72 Hz
630 N/m 4,66 Hz 4,03 Hz 3,61 Hz 3,29 Hz 3,05 Hz
790 N/m 5,22 Hz 4,52 Hz 4,04 Hz 3,69 Hz 3,42 Hz
1000 N/m 5,87 Hz 5,08 Hz 4,55 Hz 4,15 Hz 3,84 Hz
1235 N/m 6,52 Hz 5,65 Hz 5,05 Hz 4,61 Hz 4,27 Hz
1500 N/m 7,19 Hz 6,23 Hz 5,567 Hz 5,08 Hz 4,71 Hz
1780 N/m 7,83 Hz 6,78 Hz 6,07 Hz 5,54 Hz 5,13 Hz
2050 N/m 8,40 Hz 7.28 Hz 6,51 Hz 5,94 Hz 5,50 Hz
2350 N/m 9,00 Hz 7,79 Hz 6,97 Hz 6,36 Hz 5,89 Hz
2700 N/m 9,64 Hz 8,35 Hz 7.47 Hz 6,82 Hz 6,31 Hz
3100 N/m 10,33 Hz 8,95 Hz 8,01 Hz 7,31 Hz 6,77 Hz
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Table 6
Ideal damping coefficient for the considered spring-frequency combinations
M
@ 0.750Kg 1,000Kg 1,250Kg 1,500Kg 1,750Kg f

9,42 rad/s 0,85 Ns/m 1,74 Ns/m 1,42 Ns/m 1,71 Ns/m 1,99 Ns/m 1,50 Hz
12,57 rad/s 1,14 Ns/m 1,52 Ns/m 1,90 Ns/m 2,27 Ns/m 2,65 Ns/m 2,00 Hz
15,71 rad/s 1,42 Ns/m 1,90 Ns/m 2,37 Ns/m 2,84 Ns/m 3.32 Ns/m 2,50 Hz
18,85 rad/s 1,71 Ns/m 2,27 Ns/m 2,84 Ns/m 3,41 Ns/m 3.98 Ns/m 3,00 Hz
21,99 rad/s 1,99 Ns/m 2,65 Ns/m 3.32 Ns/m 3,98 Ns/m 4,64 Ns/m 3.50 Hz
25,13 rad/s 2,27 Ns/m 3,03 Ns/m 3.79 Ns/m 4,55 Ns/m 5,31 Ns/m 4,00 Hz
28,27 rad/s 2,56 Ns/m 3,41 Ns/m 4,26 Ns/m 512 Ns/m 5,97 Ns/m 4,50 Hz
31,42 rad/s 2,84 Ns/m 3,79 Ns/m 4,74 Ns/m 5,69 Ns/m 6,63 Ns/m 5,00 Hz
34,56 rad/s 3,13 Ns/m 4,177 Ns/m 5,21 Ns/m 6,25 Ns/m 7,30 Ns/m 5,50 Hz
37.70 rad/s 3,41 Ns/m 4,55 Ns/m 5,69 Ns/m 6,82 Ns/m 7,96 Ns/m 6,00 Hz
43,98 rad/s 3,98 Ns/m 5,31 Ns/m 6,63 Ns/m 7,96 Ns/m 9,29 Ns/m 7,00 Hz
47,12 rad/s 4,26 Ns/m 5,69 Ns/m 7.11 Ns/m 8.53 Ns/m 9,95 Ns/m 7.50 Hz
50,27 rad/s 4,55 Ns/m 6,07 Ns/m 7,58 Ns/m 9,10 Ns/m 10,61 Ns/m 8,00 Hz

of a Tuned-Mass Damper can be obtained in a simplified manner
from the Equation [8].
1/2 (8)

Euptimum = [8(13—-1/-1;03]

where § is calculated from Equation [9].

= erclw (9)
in which:

¢ = the damping coefficient.

m = mass of the inertial element.

o = natural angular frequency of the TMD.

The ideal damping coefficient for each mass and frequency com-
bination are given in Table [6]. Among those, 1,00Ns/m, 1,75Ns/m,
2,50Ns/m, 3,25Ns/m, 4,00Ns/m, 4,60Ns/m, 5,20Ns/m, 6,00Ns/m,
7,00Ns/m e 8,00Ns/m were chosen as standard to better comprise

Table 7
Mass of the standard inertial elements (weights)

the range of interest.

In short, the Tuned-Mass Damper to be used can be applied basically
to any case within the analyzed spectrum through the compounding
of the mechanism from five possible weights, fifteen springs and ten
dampers, respectively indicated in Tables [7], [8] and [9].

2.2 Guide for parts selection
of the tuned-mass damper

After recognizing the vibration problems on the floor, the assem-
blage of the TMD is straightforward and simples. Initially, the equiv-
alent distributed weight is ascertained, in kg/m?, from the sum of
the weight of the slab, floor covering and live load in their actual
values. The ideal inertial element for the mechanism can, thus, be
calculated by multiplying this value by p=1,00% and the influence
area of each TMD, that is, the area obtained from the spacing of
each adjacent mechanism, as demonstrated in Equation [10].

0,750Kg 1,000Kg | 1,250Kg 1.500Kg 1,750Kg
Table 8
Stiffness of the standard restorative elements (springs)
M
100 N/m 150 N/m 225 N/m 330 N/m 500 N/m
630 N/m 790 N/m 1000 N/m 1235 N/m 1500 N/m
1780 N/m 2050 N/m 2350 N/m 2700 N/m 3100 N/m

SO4
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Table 9

Damping coefficient of the standard dissipative elements (dampers)

1,00 Ns/m 1,75 Ns/m

2,50 Ns/m

3,25 Ns/m 4,00 Ns/m

4,60 Ns/m 5,20 Ns/m

6,00 Ns/m

7,00 Ns/m 8,00 Ns/m

calculated __
Mrtump =

IS [(hSlabpconcrete + hf- Coveringpf_ covering + QAISC) dxd}’] <II 0)
na qual:

u is taken as 1,00%;

h,, = slab height (m);

Ny covering = flOOT COVering height (m);

= reinforced concrete density (kg/m?);

of. covering = density of the floor covering (kg/m?);

QAISC = equivalent weight of the live loads used for dynamic
analysis (recommended by the AISC Design Guide 11 as approxi-
mately 50kg/m? for offices, 25kg/m? for houses and Okg/m? for foot-
bridges, gymnasiums and shopping centers);

d,_= spacing between TMD’s in the main direction of the slab (m);

d, = spacing between TMD'’s in the secondary direction of the slab (m).
The inertial element is then chosen as the one closest to the cal-
culated value among the options in Table [7]. The next step would
then be choosing the spring stiffness, which will be ascertained
from the chosen inertial element and the natural frequency of the
structure that needs mitigating, as seen in Equation [11], obtained
from the Equations [6] and [7]. The resulting stiffness is then used
as basis for choosing the spring among the options in Table [8].

(M)

P concrete

Adopted

2
2
Calculated __ floor
kimp f X Mryp

- 1+w natural

TIME 0.000 By

>»Z—0>

@ m

Figure 2

Lastly, the ideal damping is calculated according to Equation 12
that results from manipulating the Equations [8] and [9]. The damp-
er can then be chosen from the options indicated in Table [9].

1/2
3“ x M?;i/[onted x k:;l}ttil;g;ted ('I 2)

2(1 + )3

Caldulated _
CTMD =

2.3 Case analysis

TTo verify the efficacy of the TMD assembled according the pro-
cess described in the previous item, a case analysis was per-
formed on an office floor made of concrete, f, 40Mpa; height of
10,0cm; spans of 580,0cm by 600,0cm; 2,0cm concrete cover-
ing thickness and subjected to the following loads: self-weight of
2500N/m?, floor covering of 2000N/m? and live loads of 2000N/m?>.
The resulting moments, obtained using the Tables of Czerny for
slabs with four simply supported sides, are m , = 10220Nm/m e
m, ., = 9690Nm/m. Considering CA-50 steel and respecting require-
ments from the ABNT NBR 6118:2013, the necessary reinforcement
of the slabs is 4,65cm?/m on the main direction and 5,18cm?/m on
the secondary direction, both satisfied by ®10c/15cm. The result-
ing deflection is 19,5mm, less than the required limit of 1/300 if the
main span. Next, assuming the slab is held by four beams 20cm
wide and 45cm tall, with concrete covering thickness of 2,50cm,
the critical beam is submitted to 6700N/m dead load, 3000N/m
live load and 2250N/m self-weight with a span of 6,00m. Thus, the

PRESCRIBED
FORCE
TIME 0.000

700.0

u.8, e,

Modeling of the analyzed floor without TMD’s on the Adina 9,1 software
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A TIME 0.000

Figure 3

Rendering of the analyzed floor without TMD’s on the Adina 9,1 software

resulting moment is M_, = 76640Nm, that, neglecting the slab con-
tribution, requires 4,65cm? reinforcement., satisfied by the adop-
tion of 4®12,5. The resulting deflection is 1,23cm and the maxi-
mum fissure gap is 0,08mm, both values satisfy the requirements
of the NBR 6118:2013. In short, the structure is compatible with the
ABNT requirements for static design.

To Figure the natural frequencies, amplitude of displacements and
accelerations of the structural system before and after the setup
of the TMD's, the software Adina 9,1, student license was utilized.
A model was created with unities from the International System,
a concentrated sinusoidal harmonic load of 700N applied to the
center of the slab and fixed supports on its vertices. The following
Figures [2] and [3] represent respectively the simple and rendered
images of the model as seen in the software.

9,00%

8,00%

o |\
\

6,00%
5,00% ¥

\
4,00% A

3,00% a —

2,00% -

-

1,00%

0,00%
00Hz 02Hz 04Hz 06Hz 08Hz 10Hz 12Hz

-

B ——Total

Figure 4
Resulting Rayleigh damping

From the analysis of the model, the following natural frequencies

are obtained: 5,62Hz for the first mode, 11,56Hz for the second

mode and 11,86Hz for the third mode. Among those, only the first

is contained within the range of frequencies generated due to walk-

ing and thus the Tuned-Mass Damper will be tuned for 5,62Hz.

The choice of inertial element is done by applying Equation [10]

to the case with a dynamic live load of 50kg/m?, that is, 500N/m?,

recommended by the Design Guide for office floors:

M%ﬁ/l,%/.lated —

0,01[(0,10x2500 + 200 + 50)0,50x0,50] =

1,25kg — Mopted — 4 95K g

Next, the ideal spring stiffness is ascertained from Equation [11]:

kcalculated — [ 2n
TMb (1+0,01)

- kadonted _ 1500N /m

2
5,62] x 1,25 = 1528N/m

Lastly, the ideal damping is obtained by applying Equation [12] to

the case:

3x0,01x1,25 x 1500
2(1+40,01)3

- c?ifgted = 520Ns/m

1/2
C;%c[gtlated = [ ] =5,22Ns/m

A new model is then created with the application of the previously
defined Tuned-Mass Dampers under the slab, spaced 0,50m from
each other. The natural frequency of this new model is 5,30Hz for
the first mode.

To accommodate all the AISC demands, the exciting load is multi-
plied by an a; coefficient, indicated in Table [1] for each harmonic.
This means that the maximum intensity of the excitation load var-
ies from one harmonic to the next. Also, according to the AISC
recommendation the damping ratio considered is that of offices,
0,03, and will be considered through the application of Rayleigh
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Damping, in which the damping ratio is obtained from Equation
[13] with two variables, a,, ... and Bg, ..., and is defined in such
a way that results in a value as close as possible to the desired
for the greater part of the analyzed range. To guarantee a damp-
ing ratio of 0,03 for excitations close the resonance frequency, the
Rayleigh damping will be adjusted to present the desired ratio for
4,00Hz and 7,00Hz, which results in the variables o, ... = 0,9596
and Bg, e = 8,68x10* and the damping ratio shown in Figure
[4]. Then, varying the excitation frequency through the interest
range the stabilized displacement and acceleration amplitudes can
be obtained.

(13)

Wy
= —q . — i
fn 2w, Rayleigh + 2 ﬁRaylezgh

3. Results and discussions

EE

The difference in response between the structural systems with
and without the application of TMD’s represented in the previ-
ous two models can be visualized in the graphics of the Figures
[5] and [6] that present the root mean square values of the accel-
eration and displacement in the center of the slab for the stabilized
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Figure 5
Root mean value of displacement x frequency
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Figure 6
Root mean value of acceleration x frequency
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Relation Between the systems amplitude with and without TMD's

harmonic system respectively. Based in those results, the reduction of
the resonant amplitude of displacement and acceleration is clear. The
root mean square values of both are reduced close to 65% for the excit-
ing frequency of 5,6Hz, the displacement diminishing from 0,165mm to
0,057mm and the acceleration is reduced from 0,204m/s? to 0,07m/s2.
It should be noted that even though those results seem negligible in the
first place, the displacement is based only on a single concentrated load
of 700N, much lesser than the real loading; and the acceleration with
and without TMD's represent 2,06% and 0,71% of the gravity respec-
tively, while the acceleration limit for offices should range from 0,40%
and 0,75%. Also, in Figures [5] and [6] the noncontinuities that occur
for 2,20Hz, 4,40Hz and 6,60Hz are caused by the change of the coef-
ficient ai of each harmonic. The difference in behavior of the structural
system before and after the setup of the TMD's is clear not only due
to the reduction of the dynamic response at the resonance frequency
but also due to the emergence of two new dynamic peaks besides the
new generated valley, which actually possess worse dynamic response
than the original system. The presence of those peaks, however, was
already expected as a side effect of the use of Tuned-Mass Dampers
and is lessened by the fact that the two new maximums are dwarfed
when compared to the original peak. To better represent this behavior,
the graphic of Figure [7] indicates the efficacy of the use of the TMD's
by directly comparing the results with and without the mechanisms for
the whole range of analyzed excitation frequencies.

4. Conclusion
E—

This study indicates a reduction of about 65% of the root mean
square values of acceleration, proving the efficiency of the sug-
gest solution. Another advantage of said method are its relative
easiness of use and installation. This study, however, was limited
to a single case, making it necessary to develop new models that
account for a broader range of typical structural engineering situ-
ations, with different occupancies, geometric shapes and spans.
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Abstract
E——

This article proposes a standardized solution for the application of Tuned-Mass Dampers to the control of floor vibrations based on the charac-
teristics of the acting loads associated to human usage and the characteristics of the most common structures of the contemporary engineering
practice. In order to simplify its usage by the technical community, the tuning is proposed through the selection of pre-determined components for
the assembly of the TMD and the choice of disposition and spacing of the mechanisms. The system efficacy is then verified through the computa-
tional case study of a floor before and after the application of the mechanisms.

Keywords: tuned-mass damper, TMD, vibrations, floor, comfort.

Resumo
E——

Este artigo propde uma solugéo padronizada de aplicagdo de Tuned-Mass Dampers (TMD) para controle de vibragdes em lajes baseada na
analise das caracteristicas de carregamentos associados a utilizagdo humana e nas caracteristicas estruturais mais comuns a engenharia con-
temporanea. De modo a simplificar sua aplicagéo técnica, a sintonizagédo é proposta por meio da escolha de componentes pré-determinados
para a montagem do TMD e pela distribuicdo e posicionamento dos mecanismos. A eficacia do sistema € entao verificada por meio de um estudo
computacional de caso de uma laje antes e depois da aplicacdo dos mecanismos.
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Application of tuned-mass dampers to the control of floor vibrations

1. Introducgao

EE

Tuned-Mass Dampers ou TMD’s séo sistemas altamente efica-
zes utilizados para o controle passivo de vibragdes em estrutu-
ras. Consistem basicamente de um elemento inercial conectado
por meio de um elemento restaurador e um dissipador ao siste-
ma para alterar suas caracteristicas dindmicas. Seu principio de
operagao baseia-se na ideia de que o TMD entre em ressonancia
com excitagdes cuja frequéncia, por sua vez, é ressonante com
algum modo de vibragdo da estrutura, vindo a dissipar a ener-
gia que, caso contrario, atuaria desimpedida sobre a edificagéo.
Esta caracteristica dos Tuned-Mass Dampers, entretanto, exige
que sejam “sintonizados” para cada sistema, dificultando sua em-
pregabilidade na engenharia civil contemporanea, a qual perma-
nece relutante em adotar conceitos dinamicos para a verificagao
e dimensionamento de estruturas. Apresenta-se, assim, a possi-
bilidade de desenvolvimento de uma solugéo padronizada contra
problemas recorrentes de vibragdes para os quais a aplicagao de
solugdes estaticas tradicionais, como o aumento da rigidez es-
trutural, seja ineficiente ou de custo proibitivo. Tratando do caso
particular de vibragdes em lajes, a situagado é ainda mais critica
devido as exigéncias arquitetdnicas de maiores vaos livres e utili-
zagao cada vez mais comum de divisorias leves, que pouco contri-
buem para a rigidez estrutural e para o amortecimento do sistema,
ao contrario dos fechamentos constituidos por alvenaria. Deste
modo, propde-se o desenvolvimento de um conjunto de Tuned-
-Mass Dampers padronizados, assim como de um roteiro de cal-

25 T T — ™
-~
L
~
10~ . o = 1
e il Rhythmic Activities, yZ
=~ —_  Outdoor Footbridges o
5 sl Il || Pl ~
L
= - Indoor Footbndges, - -
11 S Shopping Malls, / Ve
& e Rl 3..1.:@ and Dancing - s
& —_——— %
H e
= 1A Iy s
E Rt Offices,
g -~ Residences -
S
05} —_———
ﬁ
&
025 .
P
| L
| ~
O P ISO Baseline Curve i
i - - for RMS Acceleration
~ Py
0.05 e —
1 a 4 5 8 10 25 40
Frequency (Hz)
Figura 1

Pico recomendado de aceleracdo devido
a utilizagdo para conforto humano

(AISC Steel Design Guides Series 11;

Allen e Murray, 1993; ISO 2631-2: 1989)

culo simples que permita sua adequacao para lajes de diferentes
dimensdes, espessuras e fungdes visando a uma maior utilizagao
desta tecnologia pelo meio técnico profissional.

1.1 Justificativa

De acordo com 0 AISC Steel Design Guides Series 11: Floor Vibra-
tions Due to Human Activity, a resposta humana devido a vibragéo
de um piso corresponde a um fendmeno bastante complexo que
depende, entre outros fatores, da amplitude de deslocamentos e
aceleragodes, do local em que o usuario se encontra e da propria
sensibilidade da pessoa afetada, além da natureza do esforgo que
originou a vibragdo. Também, a reagao dos usuarios é fortemente
ligada as atividades realizadas por eles no ambiente em ques-
téo. Usuarios em locais como residéncias e escritorios sentem-se
incomodados por qualquer vibragdo claramente perceptivel, ou
seja, cuja aceleragdo supera 0,50% da aceleragao da gravidade,
enquanto os que estejam em locais nos quais ocorram atividades
mais energéticas sdo capazes de aceitar vibragdes de até 5,00%
da aceleragédo da gravidade. Ja pessoas em uma situacao inter-
mediaria como jantando em um ambiente adjacente a um saléo de
dancas, levantando pesos junto a uma sala de aerébica ou mesmo
fazendo compras em um shopping toleram um valor intermediario,
de cerca de 1,50% da aceleragéo da gravidade, com a sensibilida-
de de cada ocupagao também variando de acordo com a duragéo
das vibragdes e com a distancia da fonte. Estes limites, entretanto,
estéo restritos as vibragdes cuja frequéncia varia entre 4,0 e 8,0
Hz, intervalo fora do qual os usuarios séo capazes de lidar com
maiores aceleragoes.

Ao longo dos anos, varios critérios foram propostos para deter-
minar o nivel de conforto humano de um conjunto de pisos sob
efeitos dinamicos, sendo que o AISC os separa com relagédo ao
tipo de excitagdo analisada: ritmica ou devida ao caminhar. Os
critérios atualmente recomendados para excitagdo devida ao
caminhar, os métodos para estimar as propriedades requeridas
dos pisos e os procedimentos de dimensionamento foram ini-
cialmente desenvolvidos por Allen e Murray, e diferem conside-
ravelmente das analises prévias baseadas no “teste de impacto
de calcanhar’(heel-drop test), no qual as frequéncias naturais e
taxas de amortecimento do sistema sdo determinadas por meio
do impacto causado por uma pessoa de aproximadamente 75,0kg
que transfere seu peso para a ponta dos pés e levanta o calca-
nhar em cerca de 60,0mm do ch&o para em seguida relaxar o
corpo e deixar seus calcanhares cairem ao piso. Apesar de os
critérios de Allen e Murray serem relativamente mais complexos
que os previamente adotados, eles possuem um conjunto maior
de aplicagbes e resultam em sistemas de pisos aceitaveis e mais
econdmicos. Usando-os como base, com pequenas modificagdes
para permitir uma aplicacdo mais abrangente, o dimensionamen-
to pelo Design Guide 11 se baseia na resposta dinamica de um
sistema de pisos sustentados por vigas submetidos as forgas de
caminhar e pode ser usado para dimensionar escritorios, shoppin-
gs e passarela, entre outros espacgos construidos. As aceleracdes
séo limitadas de acordo com as recomendagdes da Organizagao
Internacional de Padronizacéo (International Standards ISO 2631-
2, 1989), ajustados para a ocupacgao pretendida. Sdo sugeridos
limites para o valor quadratico médio da aceleragdo em fungéo da
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curva base apresentada na figura [1], os quais s&o propostos para
escritorios, shoppings ou passarelas internas e para passarelas
externas, definidos pelo valor da curva basica multiplicada res-
pectivamente por 10, 30 ou 100. Para propésitos de dimensiona-
mento, os limites podem ser tomados como variando entre 0,80 e
1,50 vezes os valores recomendados, dependendo da duragéo e
frequéncia dos esforgos causadores.

A andlise dinamica de estrutura para uma excitagao causada pelo
caminhar é realizada em fungdo de uma componente de forga har-
modnica em uma frequéncia que coincida com uma das frequén-
cias naturais do piso, dada pela equagéo 1.

F; = Pa; cos (Znifpassot) (] )
na qual:

P = peso de uma pessoa, tomado como 0,70kN para o dimensio-
namento.

i = multiplo harmonico da frequéncia do caminhar.

f aeso = frequéncia do caminhar.

a, = coeficiente dindmico para a i-ésima componente harménica
da forga. Seus valores recomendados sdo dados pela Tabela [1],
porém apenas um unico harmonico é utilizado por vez ja que todos
0s outros sao pouco representativos em relagao ao que apresenta
ressonancia.

Desse modo, a resposta ressonante possui sua fungdo de forma
dada pela equagao 2.

g = 1;0;;) cos (mepassat) (2)
em que:

a ~ . ~ \ .
p = taxa de aceleragao do piso em relagéo a gravidade.

B = taxa de amortecimento modal

W = peso efetivo do piso

R = fator de redugdo que considera o fato de que o estado per-
manente pleno de movimento ressonante ndo é atingido pelo ca-
minhar e que a pessoa que sera incomodada pela vibragéo e a
causadora nao se encontram simultaneamente na localizagao de
maximo deslocamento modal. Recomenda-se que seja tomado
como 0,7 para passarelas e 0,5 para estruturas de pisos com con-
figuragbes modais em duas diregdes.

Para frequéncias acima de 8Hz, o movimento devido aos deslo-
camentos quase permanentes e a vibragdo devida ao impulso do

Tabela 1

passo podem se tornar mais significativos que a ressonancia. De
modo a considerar estes efeitos, o AISC recomenda que o limite
de aceleragao para frequéncias acima de 8Hz seja mantido o mes-
mo que no patamar entre 4 e 8Hz, e que a rigidez minima de 1kN/
mm sob cargas concentradas seja introduzida como verificagéo
adicional caso a frequéncia seja superior a 10Hz. Entretanto, estes
critérios nao sao validos caso equipamentos sensiveis a vibragoes
estejam presentes, sendo suas exigéncias ainda mais restritivas.
Com relagdo a excitagdes ritmicas, critérios para o dimensiona-
mento de estruturas se baseiam na resposta dinamica estrutural
de forgas distribuidas ao longo de todo o piso. Eles podem ser uti-
lizados para avaliar sistemas estruturais sujeitos a atividades tais
quais ginastica, aerdbica e aulas de danga desde que a fungdo
dos carregamentos no tempo seja conhecida. O pico de acelera-
¢ao no piso devido a excitagées harmdnicas € determinado a partir
da solugao classica ao assumir que a estrutura apresente apenas
um modo de vibragao resultando na equagéao 3.

1,3¢; Wp/wt

() -
f
sendo:

a, = coeficiente dinamico (ver tabela [1])

w, = peso efetivo por area unitaria de usuarios participantes distri-
buidos por toda laje.

w, = peso efetivo por area unitaria de toda a laje, incluindo todos
os participantes.

f, = frequéncia natural fundamental do piso em Hz.

f = frequéncia excitante do carregamento em Hz.

3 = taxa modal de amortecimento.

A aceleracgao efetiva maxima, que leva em consideragao todos os
harménicos, é entao calculada por meio da regra de combinagao
dada pela equacgao 4.

e[S @

Na qual a, representa o pico de aceleragio para o i-€simo harmonico.
O amortecimento associado a sistemas de pisos ¢ fornecido prin-
cipalmente pelos componentes néo estruturais, mobiliario e ocu-
pantes. As taxas de amortecimento recomendadas pelo Design
Guide variam de 0,01 a 0,06. Para passarelas ou pisos com baixa

ap

2 2 3
o ®

Frequéncias comuns de excitacdo e seus respectivos coeficientes dindmicos

(AISC Steel Design Guides Series 11)

L Pessoa caminhando Aula de aerébica Grupo de dang¢a
Harmonico i
f,.Hz ai f,Hz ai f,Hz ai
1 1,60-2,20 0,50 2,00-2,75 1,50 1,50-3,00 0,50
2 3,20-4,40 0,20 4,00-5,55 0.60 - -
3 4,80-6,60 0,10 6,00-8,25 0.10 - -
4 6,40-8,80 0.05 - - - -
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Tabela 2
Possibilidades consideradas de carregamentos distribuidos
Sobrecarga Hlaje Revestimento
10,0cm 15,0cm 20,0cm

0 Kg/m? 250 Kg/m? 375 Kg/m? 500 Kg/m? 0 Kg/m?
25 Kg/m?2 275 Kg/m? 400 Kg/m? 525 Kg/m? 0 Kg/m?
50 Kg/m? 300 Kg/m? 425 Kg/m? 550 Kg/m? 0 Kg/m?
0 Kg/m? 350 Kg/m?2 475 Kg/m? 600 Kg/m?2 100 Kg/m?2
25 Kg/m? 375 Kg/m? 500 Kg/m? 625 Kg/m? 100 Kg/m?
50 Kg/m? 400 Kg/m? 525 Kg/m?2 650 Kg/m?2 100 Kg/m?
0 Kg/m? 450 Kg/m? 575 Kg/m? 700 Kg/m? 200 Kg/m?
25 Kg/m? 475 Kg/m? 600 Kg/m? 725 Kg/m? 200 Kg/m?
50 Kg/m? 500 Kg/m? 625 Kg/m? 750 Kg/m? 200 Kg/m?

ocupagao e que ndo possuam componentes ndo estruturais nem
mobiliario, recomenda-se a utilizacao de 0,01; ja para pavimentos
com elementos ndo estruturais ou méveis em pequena quantida-
de, como shoppings ou igrejas, o valor recomendado é de 0,02.
Uma taxa de amortecimento de 0,03 é adequado para pisos que
possuam componentes nao estruturais e mobiliario, com apenas
divisorias leves, pequenas e removiveis, tais quais escritorios mo-
dulares; enquanto uma taxa de 0,05 é aplicado para escritérios e
residéncias com divisorias fixas que ocupam todo o pé direito; e o
valor de 0,06 pode ser utilizado para locais cuja excitagao ritmica
seja causada pela grande concentragao de pessoas, pois 0s pro-
prios participantes contribuem para o amortecimento.

Outro fator importante para a analise do comportamento dinamico
de uma laje é seu peso distribuido, que deve ser estimado cui-
dadosamente com seus valores reais, ndo majorados, tanto dos
carregamentos permanentes quanto variaveis. Segundo o AISC,
o carregamento de utilizagéo (sobrecarga) sugerido € de 0,50kN/
m?2 para escritérios tipicos e 0,25kN/m? para residéncias, enquanto
para passarelas, ginasios e shoppings recomenda-se que a carga
adotada seja considerada como OkN/m? por ser pequena o sufi-
ciente para ser desprezivel.

A aplicagao destes critérios, entretanto, exige a consideracao cui-
dadosa do engenheiro. Por exemplo, a aceleragdo maxima para
passarelas externas é definida para locais com trafego intenso de
pessoas, nao para locais mais calmos como atrios de escritorios.

2. Metodologia
—

2.1 Defini¢ao das caracteristicas do TMD
padronizado

Os elementos basicos do TMD proposto sdo definidos em fun-
¢ao dos critérios e propriedades discutidos anteriormente, den-
tre os quais alguns serédo escolhidos como padrao buscando
abranger o maior espectro possivel de situagbes com o me-
nor numero possivel de pecas. Primeiramente, sdo definidas
as massas a serem adotada para as opgoes padronizadas de
elementos inerciais do sistema. Supondo que a massa do TMD
esteja concentrada em seu elemento inercial, ela é definida em
funcao das massas distribuidas tradicionalmente encontradas
na engenharia e do espagamento médio desejado entre cada
mecanismo. Considerando lajes com altura 10,0cm, 15,0cm
e 20,0cm, revestimentos de 100kg/m? ou 200kg/m? e massas
adicionais associadas as sobrecargas variando de 0,0kg/m? a
50,0kg/m?, as possibilidades de carregamento distribuido sdo
apresentadas na tabela [2].

Para cada possibilidade de carregamento distribuido, o valor ade-
quado da massa dos elementos inerciais pode ser calculado em
fungdo da distribuigdo dos mecanismos pela laje e da relagado y,

Table 3
Calculated mass of the inertial elements of the TMD for the distributed weights considerer
Distributed 250 275 300 350 375 400 425 450 475 500
weight kg/m? | kg/m?2 kf/m? kg/m?2 kg/m? kg/m? kg/m?2 kg/m? kg/m? kg/m?2
M for 0.625 0,688 0,750 0.875 0,938 1,000 1,063 1,125 1,188 1,250
p=10% kg kg kg kg kg kg kg kg kg
Distributed 525 550 575 600 625 650 700 725 750 _
weight kg/m? | kg/m? | kg/m? kg/m? kg/m? kg/m? kg/m? kg/m? kg/m?
M for 1,313 1,375 1,438 1,500 1,563 1,625 1,750 1,813 1,875 _
p=1,0% kg kg kg kg kg kg kg kg
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Table 4
Calculated stiffness of the springs of the TMD based on the inertial element and frequencies selected
M
f 0,750Kg 1,250Kg 1,750Kg

1,50 Hz 65,31 N/m 108,85 N/m 152,38 N/m
2,00 Hz 116,10 N/m 193,50 N/m 270,90 N/m
2,50 Hz 181,41 N/m 302,35 N/m 423,29 N/m
3.00 Hz 261,23 N/m 435,38 N/m 609,53 N/m
3,50 Hz 355,56 N/m 592,60 N/m 829,64 N/m
4,00 Hz 464,41 N/m 774,01 N/m 1083,62 N/m
4,50 Hz 587,76 N/m 979,61 N/m 1371,45 N/m
5,00 Hz 725,64 N/m 1209,39 N/m 1693,75 N/m
5,50 Hz 878,02 N/m 1463,36 N/m 2048,71 N/m
6,00 Hz 1044,91 N/m 1741,52 N/m 2438,13 N/m
6,50 Hz 1226,32 N/m 2043,87 N/m 2861,42 N/m
7.00 Hz 1422,24 N/m 2370,41 N/m 3318.57 N/m
7,50 Hz 1632,68 N/m 2721,13 N/m 3809,58 N/m
8.00 Hz 1857,63 N/m 3096,04 N/m 4334,46 N/m

O CEB recomenda em seu Bulletin D’Information N209, anexo D,
que p geralmente se encontre no intervalo entre 1,0% e 5,0% en-
quanto Varela e Battista (2011) sugerem que a relagéo varie entre

dada pela equagéao 5, entre a massa do conjunto de mecanismos
adotados e a massa da estrutura.

= w (5) 0,2% e 1,0%. Desse modo, os elementos inerciais sdo definidos
estrutura supondo p=1,0% e espacamento de 0,50m entre cada mecanis-
Table 5
Possible rectified natural frequencies for the mass-spring combinations of the standard TMD
M

. 0,750Kg 1,000Kg 1,250Kg 1,500Kg 1,750Kg
100 N/m 1,86 Hz 1,61 Hz 1,44 Hz 1,31 Hz 1,22 Hz
150 N/m 2,27 Hz 1,97 Hz 1,76 Hz 1,61 Hz 1,49 Hz
225 N/m 2,78 Hz 2,41 Hz 2,16 Hz 1,97 Hz 1,82 Hz
330 N/m 3.37 Hz 2,92 Hz 2,61 Hz 2,38 Hz 2,21 Hz
500 N/m 4,15 Hz 3.59 Hz 3.21 Hz 2,93 Hz 2,72 Hz
630 N/m 4,66 Hz 4,03 Hz 3.61 Hz 3.29 Hz 3.05 Hz
790 N/m 5,22 Hz 4,52 Hz 4,04 Hz 3.69 Hz 3.42 Hz
1000 N/m 5,87 Hz 5,08 Hz 4,55 Hz 4,175 Hz 3.84 Hz
1235 N/m 6.52 Hz 5,65 Hz 5,05 Hz 4,61 Hz 4,27 Hz
1500 N/m 7,19 Hz 6,23 Hz 5,67 Hz 5,08 Hz 4,71 Hz
1780 N/m 7.83 Hz 6,78 Hz 6,07 Hz 5,54 Hz 5,13 Hz
2050 N/m 8,40 Hz 7,28 Hz 6,51 Hz 5,94 Hz 5,50 Hz
2350 N/m 9,00 Hz 7.79 Hz 6.97 Hz 6,36 Hz 5,89 Hz
2700 N/m 9,64 Hz 8.35 Hz 7.47 Hz 6,82 Hz 6,31 Hz
3100 N/m 10,33 Hz 8.95 Hz 8.01 Hz 7.31 Hz 6.77 Hz
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Table 6
Ideal damping coefficient for the considered spring-frequency combinations
M
@ 0.750Kg 1,000Kg 1,250Kg 1,500Kg 1,750Kg f

9,42 rad/s 0,85 Ns/m 1,74 Ns/m 1,42 Ns/m 1,71 Ns/m 1,99 Ns/m 1,50 Hz
12,57 rad/s 1,14 Ns/m 1,52 Ns/m 1,90 Ns/m 2,27 Ns/m 2,65 Ns/m 2,00 Hz
15,71 rad/s 1,42 Ns/m 1,90 Ns/m 2,37 Ns/m 2,84 Ns/m 3.32 Ns/m 2,50 Hz
18,85 rad/s 1,71 Ns/m 2,27 Ns/m 2,84 Ns/m 3,41 Ns/m 3.98 Ns/m 3,00 Hz
21,99 rad/s 1,99 Ns/m 2,65 Ns/m 3.32 Ns/m 3,98 Ns/m 4,64 Ns/m 3.50 Hz
25,13 rad/s 2,27 Ns/m 3,03 Ns/m 3.79 Ns/m 4,55 Ns/m 5,31 Ns/m 4,00 Hz
28,27 rad/s 2,56 Ns/m 3,41 Ns/m 4,26 Ns/m 512 Ns/m 5,97 Ns/m 4,50 Hz
31,42 rad/s 2,84 Ns/m 3,79 Ns/m 4,74 Ns/m 5,69 Ns/m 6,63 Ns/m 5,00 Hz
34,56 rad/s 3,13 Ns/m 4,177 Ns/m 5,21 Ns/m 6,25 Ns/m 7,30 Ns/m 5,50 Hz
37.70 rad/s 3,41 Ns/m 4,55 Ns/m 5,69 Ns/m 6,82 Ns/m 7,96 Ns/m 6,00 Hz
43,98 rad/s 3,98 Ns/m 5,31 Ns/m 6,63 Ns/m 7,96 Ns/m 9,29 Ns/m 7,00 Hz
47,12 rad/s 4,26 Ns/m 5,69 Ns/m 7.11 Ns/m 8.53 Ns/m 9,95 Ns/m 7.50 Hz
50,27 rad/s 4,55 Ns/m 6,07 Ns/m 7,58 Ns/m 9,10 Ns/m 10,61 Ns/m 8,00 Hz

mo. Dentre os valores assim obtidos, indicados na tabela [3], séo
escolhidas as opgdes 0,75kg, 1,00kg, 1,25kg, 1,50kg e 1,75kg
para a massa dos elementos inerciais, buscando abranger o inter-
valo da melhor maneira possivel.

Em seguida, a rigidez das molas padrédo podem ser definidas.
Sendo o TMD nada mais que um oscilador massa-mola-amorte-
cedor de um grau de liberdade, sua frequéncia natural pode ser
facilmente obtida por meio da equacéo 6.

fTani\]% (6)

em que:
fuo = @ frequéncia natural do Tuned-Mass Damper.
k = rigidez do sistema, ou seja, da mola.

m = massa do elemento inercial.

A aplicacado do TMD, entretanto, gera um aumento da massa do

sistema sem um correspondente aumento de sua rigidez, cau-
sando uma ligeira redugao de sua frequéncia natural. De modo
a compensar esse desvio, a sintonizagao € realizada para uma
frequéncia corrigida dada pela equagao 7.

1 Natural ( 7 >

fSintonizagao = 1+ 'ufEstrutura

sendo:
= frequéncia natural corrigida do sistema.

fS\nloniza(;éo

Natural

fEstrutura = Frequéncia natural original do sistema.

De acordo com o AISC, como visto na tabela [1], as frequéncias
atuantes dos carregamentos gerados pela utilizagdo humana
variam entre 1,60-2,20 OHz para o caminhar, 2,00-2,75Hz para
aulas de aerébica e 1,50-3,00Hz para grupos de danga. Buscan-
do abranger as excitacdes mencionadas e seus harmdnicos, as

Table 7
Mass of the standard inertial elements (weights)
M
0,750Kg 1,000Kg | 1,250Kg 1,500Kg 1,750Kg
Table 8
Stiffness of the standard restorative elements (springs)
M
100 N/m 150 N/m 225 N/m 330 N/m 500 N/m
630 N/m 790 N/m 1000 N/m 1235 N/m 1500 N/m
1780 N/m 2050 N/m 2350 N/m 2700 N/m 3100 N/m
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Table 9

Damping coefficient of the standard dissipative elements (dampers)

1,00 Ns/m 1,75 Ns/m

2,50 Ns/m

3,25 Ns/m 4,00 Ns/m

4,60 Ns/m 5,20 Ns/m

6,00 Ns/m

7,00 Ns/m 8,00 Ns/m

molas necessarias sado calculadas para cada frequéncia por meio
da aplicagao das equacgdes 6 e 7 e indicadas na tabela [4]. Den-
tre as rigidezes obtidas, quinze sdo selecionadas como padréo.
Sao elas: 100N/m, 150N/m, 225N/m, 330N/m, 500N/m, 630N/m,
790N/m, 1000N/m, 1235N/m, 1500N/m, 1780N/m, 2050N/m,
2350N/m, 2700N/m e 3100N/m; que, em conjunto com as trés
massas previamente selecionadas, permitem sintonizar o meca-
nismo nas frequéncias exatas indicadas na tabela [5].
Resta definir o amortecedor a ser utilizado para o TMD. Segundo
o Bulletin D’Information N209, anexo D, a taxa 6tima de amorteci-
mento de um Tuned-Mass Damper é dada pela equagéo 8.
1/2

(8)

Sstimo = [8(13—-:-1”)3]

em que § é calculada pela equagao 9.

€= Zm ©)

T 2mw

na qual:

¢ € o coeficiente de amortecimento do elemento dissipador.

m é a massa do elemento inercial.

 frequéncia angular natural do TMD.

Os coeficientes de amortecimento ideais para cada combinagao
massa e frequéncia sdo apresentados na tabela [6]. Dentre estes
valores, foram escolhidos como padrédo os amortecedores com
coeficiente 1,00Ns/m, 1,75Ns/m, 2,50Ns/m, 3,25Ns/m, 4,00Ns/m,

TIME 0.000

»>Z-0

@ m

Figura 2

4,60Ns/m, 5,20Ns/m, 6,00Ns/m, 7,00Ns/m e 8,00Ns/m, de modo a
abranger a maior parte do intervalo considerado.

Em resumo, o Tuned-Mass Damper a ser aplicado sera capaz de
cobrir o espectro analisado em praticamente sua totalidade por
meio da composigédo do mecanismo com cinco opgdes de pesos,
quinze opgdes de molas e dez de amortecedores, indicadas res-
pectivamente nas tabelas [7], [8] e [9].

2.2 Descrigao do processo de escolha
do tuned-mass damper

Apo6s constatado o problema de vibragdo na laje, a definigdo do
TMD a ser aplicado é bastante direta e simples. Em primeiro lugar,
a massa distribuida equivalente é calculada, em kg/m?, por meio
da soma da massa da laje, do revestimento e da massa equivalen-
te da sobrecarga de utilizagcdo em seus valores reais. O elemento
inercial ideal para o mecanismo pode, assim, ser calculado pela
multiplicagdo do valor obtido por u=1,00% e pela area de influén-
cia de cada TMD, ou seja, a area definida pelo espagamento entre
mecanismos adjacentes. Desse modo, o calculo do elemento iner-
cial ideal é dada pela equacao 10.

(10)

M%%%zlado —
#[(hlajepconcreto + hre"prev + QAISC)dXdy]

na qual:
u adotado como 1,00%

PRESCRIBED
FORCE
TIME 0.000

700.0

u.e 8
-]

Modelagem pelo programa Adina 9,1 da laje analisada sem TMD's
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A TIME 0.000

Figura 3

Renderizacdo pelo programa Adina 9,1 da laje analisada sem TMD's

h,, = espessura da laje em metros (m);
h,., = espessura do revestimento (m);

Peoncree = deNsidade do concreto armado (kg/m?);

prev = densidade do revestimento (kg/m?);

QAISC = é a massa equivalente da sobrecarga a ser utilizada para
calculo das caracteristicas dindmicas (recomendada pelo AISC
Design Guide 11 como aproximadamente 50kg/m? para escrit6-
rios, 25kg/m? para residéncias e Okg/m? para passarelas, ginasios
e shopping centers);

d_=espagamento entre TMD’s na diregéo do vao principal da laje (m);
dy = espagamento entre TMD’s na diregdo do vado secundario da
laje (m).

O elemento inercial padrdo sera, assim, escolhido como o mais
préximo do calculado entre as op¢des apresentadas na tabela [7].

9,00%

8,00%

o |\
\

6,00%
5,00% ¥

\
4,00% A

3,00% a —

2,00% -

-

1,00%

0,00%
00Hz 02Hz 04Hz 06Hz 08Hz 10Hz 12Hz

-

B ——Total

Figura 4
Amortecimento de Rayleigh resultante

O préximo passo é a definigéo da rigidez da mola a ser utilizada, a
qual deve ser escolhida em fungéo do elemento inercial adotado e
da frequéncia natural que se deseja mitigar, conforme a equagéo
11, obtida da manipulagdo das equacdes 6 e 7. A escolha é reali-
zada dentro das opgdes da tabela [8].

Calculado
kryp = a+n (1 1)

21
Por fim, o amortecimento ideal a ser utilizado é calculado de pela
equagao 12, que resulta das equagoes 8 e 9, permitindo que o
amortecedor adotado possa ser escolhido dentre os apresentados

na tabela [9].
(12)

2
laje Adotado
fnatural] x MTMD

CCaldulada —
TMD -

1/2
3|1 X M.;l‘;dwalgado X k.;l‘;dwolgado
2(1+p3

2.3 Analise de caso

Para comprovar a eficacia do TMD definido conforme processo
descrito no item anterior, realizou-se o estudo de caso de uma
laje de piso de escritério em concreto de fck 40Mpa; 10,0cm de
espessura; dimensdes 580,0cm por 600,0cm de vao; 2,0cm de co-
brimento e carregamentos atuantes de peso préprio de 2500N/m?,
revestimento de 2000N/m? e sobrecarga de 2000N/m?. Em primei-
ro lugar, os momentos solicitantes obtidos por meio das tabelas de
Czerny para lajes com quatro faces simplesmente apoiadas foram
M, = 10220Nm/m e m,, = 9690Nm/m. Utilizando ago CA-50
e respeitando a ABNT NBR 6118:2013, a armadura necessaria
para a laje é de 4,65cm?m na diregéo principal e 5,18cm?m na
direcdo secundaria, ambas satisfeitas pelo arranjo de ®10c/15cm.
Com relagéo ao estado limite de servigo, a flecha resulta 19,5mm,
que respeita o limite de 1/300 do véao principal. Em seguida, su-
pondo laje apoiada em quatro vigas de 20x45cm com cobrimento
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de 2,50cm, a viga critica recebe 6700N/m de carga permanente e
3000N/m de sobrecarga além do peso proprio de 2250N/m ao lon-
go de um vao de 6,00m. Assim, o momento solicitante de calculo
resulta M, = 76640Nm que necessita de uma armadura positiva
de 4,65cm?, desprezando-se a mesa contribuinte, satisfeita pela
adogéo de 4912,5. Com relagéo ao estado limite de servigo, a
flecha seria de 1,23cm e a abertura maxima de fissura seria de
0,08mm, ambos dentro dos valores de norma. A estrutura é, por-
tanto, estaticamente compativel com as exigéncias da ABNT.

Para calcular as frequéncias naturais, amplitudes de deslocamen-
tos e aceleragdes do sistema estrutural antes e depois da instala-

¢ao dos TMD'’s, utilizou-se o software Adina 9,1 licenga estudantil.
Criou-se um modelo em unidades do Sistema Internacional com
uma carga concentrada senoidal de intensidade maxima 700N
aplicada no ponto central da laje e apoios fixos em cada vértice. As
figuras [2] e [3] a seguir representam respectivamente imagens
simples e renderizada do modelo como visto no programa.

Da andlise do modelo obtém-se as seguintes frequéncias naturais:
5,62Hz para o primeiro modo, 11,56Hz para o segundo e 11,86Hz
para o terceiro. Destes, apenas o primeiro esta dentro da frequén-
cia de excitagéo do caminhar e portanto o Tuned-Mass Damper foi
sintonizado para uma freqliencia de 5,62Hz.
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Relacdo entre a amplitude dos sistemas sem e com a aplicacdo dos TMD “s

A escolha do elemento inercial é realizada por meio da aplicagéo
da equagéo 10 ao caso, destacando que devido a funcédo da laje
como piso de escritorio o Design Guide recomenda sobrecarga
para calculo dinamico de 0,50kN/m?, ou seja, aproximadamente
50kgf/m?:

Mgaarado — 09 01[(0,10x2500 + 200 + 50)0,50x0,50] =
1,25kg — M$4olade = 1 25K g

Em seguida, a rigidez ideal da mola é calculada por meio da equa-
gao 11:
2

21
calculado __ —
krump = [7(1 00D 5.62] X 1,25
1528N/m - ktado = 1500N /m

Finalmente, o amortecimento ideal a ser utilizado € obtido é apli-
cando-se a equagao 12:

3x0,01x1,25 X 1500]1/2 ~

2(1+0,01)3
= 5,20Ns/m

caldulado _
CTMD =

adotado
522Ns/m - c3ifp

Um novo modelo é entéo criado considerando a aplicagao dos Tu-
ned-Mass Dampers sob a laje, com as caracteristicas previamente
definidas e espagamento de 0,50m entre si. Neste novo modelo a
frequéncia natural do primeiro modo foi de 5,30Hz.

De modo a respeitar as exigéncias do AISC, a carga excitante é
multiplicada pelo coeficiente ai, indicado na tabela [1] para cada
harmonico. Ou seja, a intensidade maxima da forga de excitagao
varia de um intervalo de harménicos ao seguinte. Também, confor-
me recomendacgéo do AISC para escritorios, em ambos os modelos,
a taxa de amortecimento natural da estrutura é considerada como
0,03, representada por meio da aplicagdo de amortecimento tipo
Rayleigh, no qual a taxa de amortecimento é obtida da equagéo 13
com duas incognitas oo € Prayieign © ¢é definida de modo que o
valor esteja proximo ao desejado para a maior parte do intervalo
estudado. Assim, de modo a garantir que a taxa de amortecimento
seja 0,03 para excitagdes proximas da ressonante, o0 amortecimen-
to tipo Rayleigh teve suas incognitas definidas para que as frequén-
cias 4,00Hz e 7,00Hz apresentassem o amortecimento desejado,

0 que leva aos coeficiente Opieigh = 0,9596 e BRayleigh = 8,68x10* e
resulta na taxa indicada no grafico da figura [4]. Variando, entao, a
frequéncia de excitagéo da forga ao longo do intervalo de interesse
obtém-se para cada frequéncia excitante a amplitude dos desloca-
mentos e aceleragdes depois de estabilizados.

(13)

Wy
fn = an XRayleigh + TﬁRayleigh

3. Resultados e discussoes

[

Adiferenga de comportamento entre os sistemas estruturais com e
sem a aplicagéo dos TMD’s representados nos dois modelos pode
ser visualizada nos graficos das figuras [5] e [6] que apresentam
respectivamente os valores quadraticos médios do deslocamento
e da aceleracao no ponto central da laje para o sistema harmdnico
estabilizado. Com base nestes resultados, é clara a redugéo na
ressonancia da amplitude tanto do deslocamento quanto da ace-
leragéo. Os valores quadraticos médios de ambos diminuem em
cerca de 65% para a frequéncia de 5,6Hz, com o deslocamento
caindo de 0,165mm para 0,057mm; enquanto a aceleragao cai de
0,204m/s? para 0,070m/s2. E importante notar que embora esses
valores aparentem ser inicialmente despreziveis, o deslocamento
s6 considera a forga pontual de 700N, muito inferior a carga real
da laje, e cujo deslocamento estatico corresponde a 0,109mm; e
as aceleragaos da estrutura sem e com a aplicagao dos TMD's re-
presentam respectivamente 2,06% e 0,71% da aceleracéo da gra-
vidade, sendo o limite aceitavel para escritérios entre entre 0,4%
e 0,75%. Notar nos graficos das figuras [5] e [6] as quebras de
continuidade nas frequéncias excitantes 2,20Hz, 4,40Hz e 6,60Hz,
causadas pela mudancga do coeficiente ai de cada harmdnico.
Com relagao a diferenga no comportamento do sistema estrutural
antes e depois da instalagéo dos TMD's, fica clara néo s6 a redu-
¢ao da resposta dinamica do sistema na frequéncia de sintoniza-
¢ao, como também a geragao de dois novos picos nos resultados,
lado a lado ao novo vale gerado, para os quais o sistema com a
aplicagdo dos mecanismos na verdade apresenta um comporta-
mento dindmico inferior ao sistema original. A presenca desses
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picos, entretanto € comum e esperada devido a aplicagéo de Tu-
ned-Mass Dampers, e € mitigada pelo fato de que as duas novas
respostas maximas geradas continuam bastante inferiores a origi-
nal. Para facilitar a visualizagdo deste comportamento, o grafico
da figura [7] apresenta a eficacia da aplicagdo dos TMD's por meio
da relagéo dos resultados com e sem a aplicagdo dos mecanis-
mos para todo o espectro de frequéncias excitantes analisadas.

4. Conclusoes
E—

O estudo de caso indica uma reducao de cerca de 65% no valor
quadratico médio da aceleragéo, provando a eficiéncia da solugéo
proposta. Outros pontos positivos do método proposto sdo sua
relativa facilidade de utilizagéo e instalagdo. O estudo, entretanto,
foi restrito a um Unico caso, de modo que se faz necessario o de-
senvolvimento de novos modelos que levem em conta uma gama
mais abrangente de situagdes tipicas da engenharia de estruturas,
com diferentes utilizagbes, formas geométricas da laje e relagdes
entre vaos.
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Abstract
E——

The current compressive strength test for cement classification is performed under a fixed water to cement ratio according to the Brazilian and
European standards, regardless the consistency obtained. However, under practical conditions the amount of water required is related to the
rheological need to obtain and maintain a desired workability. Intrinsic cement characteristics influence the water demand such as the cement
particle’s granulometry, specific surface area, density, the presence or not of water reducing admixtures, chemical and mineralogical nature of raw
materials, etc., influence particles agglomeration state. Because water demand influences the mechanical properties of cement based products,
the compressive strength class under a fixed water to solids ratio specified by the standards may not be representative for the user. The present
work investigates the influence of mixing conditions on mini-slump spread results, a test that has been used for many years but never standard-
ized. Cement paste samples were produced with varied mixing conditions (time and rotation speed) using a conventional stirrer and subjected to
mini-slump spread test immediately after mixing and at fixed hydration times. Results show that mixing and hydration time do influence on mini-
slump spread. At lower rotation speeds, results variability increases. Under fixed time after first contact with water, increasing rotation speed leads
in a reduction of results variability and increase the test’s repeatability on cement pastes.

Keywords: Portland cement, mini-slump spread, mixing.

Resumo
E———

O ensaio de resisténcia do cimento, segundo as normas brasileiras e europeia atuais, é realizado com uma relagao agua/cimento fixa em massa,
independente da consisténcia obtida. No entanto em condi¢cdes normais de uso, a quantidade de agua € uma variavel definida com a finalidade
de manutengdo da consisténcia dos materiais cimenticios para obter trabalhabilidade adequada. Caracteristicas intrinsecas dos ligantes, como
distribuicdo de tamanho de particulas, area superficial especifica, densidade e natureza quimica ou mineralégica, ou extrinsecas, como presenca
de aditivos, temperatura ambiente e da agua, tempo e energia de processamento, etc., podem afetar de forma distinta o estado de aglomeracgéo
e, consequentemente, a necessidade de liquido para a mistura. Como a demanda de agua influencia a resisténcia mecéanica dos produtos, a
utilizagéo da relagdo agua/cimento fixa torna, em termos praticos, a classificagdo do cimento pela resisténcia pouco significativa para o usuario.
Neste trabalho foi investigada a influéncia das condigdes de mistura na repetibilidade do ensaio de mini-slump, bastante usado para avaliagéo
da quantidade de agua nas composi¢des, mas ndo normatizado. Pastas de uma mesma amostra de cimento foram misturadas por diferentes
tempos e/ou rotagdes, usando um agitador mecanico convencional, e submetidas ao ensaio de mini-slump imediatamente apds o ensaio ou apos
o mesmo tempo de contato com a agua. Observou-se influéncia significativa nos resultados: quanto maior a rotagdo ou a manutencéo do tempo
de mistura, menor a variabilidade do espalhamento mini-slump sendo que a influéncia € mais sensivel para diferencas de rotagao.

Palavras-chave: cimento Portland, mini-slump, mistura.
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1. Introduction

EE

Water demand impacts directly on the mechanical strength of ce-
ment based products. The water excess increases the amount of
capillary pores hence microstructural defects. Still, standardized
testing methods to determine compressive strength of cement ac-
cording to both Brazilian (ABNT, NBR 7215) and European (EN 197-
1) standards are performed with a fixed water to cement mass ratio.
As cement substitution increases by supplementary cementitious
materials, which may be very different in terms of chemistry, miner-
alogical and physical characteristics, the amount of water to obtain
the necessary workability in the use of these cements differs just
as much. The standardized tests based on a fixed water to ce-
ment ratio may not reflect users’ perception. In self-consolidating
concrete mix design, for instance, water content is adjusted follow-
ing slump flow tests. Therefore, cements in the same compressive
strength class may reflect in very different performances in use.
Testing methods such as flow table, Marsh-cone and Kantro’s
mini-slump cone are quite simple to run and implement as quality
control methods even considering that these methods are not the
most recommended for scientific research. Rotational Rheometry,
on the other hand, is the type of testing method that demands more
practice to run and analyze, but defines water demand based on
rheological parameters such as viscosity and yield stress. In addi-
tion, it allows an evaluation of cement properties simulating differ-
ent shear conditions and is a tool to explain the behavior observed
on more simple tests or single-point tests.

However, one of the main issues on rheological testing methods
is mixing energy. It is a common sense that mixing energy has a
huge impact on rheological behavior of cement products hence on
water demand as it affects particles dispersion (ROMANO et al.,
2009; WILLIAMS; SAAK; JENNINGS, 1999; YANG; JENNINGS,
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1995). Regardless of the water content determined by each testing
method, sample preparation will always play and important role on
the result. Thus, repeatability, reproductivity and efficiency of any
testing method for water demand evaluation depends on a suitable
mixing method.

This work is the first step of a study to develop a standard mini-
slump testing protocol for cement pastes. Repeatability of results
were analyzed as a function of mixing conditions. Also, tests were
performed to correlate mini-slump results with Rotational Rheom-
etry and evaluate the impact of mixing conditions in cement hydra-
tion by Isothermal Calorimetry.

2. Background

EE

Immediately after water is mixed with cement, clusters of particles
start to form due to Van Der Waals forces capillary actions (Figure
2.1). As these clusters are randomly formed, they alter the real par-
ticle size distribution and water gets trapped in their within which
modifies the rheology of the system. Clusters are a source of vari-
ability in a consistency testing method. The more homogeneous
and dispersed are the cement particles in solution, the lower will be
the variability of the following testing method.

Different mixing conditions will create fluids with different rheologi-
cal behavior. The rheological profile measurement by Rotational
Rheometry in cement pastes, mortars or concretes is the most
complete method to evaluate the mixture behavior under differ-
ent types of stresses that they can be subjected to. Under various
shear rates a mixture response can be composed by basic rheo-
logical profiles (Newtonian, pseudoplastic, dilatant, Bingham etc.)
(BANFILL, 2006; PANDOLFELLI et al., 2000). Unfortunately, Rhe-
ometers are expensive equipment and proper training is a must for
testing and adequate data analysis.

Water content

Figure 2.1

Scheme of adsorbed layers and liquid bridges formation between particles in liquid media

(PANDOLFELLI et al., 2000)
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(WILLIAMS; SAAK; JENNINGS, 1999)

Other simpler techniques for water demand evaluation, even
though are considered single point tests (BANFILL, 2006), are rel-
evant in the absence of a more complete testing method. These
techniques include the flow table test performed in mortar as an al-
ternative method. The current ASTM standard stands that cements
with higher substitution rates should have their water content for
strength testing determined by a flow table test (ASTM C109). Be-
cause it is conducted in mortar and a large amount of material is
used, this test can be overwhelming to be implemented as a pro-
cess control test, but it is an alternative for water demand estima-
tion as a water content correction as a function of mortar spreading
(SANYTSKY; KROPYVNYTSKA; RUSYN, 2015).

The Marsh cone and mini-slump cone are techniques that can
be applied in cement paste. It is possible to find many refer-
ences naming these testing methods as supplementary testing
as results can be correlated to rheological parameters. Time to
flow, for instance, from the Marsh cone test is related to apparent
viscosity when modeled with cement’s characteristics. The mini-
slump spread is related to yield stress (BANFILL, 2006; GAO;
FOURIE, 2015). These are techniques of fast execution and rapid
implementation techniques, yet both need proper mixing methods
to be repetitive.

Therefore, a mixing method with enough energy to separate
agglomerated particles formed by attractive forces (PANDOL-
FELLI et al., 2000) are a pre-condition to rheological testing
methods of pastes, mortars and concretes. Previous works that
evaluated mixing energy effect on rheological behavior showed
that the higher the mixing energy, the higher the deagglomera-
tion of particles (WILLIAMS; SAAK; JENNINGS, 1999; YANG;
JENNINGS, 1995).

In Figure 2.2 bellow is presented plastic viscosity results mea-
sured by Rotational Rheometry in cement pastes subjected to
different mixing methods. The results show the smaller plastic
viscosity for the higher the mixing energy. In the same study the

hysteresis loop area from continuous flow measurements and
the results show a bigger hysteresis loop the smaller the ener-
gy, which indicates that the not well mixed pastes go through a
deagglomeration process during testing (WILLIAMS; SAAK; JEN-
NINGS, 1999). Therefore, testing of pastes from higher mixing
energy methods would be more repetitive.

Mixing conditions can also influence the hydration heat hence the
microstructure of the hardened paste. Studies show that reaction
kinetics increases as mixing energy increases which is due to
the higher contact area between the cement grains and water as
well as the shock energy and friction between particles (BERO-
DIER; SCRIVENER, 2015; DOLLIMORE; MANGABHAI, 1985;
JUILLAND et al., 2012; TAKAHASHI; BIER; WESTPHAL, 2011;
YANG; JENNINGS, 1995).

3. Experimental program
——
3.1 Materials

Cement pastes were produced from a CEM II/B-L 32,5N (Portland-
limestone cement) according to EN-197 standard and a water to
cement ratio of 0,45. The amount of water was determined by pre-
liminary tests to evaluate the minimum water content necessary for
the mini-slump test.

The cement had a BET specific surface area of 2,96 g/cm?3, initial
setting time of 335 minutes, Blaine surface area of 6150 cm?g
and 75 um fineness of 1,3%. The particle size distribution (mea-
sured in a Malvern Mastersizer 2000 in ethanol) is shown in Fig-
ure 3.1. Chemical composition (Table 3.1) was obtained following
guidelines from Portland composite cements specification from
NBR11578:1991 (ABNT, 1991). Mineralogical analysis by semi-
quantitative XRD (obtained from Rigaku Windmax 1000 and X-
Pert HighScore Plus 4.1 software from Panalytical) is illustrated
in Table 3.2.
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Figure 3.1
Cement particle size distribution
Table 3.1
Cement chemical composition (%)
PF SiO, AlLO, Fe,O, CaO MgO SO, Na,0 K,O CaO-l RI Co,
13,2 15,6 3,62 2,42 59,9 1.77 2,25 0.08 0,73 1.15 1,94 11,4
3.2 Methods B mixing time (60, 90, 180, 210 to 300 seconds),
B rotation speed (320 to 2550 rpm) and
3.21 Mixing conditions B time of testing (immediately after mixing or 340 seconds after

Cement pastes were mixed in a metallic cocktail shaker using a

water contact).
Hydration time was considered as a possible variable; hence some

mechanical stirrer IKA RW20 attacked to a naval helix of 35 mm  testing was conducted after waiting for all pastes to reach the same

diameter. Mixing conditions varied as a function of:

time after the first contact with water with 10 seconds of remixing
time. A scheme of the mixing plan is presented in Figure 3.2.

Table 3.2
Semi-quantitative XRD composition (%)
Phase C.;S C,S C,A C,AF Dolomite Caicite | Bassanite | Anhydrate-ll Quariz
00-013- | 01-086- 01-070- 96-900- 01-075- 01-086- 01-083- 01-072-
PDFS | 0272 | 0398 | 0839 3349 1711 0174 0438 0916 461045
% 42,7 13.1 3.8 5,7 1.1 30,4 1.8 0.4 0.9
E
=S
=
3 .
= 320, 1400 ou 2550 Remixing
Pre-mixing
3?0 90, 120, 240 ou 330 330 340 Time (s)
Figure 3.2

Mechanical stirrer IKA RW20 (left) and mixing conditions (right)
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Room temperature was monitored to be around 23 + 2°C.
3.2.2 Mini-slump

After mixing, cement pastes were inserted in a Kantro’s mini-slump
acrylic cone of 6 cm high, 4 cm diameter smaller base and 2 cm
diameter bigger base (Figure 3.3). Five strokes with a glass stirring
rod to avoid the formation of air bubbles within the cone, and the
excess of paste on the top was removed. The mold is lifted rapidly
and the spreading recorded.

3.2.3 Rotational rheometry

— Rotational Rheometry testing were performed in a Haake MARS 60
Figure 3.3 (Thermo Scientific), with parallel plate geometry of 25 mm diameter.
: The testing programed was conducted with shear rate from 0 to 50

Acrylic mini-slump cone
Y P s and to 0 again as illustrated in Figure 3.4. Temperature was set

60
50 - .=
40
30

20 - -

Shear rate (s-1)

10

0 50 100 150 200

Figure 3.4
Rotational rheometry testing program (left); Haake MARS 60 paste rheometer (right)

Figure 3.5
Isothermal calorimetry
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Figure 4.1

Average results (black line) and amplitudes (red lines) of mini-slump repetitions as a function of rotation
speed (30 seconds of initial wetting and 90 seconds mixing)

to 23°C. The result of the test are plots of shear strain (o in Pa) or
apparent viscosity (n em Pa.s) as a function of shear stress applied
(yem s-1).

3.2.4 Isothermal calorimetry

Hydration heat was measured by a TAM Air (TA Instruments)
calorimeter (Figure 3.5) for 48 hours at constant temperature
of 23°C.

4. Results and discussion
E—

Initially the rotation speed setting was evaluated with mini-slump

results for a fixed mixing time. Secondly, three different mix-
ing times in three different rotation speeds considering the pos-
sibility of the testing to be influenced by hydration time. Thirdly,
mini-slump cone tests were performed in parallel with Rotational
Rheometry to analyze the possible correlation of yield stress and
spread. Lastly, the effect of mixing on hydration heat was tested
combining the shorter and longest mixing times with the smallest
and highest rotation speed.

The statistical significance of the results was obtained by variance
analysis and one sample t-student tests two by two considering
two tailed distributions, unequal sample sizes and significance
level of 5%. The statistical analysis is presented for the first step of
the study and only described for the following.

Table 4.1
Variance analysis of the results presented in Figure 4.1
Source of variation SS df MS F P-value F crit
Among groups 1,77 4 0.44 25,56 4,69E-06 3.18
In the same group 0.23 13 0,02 - - -
Total 2,00 17 - - - -
Table 4.2
T-student fests matrices of results presented in Figure 4.1
Groups 320 1400 2000 2200 2500
320 - 25,3% 3,4% 1,0% 0.1%
1400 25,3% - 9.8% 1,6% 0.0%
2000 3,4% 9.8% - 15,8% 0.1%
2200 1,0% 1,6% 15,8% - 1,0%
2500 0.1% 0.0% 0.1% 1,0% -
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4.1 Influence of rotation speed on paste spread

The first part of the tests consisted in producing pastes with 30
seconds initial wetting time and 90 seconds of rotation speed vari-
ation (320 to 2550 rpm). Four repetitions were conducted for each
condition. The results presented in Figure 4.1 follow the expected
trend. Parameters obtained from variance analysis and t-student
test are presented on Table 4.1 and Table 4.2 respectively.
Variance analysis shows that there are distinct populations in the re-
sults (F>Fcrit). T-student test illustrate that rotations of 320 to 1400,
1400 to 2000 and 2000 to 2200 do not reject the null hypothesis
(> 5%). But other conditions are statistically different allowing the
analysis of the influence of rotation speed on mini-slump spread.
The variation of results of the same mixing condition is smaller as
shear time increases due to the increase in repetitiveness. The coef-
ficient of variation goes from 4% in smaller rotations, to 2,6% in 2200
and 2550 rpm. Spreading increases as rotation speed increases in-
dicating a reduction on yield stress (BANFILL, 2006; FERRARIS;
OBLA,; HILL, 2001; GAO; FOURIE, 2015; WILLIAMS; SAAK; JEN-
NINGS, 1999; YANG; JENNINGS, 1995). This is expected due to
the highest deagglomeration of particles result of the higher mixing
energy (PANDOLFELLI et al., 2000).

4.2 Impact of mixing time

To evaluate not only mixing speed, but also the setting of differ-
ent mixing times, the second evaluation performed in this work
consisted in varying the mixing time in fixed rotation speeds (320,
1400 and 2550 rpm).

On the first group of mini-slump tests, spreading was recorded im-
mediately after mixing (Figure 4.2) and analysis of variance showed
that there were different populations. However, a possible inconsis-
tency for the three rotation setting at 90 seconds of mixing was ob-
served on all groups. After repetitions, temperature changes were

discarded as a source of variation because the heat from mixing was
irrelevant for all samples and room temperature was controlled. So,
this variation may be related to initial hydration reactions.
Following, the hydration time (time after the first contact with wa-
ter) was fixed on the second group of tests in 340 seconds. To
reduce re-agglomeration effect during waiting time, pastes were
subjected to remixing of 10 seconds prior to testing. This time
was revealed sufficient in exploratory testing. Results are pre-
sented in Figure 4.3.

Analysis of variance proved that there are statistically different groups
within the tests. T-student tests show that mixtures at 320 rpm are
the same for the three mixing times (60, 90 and 180 seconds). For
1400 rpm the samples of first two mixing times are statistically the
same. Lastly mixtures at 2550 rpm, all groups of three mixing times
are distinct. At all mixing speeds, the last two set of mixing times (210
and 300 seconds) do not presented results with statistical difference.
Moreover, results performed in the same hydration time do not dis-
play the inconsistency seen before at 90 seconds of mixing time.
In this case is more evident the trend of bigger spread as mixing
time increases specially at 2550 rpm. After this time, the longest
mixture did not produce results of considerable spread increase.
Therefore, the biggest spreading as obtained by a mixture of 210
seconds at 2550 rpm.

Comparing the results two by two in the same mixing conditions
and different testing time, it is shown that cement pastes are dif-
ferent with exception of samples mixed for 300 seconds and at
320 rpm for 60 seconds. The last one presented very small spread
results. These results indicate that hydration time impacted on the
cement pastes rheological behavior.

4,3 Rotational rheometry

To verify if there is a correlation between mini-slump and yield
stress measured by Rotational Rheometry, tests were conducted

45 —+—320
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» ]
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B 351
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2 4
0 i
€ 2.5 1
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0 400
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Figure 4.2

Results of mini-slump spread with different mixing times in different rotation speeds.

Dashed lines represent amplitude
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Figure 4.3

Results from mini-slump with different rotation speeds (testing performed after 340 seconds of hydration
fime with 10 seconds of remixing before testing). Dashed lines represent the amplitude of results

in pastes mixed at 1400 rpm and 2500 rpm for 210 and 300 sec-
onds. Samples were tested immediately after mixing and 340 sec-
onds from initial contact with water preceded by 10 seconds remix-
ing time (same procedures used before).

Figure 4.4 illustrates typical results obtained from Rotational Rhe-
ometry which measures the necessary strain for each shear rate.
In this case, pastes were accelerated from absolute resting to 50 s™
and back to resting. Yield stress is obtained as the point with 1 s
shear rate (smallest with still good precision) on deceleration step.
Results of yield stress as a function of rotation speed are presented
in Figure 4.5. Apparently, the higher the rotation speed, the smaller
are the yield stress results. It can also be observed that increasing
mixing to 2550 rpm has little impact on yield stress that remains

90
80 | —@—340s-2550 rpm
70
60
50
40
30
20
10

0

Shear strain (Pa)

very low. In this rotation speed, it was not possible to notice the
effect of re-agglomeration after waiting time. The effect of mixing in
apparent viscosity was relatively small. Even though only one test
was performed for each mixing condition, the conclusions match
with the ones presented before.

As reported by references (GAO; FOURIE, 2015), there is a fair
correlation between mini-slump spread and yield stress obtained
by Rotational Rheometry (Figure 4.6). On the other hand, Rota-
tional Rheometry is much more sensible test than mini-slump:
while yield stress varies between ~0,5 and 6 Pa (12 times), mini-
slump varies from 3 to 4 cm (1,3 times). There was not a corre-
lation between spread and apparent viscosity. The estimation of
viscosity requires the measurement of time to flow during testing.

0,001

0,01

0,1

Shear rate (1/s)

Figure 4.4
Typical result obtained from rotational rheometry testing
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Figure 4.5

Yield stress as a function of mixing time for rotation speeds of 1400 and 2550 rpm on testing performed
immediately after mixing and after 340 seconds of hydration tim

4.4 Influence of mixing on hydration kinetics

References point that an increase in mixing induces a fastest hy-
dration kinetics (BERODIER; SCRIVENER, 2015; JUILLAND et
al.,, 2012; TAKAHASHI; BIER; WESTPHAL, 2011). This kinetics
can be measured by isothermal calorimetry through heat libera-
tion (J/s) during acceleration period. This impacts not only on initial
strength, but also on the microstructure development of the ce-
mentitious material (YANG; JENNINGS, 1995).

Hydration heat was evaluated for cement pastes mixed for 60 and
340 seconds at 320 and 2550 rpm, conditions considered as bor-
ders of others so their variation would contain the others.

Figure 4.7 shows that rotation speed during mixing has influence

on hydration kinetics while time of mixing does not. Mixing at 2550
rpm has more energy applied than at 320 rpm. Time of mixing im-
pacts on the probability of chocks which, in the same mixing en-
ergy, to not change heat of hydration. These results agree with
the ones found on references (BERODIER; SCRIVENER, 2015;
JUILLAND et al., 2012; TAKAHASHI; BIER; WESTPHAL, 2011).
Setting time determined by isothermal calorimetry (ASTM C1679)
reduced from 460 min (320 rpm) to 400 min (2550 rpm).

Not only hydration profile, but cumulated heat was also altered.
The total heat measured after 48 hours was of 220 and 210 J/g
for samples mixed at 320 rpm for 60 and 340 seconds respec-
tively. But at 2550 rpm the total heat increased to 240 and 235 J/g.
Although there seems to be a slight difference in samples mixed
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Figure 4.6

Mini-slump spread as a function of yield stress (Pa) obtained by rotational rheometry
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Figure 4.7

Hydration heat curves for mixing conditions (23°C isothermal)

in the same speed, produced heat increases as rotation speed in-
creases. According to the references this is a result of the higher
mixing energy that contributes to a higher reactivity due to shear-
ing of particles (BERODIER; SCRIVENER, 2015).

5. Conclusions

EE

Mixing energy, as presented in this study as time of mixing and
rotation speed, furthermore the time following initial contact with
water and testing time exerted relevant influence on results of mini-
slump spread.

At higher mixing speeds that provide higher kinetic energy to par-
ticles and increase the chance of chocks that deagglomerate solu-
tion, results in general had smaller variation.

Mini-slump revealed to be a low cost tool, simple and sensitive to
record changes on yield stress, an important parameter for rheo-
logical behavior evaluation. However, there is no information re-
lated to paste behavior under different shear rates due to the fact
that mini-slump is a single point test.

Mixing influenced hydration heat as well: higher rotation speeds
increased acceleration period rate. In practice, this effect will have
major impact on initial strengths. On testing configuration, the most
adequate mixing setting was the one of higher rotation speed,
2550 rpm, at 210 seconds of mixing time. It is probable that even
higher mixing speeds, possible with other equipment, continue to
drop results variability.
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Abstract
E——

The current compressive strength test for cement classification is performed under a fixed water to cement ratio according to the Brazilian and
European standards, regardless the consistency obtained. However, under practical conditions the amount of water required is related to the
rheological need to obtain and maintain a desired workability. Intrinsic cement characteristics influence the water demand such as the cement
particle’s granulometry, specific surface area, density, the presence or not of water reducing admixtures, chemical and mineralogical nature of raw
materials, etc., influence particles agglomeration state. Because water demand influences the mechanical properties of cement based products,
the compressive strength class under a fixed water to solids ratio specified by the standards may not be representative for the user. The present
work investigates the influence of mixing conditions on mini-slump spread results, a test that has been used for many years but never standard-
ized. Cement paste samples were produced with varied mixing conditions (time and rotation speed) using a conventional stirrer and subjected to
mini-slump spread test immediately after mixing and at fixed hydration times. Results show that mixing and hydration time do influence on mini-
slump spread. At lower rotation speeds, results variability increases. Under fixed time after first contact with water, increasing rotation speed leads
in a reduction of results variability and increase the test’s repeatability on cement pastes.

Keywords: Portland cement, mini-slump spread, mixing.

Resumo
E———

O ensaio de resisténcia do cimento, segundo as normas brasileiras e europeia atuais, é realizado com uma relagao agua/cimento fixa em massa,
independente da consisténcia obtida. No entanto em condi¢cdes normais de uso, a quantidade de agua € uma variavel definida com a finalidade
de manutengdo da consisténcia dos materiais cimenticios para obter trabalhabilidade adequada. Caracteristicas intrinsecas dos ligantes, como
distribuicdo de tamanho de particulas, area superficial especifica, densidade e natureza quimica ou mineralégica, ou extrinsecas, como presenca
de aditivos, temperatura ambiente e da agua, tempo e energia de processamento, etc., podem afetar de forma distinta o estado de aglomeracgéo
e, consequentemente, a necessidade de liquido para a mistura. Como a demanda de agua influencia a resisténcia mecéanica dos produtos, a
utilizagéo da relagdo agua/cimento fixa torna, em termos praticos, a classificagdo do cimento pela resisténcia pouco significativa para o usuario.
Neste trabalho foi investigada a influéncia das condigdes de mistura na repetibilidade do ensaio de mini-slump, bastante usado para avaliagéo
da quantidade de agua nas composi¢des, mas ndo normatizado. Pastas de uma mesma amostra de cimento foram misturadas por diferentes
tempos e/ou rotagdes, usando um agitador mecanico convencional, e submetidas ao ensaio de mini-slump imediatamente apds o ensaio ou apos
o mesmo tempo de contato com a agua. Observou-se influéncia significativa nos resultados: quanto maior a rotagdo ou a manutencéo do tempo
de mistura, menor a variabilidade do espalhamento mini-slump sendo que a influéncia € mais sensivel para diferencas de rotagao.

Palavras-chave: cimento Portland, mini-slump, mistura.
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Effect of mixing method on the mini-slump spread of Portland cement pastes

1. Introducgao

EE

A demanda de agua é uma variavel que interfere na resisténcia me-
canica dos produtos cimenticios, pois 0 excesso de liquido aumenta
a quantidade de poros capilares ou defeitos microestruturais. Mes-
mo assim, o0 ensaio para a determinagao da resisténcia do cimento,
segundo as normas brasileira (ABNT, NBR 7215) e europeia (EN
197-1), é realizado com relagédo agua/cimento fixa em massa.

No entanto, como os ligantes possuem caracteristicas fisicas, qui-
micas e mineraldgicas distintas, apresentam diferentes demandas
de agua para a manutengao da consisténcia e trabalhabilidade.
Assim a realizagao de ensaios de resisténcia mecanica com base
na estratégia de agua fixa pode ser pouco significativa para o usu-
ario. Em concretos auto-adensaveis, por exemplo, a quantidade
de agua é ajustada de acordo com o abatimento ou flow. Logo,
cimentos de uma mesma classe de resisténcia podem ter um de-
sempenho diferente em aplicagbes praticas.

Ensaios como flow table, funil de Marsh e mini-slump de Kantro,
que sao de simples implementacao e execugdo como métodos de
controle, permitem uma avaliacdo da demanda de agua de forma
pouco cientifica. Reometria rotacional, por outro lado, € um tipo
de ensaio que demanda um pouco mais de pratica para execugao
e analise dos resultados, mas define o consumo de agua a partir
parametros como tensdo de escoamento ou viscosidade. Adicio-
nalmente, permite a avaliagdo das propriedades dos materiais ci-
menticios em fungao da variagao da condigdo de cisalhamento, e
serve para explicar os resultados dos ensaios monoponto.

No entanto, € senso comum que a energia de mistura interfere
fortemente na qualidade da pasta e, consequentemente, demanda
de agua, pois afeta o grau de desaglomeragao das particulas (RO-
MANO et al., 2009; WILLIAMS; SAAK; JENNINGS, 1999; YANG;
JENNINGS, 1995). Com isso, independente da forma como a
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quantidade de agua de amassamento seja determinada, sempre
havera o impacto da preparagédo da amostra no resultado. Por-
tanto, a repetitividade e a eficiéncia de qualquer método ensaio
depende de um processo adequado de mistura.

Sendo assim, este trabalho foi realizado como a primeira etapa
para o desenvolvimento de uma proposta de um padréo de ensaio
para o mini-slump, no qual foi investigada a influéncia das condi-
¢bes de mistura na repetitividade dos resultados. Também foram
realizados ensaios para correlacionar os resultados de mini-slump
com reometria rotacional e avaliar a influéncia da mistura na rea-
tividade do cimento.

2. Fundamentos

EE

Ao adicionar agua ao cimento ocorre a formagao de aglomerados
por forgas capilares de Van der Walls (Figura 2.1). Esses aglomera-
dos de particulas se formam aleatoriamente, alteram a distribuicao
granulométrica efetiva e incorporam agua no seu interior, modifican-
do a reologia do sistema. Aglomerados sdo uma das fontes de va-
riabilidade de um ensaio de avaliacdo da consisténcia. Quanto mais
dispersa a pasta, menor sera a variabilidade de um ensaio posterior.
Diferentes condi¢des de mistura geram fluidos com diferentes per-
fis reolégicos. A medigdo do perfil reolégico por reometria rotacio-
nal de pastas, argamassas e concretos € o método mais completo
de avaliar o comportamento de um fluido frente aos esforgos que
podem ser submetidos. Fluidos podem obedecer a comportamen-
tos reoldgicos distintos. Para diferentes taxas de cisalhamento a
resposta do fluido pode ser composta por comportamentos ba-
sicos (newtoniano, pseudoplastico, dilatante, de Bingham etc)
(BANFILL, 2006; PANDOLFELLI et al., 2000). Contudo, redme-
tros sdo equipamentos de alto custo e € necessario treinamento
adequado para realizagéo e interpretagéo dos resultados.

Particulas
Afastadas

Teor de Agua

Figura 2.1

Representacdo esquemdtica das camadas adsorvidas de ligacdo e das pontes liquidas de ligacdo
entre particulas (laranja) imersas num meio liquido (azul) (PANDOLFELLI et al., 2000)
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Viscosidade plastica em funcdo da pré-taxa de cisalhamento para diferentes técnicas de mistura

(WILLIAMS; SAAK; JENNINGS, 1999)

Técnicas simplificadas para avaliagao da demanda d’agua, ape-
sar de consideradas ensaios “monoponto” (BANFILL, 2006), sdo
importantes na auséncia de um ensaio mais completo. Essas téc-
nicas incluem a mesa de consisténcia (flow table) feito em arga-
massa que € uma opgao de ensaio. A norma americana ASTM
prevé que cimentos com maior teor de adigbes devem passar pelo
ensaio de mesa de consisténcia para determinar a quantidade de
agua utilizada na resisténcia a compressao (ASTM C109). Como
deve ser feito em argamassa e € utilizada uma quantidade grande
de material, esse ensaio pode ser trabalhoso para ser implementa-
do como controle de um processo produtivo, mas € uma alternati-
va para determinagdo da demanda d’agua e eventual corregédo da
relagdo agua/cimento em fungdo do espalhamento (SANYTSKY;
KROPYVNYTSKA; RUSYN, 2015).

O funil de Marsh e o mini-slump sao técnicas que podem ser apli-
cadas a pastas de cimento. E possivel encontrar referéncias apon-
tando essas técnicas como complementares ja que cada resultado
pode ser correlacionado a um parametro reoldgico. O tempo para
0 escoamento no ensaio de funil de Marsh, correlacionado com as
caracteristicas do cimento, esta relacionado a viscosidade apa-
rente da pasta. Ja a abertura do mini-slump esta relacionada a
tensdo de escoamento (BANFILL, 2006; GAO; FOURIE, 2015).
Essas séo técnicas mais rapidas de serem executadas, mas que
devem ter uma mistura adequada para serem representativas.
Assim, misturas com energia suficiente para quebrar aglomerados
formados por forgas de atracdo superficial (PANDOLFELLI et al.,
2000) sao pré-condicao para ensaios reologicos repetitivos de pas-
tas, argamassas ou concretos. Em trabalhos que avaliaram o efeito
das condigbes de mistura no comportamento reoldgico observou-se
que quanto maior a energia de mistura, maior o estado de desa-
glomeragéo das particulas (WILLIAMS; SAAK; JENNINGS, 1999;
YANG; JENNINGS, 1995). Na Figura 2.2 abaixo estao apresentados
resultados de viscosidade plastica obtidos por reometria rotacional
em pastas submetidas a diferentes condicdes de mistura. Nesses

resultados a mistura de maior energia apresentou os menores re-
sultados de viscosidade plastica. No mesmo trabalho também foi
analisada a area de histerese em fluxo continuo sendo que a area
€ maior quanto menor a energia de mistura indicando que nesses
casos a estrutura das pastas continuaram a desaglomerar durante
o ensaio (WILLIAMS; SAAK; JENNINGS, 1999). Logo pastas pro-
duzidas com maiores energias de mistura seriam mais repetitivas.
As condigdes de mistura também podem influenciar o calor de
hidratagdo e a microestrutura. Estudos mostram que a cinética
de hidratagdo aumenta conforme aumenta as taxas de rotagédo
utilizadas nas misturas uma vez que os graos de cimento ficam
mais afastados, aumenta a superficie de contato com a agua e
aumenta a probabilidade de choque e fricgéo entre os graos (BE-
RODIER; SCRIVENER, 2015; DOLLIMORE; MANGABHAI, 1985;
JUILLAND et al., 2012; TAKAHASHI; BIER; WESTPHAL, 2011;
YANG; JENNINGS, 1995).

3. Programa experimental
_—
3.1 Materiais

Foram produzidas pastas utilizando um cimento que se enquadra
na classificagdo da EN 197 como CEM II/B-L 32,5N (cimento Por-
tland composto com filer calcario) e uma relagdo agua/cimento de
0,45. A quantidade de agua foi escolhida apos testes preliminares
indicarem que é necessario um teor de agua minimo para que seja
possivel a realizagdo do ensaio de mini-slump.

O cimento possui massa especifica de 2,96 g/cm?, inicio de pega de
335 min, area superficial blaine de 6150 cm?#g e finura em peneira
75 um (n° 200) de 1,3%. A distribuicdo do tamanho de particulas
(obtida em um equipamento Malvern Mastersizer 2000, em etanol)
esta representada na Figura 3.1. A analise quimica (Tabela 3.1)
foi elaborada com base nas diretrizes prescritas na especificagao
dos cimentos Portland Compostos NBR11578:1991 (ABNT, 1991).
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Figura 3.1
Distribuicdo do tamanho de particulas do cimento
Tabela 3.1
Composi¢cdo quimica do cimento (%)
PF Sio, | ALO, | Fe,0, | CaO MgO so, Na,0 K,0 CaO- RI co,
13.2 15,6 3.62 2,42 59,9 1,77 2,25 0,08 0,73 1,15 1,94 11,4

A analise mineralégica semi-quantitativa por DRX (obtida em um
equipamento Rigaku Windmax 1000 e o software X-Pert HighScore
Plus 4.1 da Panalytical) é ilustrada na Tabela 3.2.

3.2 Métodos

3.21 Condigoes de mistura

As pastas de cimento foram misturadas em uma coqueteleira me-

talica utilizando-se em um agitador mecéanico RW20, IKA, com hé-

lice naval de 35 mm de diametro. As condi¢cdes de mistura foram

variadas em relagao ao:

B tempo de mistura (60, 90, 180, 210 a 300 segundos),

B velocidade de rotagdo (320 a 2550 rpm) e

B  momento de realizagéo do ensaio (imediatamente apos a mis-
tura ou em 340 segundos do primeiro contato com a agua).

O tempo de hidratagao foi apontado como uma possivel variavel, por

Tabela 3.2
Composi¢cdo semi-quantitativa por DRX (%)
Fase C.S C,S C.A C,AF Dolomita | Calcita | Bassanita | Anidrita-ll Quartzo
Fichas | 00-013- | 01-086- 01-070- 96-900- 01-075- 01-086- 01-083- 01-072- 46-1045
PDF 0272 0398 0839 3349 1711 0174 0438 0916
% 42,7 13,1 3.8 5,7 1.1 30.4 1.8 0.4 0.9
2
g
&
320, 1400 ou 2550 Re-g:ﬁtura
Pré-mistura
30 90, 120, 240 ou 330 330 340 Tempo (s)
Figura 3.2

Agitador mecdanico IKA RW20 (esquerda) e condi¢gdes de mistura ufilizadas (direita)
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isso foram realizados ensaios com espera para que todas as pastas atin-
gissem o mesmo tempo de contato com a agua e 10 segundos de remis-
tura. Uma ilustragéo da etapa de mistura é apresentada na Figura 3.2.

Atemperatura externa foi monitorada para que estivesse entre 23 + 2°C.

3.2.2 Mini-slump

Apos a mistura as pastas foram adicionadas em um mini-cone de

Figura 3.3

Mini-slump em acrilico utilizado nos ensaios

60

50 -
40

30

20 — -
10

Taxa de cissalhamento (s-1)

100
Tempo (s)

Figura 3.4

Kantro de acrilico com 6 cm de altura, base inferior de 4 cm de dia-
metro e base superior de 2 cm de diametro (Figura 3.3). Aplicou-se
cinco golpes com bastao de vidro para melhorar o adensamento
da pasta e evitar a formagao de bolhas no interior, e 0 excesso da
parte superior foi retirado. Em seguida, o cone é levantado rapida-
mente e 0 espalhamento medido.

3.2.3 Reometria rotacional

Os ensaios de reometria rotacional foram realizados em um equi-
pamento Haake, MARS 60 (Thermo Scientific), com geometria de
placas paralelas de diametro de 25mm.

Optou-se por aplicar um ciclo de cisalhamento com acelera-
¢do da taxa de 0 a 50s™, seguida de uma desaceleragéo a 0,
conforme ilustrado na Figura 3.4. A temperatura foi mantida em
23°C. Como resultado, foram obtidas curvas de tensdo de cisa-
Ihamento (c em Pa) ou viscosidade (n em Pa.s) em fungéo da
taxa aplicada (y em s™).

3.2.4 Calorimetria isotérmica

O monitoramento do fluxo de calor durante a reagao de hidratagao
do cimento foi realizado em um calorimetro de condugéao isotérmi-
ca TAM Air (TA Instruments), ilustrado na Figura 3.5 por 48 horas,
mantendo-se a temperatura em 23°C.

Par@metros de controle do ensaio (esquerda); reometro de pasta Haake MARS 60 (direita)

Figura 3.5
Ensaio de calorimetria isotérmica
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Figura 4.1

Resultados médios (linha preta) e amplitudes (linhas vermelhas) de repeticdes de mini-slump
em funcdo da rotacdo imposta no agitador mecdnico (misturas com 30 segundos de molhagem

e 90 segundos de agitacdo)

4. Resultados e discussao
HE

Inicialmente foi avaliada a influéncia da velocidade de rotagéo
imposta durante a mistura nos resultados de mini-slump para
um tempo de cisalhamento fixo. Em seguida foram analisa-
dos diferentes tempos de mistura em trés rotagdes distintas
considerando também a possibilidade de o ensaio ser influen-
ciado pelo tempo de hidratagdo. O terceiro passo foi realizar
0 ensaio de mini-slump em paralelo com a reometria rotacio-
nal para analisar a correlagao entre a tensdo de escoamen-
to e a abertura. Por fim a avaliagdo do efeito da mistura no
calor de hidratagéo foi feita combinando o menor e o maior

tempo de mistura com a menor e maior rotagao do misturador.
A avaliagao da significancia estatistica dos resultados foi reali-
zada por andlise de variancia de fator Unico e testes t-student
dois a dois considerando distribuigdes bicaudais, variagao de-
sigual entre as amostras e um nivel de significancia de 5%. Os
resultados de analises estatisticas estdo apresentados para a
primeira etapa dos ensaios e descritos nas demais.

4.1 Influéncia da rotagao no espalhamento da pasta

A primeira parte dos ensaios consistiu em produzir pastas com
misturas de 30 segundos de molhagem e 90 segundos de rota-

Tabela 4.1
Andlise de vari@ncia para os resultados apresentados na Figura 4.1
Fonte de variagdo SS df MS F P-value F crit
Entre grupos 1,77 4 0,44 25,56 4,69E-06 3.18
No mesmo grupo 0.23 13 0,02 - - -
Total 2,00 17 - - - -
Tabela 4.2
Matriz de festes t-student realizados para os resultados apresentados na Figura 4.1
Grupos 320 1400 2000 2200 2500
320 - 25,3% 3,4% 1,0% 0.1%
1400 25,3% - 9.8% 1,6% 0.0%
2000 3,4% 9,8% - 15,8% 0,1%
2200 1.0% 1,6% 15.8% - 1,0%
2500 0.1% 0.0% 0,1% 1,0% -
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¢ao variavel (320 a 2550 rpm). Foram produzidas até 4 pastas por
condigao de mistura. Os resultados apresentados abaixo na Figu-
ra 4.1 seguem a tendéncia esperada. Os parametros resultantes
da analise de variancia estao apresentados na Tabela 4.1 e os
resultados do teste f-student estdo apresentados na Tabela 4.2.
A analise de varidncia mostra que ha populagdes distintas nos re-
sultados obtidos (F>Fcrit). O teste t-student ilustra que para as rota-
coes de 320 a 1400, 1400 a 2000 e 2000 a 2200 nao satisfazem a
condicdo das populagdes serem distintas (menor que 5%). Porém
as demais condi¢des sao estatisticamente diferentes permitindo a
andlise da influéncia da taxa de rotagdo na abertura por mini-slump.
A dispersao dos resultados diminui com aumento o tempo de ci-
salhamento tornando o ensaio mais repetitivo. O coeficiente de
variagéo varia de 4% nas duas rotagbes mais baixas, para 2,6%
em 2200 e 2550 rpm. Conforme aumenta-se a rotagcdo do mistu-
rador, o espalhamento (ou raio de abertura) aumenta, indicando
a reducdo da tensdo de escoamento (BANFILL, 2006; FERRA-
RIS; OBLA; HILL, 2001; GAO; FOURIE, 2015; WILLIAMS; SAAK;
JENNINGS, 1999; YANG; JENNINGS, 1995). Isto é esperado em
fungéo do maior grau de desaglomeragao das particulas provoca-
do pelo aumento da energia imposta durante a mistura (PANDOL-
FELLI et al., 2000).

4.2 Impacto do tempo de mistura

Para avaliar ndo apenas o efeito do aumento da rotagdo, mas
também da aplicagdo de diferentes tempos de mistura, a segun-
da avaliagao realizada nesse trabalho consistiu em variar o tem-
po de mistura para rotagdes fixas (320, 1400 e 2550 rpm).

No primeiro grupo de ensaios o mini-slump foi realizado ime-
diatamente apds a mistura (Figura 4.2) e a andlise de varian-
cia comprovou que haviam amostras estatisticamente distintas.
A avaliagdo comparativa dois a dois mostrou que as amostras

L
o o o o

Mini-slump - raio (cm)
N
W

PI T T T N TN T T TN N TN T T T NN T T A N N T N WA W |

eram diferentes. Contudo foi observada uma possivel inconsis-
téncia para as trés rotagbes impostas em 90 segundos de mis-
tura. Apos repetigdes, oscilagdes na temperatura foram descar-
tadas como fonte de variagéo, pois o aquecimento em fungéo do
cisalhamento teve alteragao irrelevante para todas as misturas
e a temperatura ambiente estava controlada. E provavel que
esteja relacionada ao tempo de ocorréncia de reagdes iniciais
de hidratagao.

Em seguida, no segundo grupo de ensaios foi fixado o tempo de
hidratagéo (apos o primeiro contato com a agua) em 340 segun-
dos para a realizagao dos ensaios de mini-slump. Para reduzir o
efeito da reaglomeragao durante o tempo de espera as pastas
foram submetidas a uma remistura de 10 segundos previamente
ao ensaio, tempo que se revelou suficiente em ensaios explora-
térios. Os resultados estdo apresentados na Figura 4.3.

A analise de variancia provou que ha amostras estatisticamente
diferentes dentre os ensaios. Os testes t-student mostram que
nas misturas a 320 rpm os primeiros trés tempos de mistura im-
postos (60, 90 e 180 segundos) sdo estatisticamente iguais. Para
misturas a 1400 rpm os primeiros dois tempos séo estatistica-
mente iguais. Por fim, para misturas a 2550 rpm, os primeiros
trés tempos séo estatisticamente distintos. Em todos os casos
os dois ultimos tempos de mistura (210 e 300 segundos) nao
possuem diferenca estatistica.

Além disso os resultados dos ensaios realizados no mesmo tem-
po de hidratagao ja ndo apresentam a inconsisténcia em 90 se-
gundos de mistura observada anteriormente. Nesse caso, fica
mais evidente a tendéncia de aumento no espalhamento com o
aumento do tempo de mistura até 210 segundos principalmen-
te a 2550 rpm. Apds este tempo, o a mistura mais longa nao
produziu aumento do espalhamento significativo. Assim, o maior
espalhamento foi obtido com uma mistura de 210 segundos a
2550 rpm.

N
o
o
—
D -
S

300

Tempo de mistura (s)

Figura 4.2

Resultados de ensaios mini-slump com diferentes tempos de misturas em diferentes rotacdes
(ensaio realizado imediatamente apds o termino da mistura). Linhas fracejadas representam os

mdaximos e minimos obtidos para cada rotacdo
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Figura 4.3

Resultados de ensaios mini-slump com diferentes tempos de misturas em diferentes rota¢des (ensaio
realizado apds 340 segundos de hidratagdo com 10 segundos de remistura previomente ao ensaio).
Linhas tracejadas representam os méximos e minimos obtidos para cada rotacdo

Ao comparar os resultados dois a dois para as mesmas condigbes
de mistura e diferentes tempos de execugao do ensaio, observa-
-se que de fato as misturas sao diferentes com excegao das amos-
tras misturadas por 300 segundos e as misturadas a 320 rpm por
60 segundos, esta ultima que apresentou valores pequenos de
abertura. Assim, esses resultados sao um grande indicativo que o
tempo de hidratagéo impactou os resultados dos ensaios.

4.3 Reometria rotacional
Para verificar se ha correlagéo entre os resultados de mini-slump

e a tensao de escoamento obtida por reometria rotacional, foram
realizados ensaios nas pastas misturadas a 1400 ou 2500 rpm

00 W
o o

—8—3405s- 2550 rpm

N W B U0 O~
o O O O o O

Tensao de cisalhamento (Pa)
=
o

0
0,001

0,01 0,1

por 210 e 300 segundos. Os ensaios foram realizados imediata-
mente apos a mistura e apds 340 segundos do inicio, precedido
de remistura de 10 segundos (mesmos procedimentos utilizados
anteriormente).

A Figura 4.4 abaixo exemplifica os resultados obtidos no ensaio de
reometria rotacional, que mede o esfor¢o necessario (tensdo de
cisalhamento) para determinadas taxas de cisalhamento. Neste
caso as pastas foram aceleradas do repouso até uma taxa de 50
s e a seguir, desaceleradas. A tensdo de escoamento é obtida
como o ponto da curva de taxa 1 s (relacionado a precisdo do
equipamento) na desaceleragao.

Os resultados de tensdo de escoamento em fungdo da rotagao utili-
zada na mistura estao representados na Figura 4.5. Aparentemente

1 10 100

Taxa de Cisalhamento (1/s)

Figura 4.4

Resultado tipico do ensaio de reometria rotacional realizado
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Figura 4.5

Tensdo de escoamento em funcdo do fempo de mistura para rotacdes de 1400 e 2550 rpm e ensaios
realizados imediatamente apds a mistura e com espera até 340 segundos de hidratacdo

quanto maiores as rotagdes de mistura, menores foram as tensdes
de escoamento registradas. Observa-se que o efeito de aumento do
tempo de mistura para a mistura a 2550 rpm tem pouco impacto na
tensédo de escoamento, que permanece muito baixa. Nesta rotagéo
também nao foi possivel observar efeito de reaglomeragao durante
a espera. O efeito da mistura na viscosidade foram relativamente
pequenos. Apesar de ter sido realizado um unico ensaio para cada
condigao, as conclusdes estédo alinhadas com os resultados apre-
sentados nos itens anteriores.

Como relatado na literatura (GAO; FOURIE, 2015), foi observada
correlagao entre o resultado de mini-slump e a tensao de esco-
amento obtida por reometria rotacional (Figura 4.6). No entanto,

0 ensaio de reometria rotacional € mais sensivel em relagéo ao
mini-slump: enquanto o resultado da tensdo de escoamento variou
entre ~0,5 e 6 Pa (12 vezes) o resultado do entre 3 e 4 cm (1,3 ve-
zes). Nao houve correlagao entre o espalhamento e a viscosidade
aparente. A estimativa da viscosidade com o mini-slump exige a
medida do tempo de escoamento.

4.4 Influéncia da mistura na cinética de hidratagcao
A literatura revela que um aumento da energia de mistura provoca

uma aceleragdo da taxa de hidratagdo (BERODIER; SCRIVENER,
2015; JUILLAND et al., 2012; TAKAHASHI; BIER; WESTPHAL,
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Figura 4.6

Abertura mini-slump (raio em cm) em fungdo da tensdo de escoamento (Pa) obtida por

reometria rotacional
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Curvas de liberag¢do de calor para condicdes extremas de mistura (23°C)

2011). Esta taxa pode ser medida nos ensaios de calorimetria iso-
térmica pela taxa de liberagéo de calor (J/s) no periodo de acele-
racgao. Isso impacta nao so6 nas resisténcias nas primeiras idades,
mas também no desenvolvimento da microestrutura do material
cimenticio (YANG; JENNINGS, 1995), o que é indesejavel.

O fluxo de calor foi avaliado nas pastas de cimento misturadas por
60 e 340 segundos nas rotagdes de 320 e 2550 rpm, condi¢cdes
extremas que devem incluir os demais cenarios estudados.

A Figura 4.7 mostra que a rotagao imposta durante a mistura in-
fluencia na cinética de hidratagéo de forma significativa, porém, a
variagao do tempo nao. A mistura a 2550 rpm aplica uma energia
cinética superior nas particulas em relagéo a mistura a 320 rpm.
Ja tempo de mistura impacta no aumento da probabilidade de cho-
ques que, com o uso da mesma energia cinética, ndo provocaram
diferencgas na liberagao de calor. Estes resultados estdo de acor-
do com o relatado na literatura (BERODIER; SCRIVENER, 2015;
JUILLAND et al., 2012; TAKAHASHI; BIER; WESTPHAL, 2011).
O tempo de pega, determinado pela calorimetria isotérmica
(ASTM C1679) foi reduzido de 460 (320 rpm) para 400 minutos
para amostras misturadas em 2550 rpm.

Nao s6 o perfil de liberagao de calor, mas o calor acumulado também
sofreu alteragéo. O calor total em 48 horas descontado o periodo de
dissolugao foi de 220 e 210 J/g para amostras misturadas a 320 rpm
por 60 e 300 segundos respectivamente. Ja para amostras mistu-
radas a 2550 rpm por 60 e 300 segundos, o calor total em 48 horas
subiu para 240 e 235 J/g. Apesar de haver uma pequena diferenga
entre amostras misturadas na mesma rotagéo, ha um aumento da
liberagéo de calor com o aumento da rotagdo. De acordo com refe-
réncias, esse efeito € resultado da aplicacdo de uma maior energia
de mistura que contribui para um aumento da reatividade devido ao
cisalhamento entre as particulas (BERODIER; SCRIVENER, 2015).

5. Conclusoes
E—

A energia de mistura, representada neste experimento pelo tempo

e a velocidade de rotagdo, além do momento decorrido entre o
inicio da mistura e a realizagdo do ensaio exerceram influéncia
relevante nos resultados de espalhamento no ensaio mini-slump.
Velocidades de mistura mais elevadas — que propiciam maior
energia cinética nas particulas e aumentam a probabilidade co-
lisbes que destroem aglomerados - produziram, de forma geral,
menores variabilidades nos resultados.

O mini-slump se revelou uma ferramenta de baixo custo, pratica e
sensivel a mudangas na tensao de escoamento, um importante para-
metro reoldgico das pastas de cimento. Porém, ndo se tem nenhuma
informagao sobre as caracteristicas das pastas sob diferentes condi-
¢Oes de cisalhamento, visto que se trata de um ensaio monoponto.
A mistura influenciou também a taxa de liberagao de calor durante a
reagdo quimica do cimento: rotagdes mais elevadas provocaram ta-
xas de aceleragao mais acentuadas no pico principal de hidratagao.
Na pratica esse efeito afeta principalmente as resisténcias iniciais.
Na configuracao de teste, a rotagdo mais adequada de mistura foi
a mais alta, 2550 rpm por tempo de 210 segundos de mistura. E
provavel que rotagdes mais elevadas, possiveis com outros equi-
pamentos, continuem a diminuir a variabilidade dos ensaios.
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Abstract
E——

Punching is a possible failure mode for slender footings and it may lead a structure to ruin through progressive collapse. Although footing present
different geometric characteristics, their punching shear design is based on the empirical methods used for flat slabs. This paper uses experimen-
tal results from 216 tests to evaluate the performance of design code recommendations presented by ACI 318 (2014), ABNT NBR 6118 (2014)
and Eurocode 2 (2010) to estimate the punching shear resistance of reinforced concrete footings. Great dispersion between theoretical and ex-
perimental results was observed, being evident that the test system affects the punching shear capacity of footings. The more complex method
proposed by Eurocode 2 resulted in a better correlation with experimental results.

Keywords: punching shear, footings, reinforced concrete.

Resumo

A puncao é um possivel modo de ruptura para sapatas esbeltas e pode levar uma estrutura a ruina através do colapso progressivo. Apesar
das sapatas apresentarem caracteristicas geométricas diferenciadas, seu dimensionamento a puncéo é feito com base em métodos empiricos
similares aos usados para ligagbes laje-pilar. Este artigo utiliza resultados experimentais de 216 ensaios para avaliar o desempenho das reco-
mendacgdes apresentadas pelas normas ACI 318 (2014), ABNT NBR 6118 (2014) e Eurocode 2 (2010) para a estimativa da resisténcia a puncédo
de sapatas de concreto armado. Foi observada grande disperséo entre os resultados tedricos e experimentais, ficando evidente que o tipo de
sistema de ensaio afeta a resisténcia a pungéo de sapatas. O método mais complexo proposto pelo Eurocode 2 resultou em uma melhor cor-
relacéo com os resultados experimentais.
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1. Introduction

EE

Choosing the type of foundation is a fundamental step in the pro-
cess of designing a structure. Failures at this stage can lead to
either inadequate performance in service or represent risks to the
safety of the building. The foundation elements are usually classi-
fied in two ways: shallow foundations and deep foundations. Foot-
ings are shallow foundations that transfer the loads from the struc-
ture to the soil through their base.

Punching shear is a possible failure mode for slender footings, that
according to BROMS [1] is characterized by a shear-like crack,
which extends from the ends of the column to the face of the foot-
ing base, but in a breakout cone shape. The punching shear resis-
tance of reinforced concrete footings can be affected by different
parameters, like the compressive strength of concrete, the flexural
reinforcement ratio, the geometry, thickness and slenderness of
the footing. Figure 1 illustrates an application of reinforced con-
crete footings with large dimensions as a foundation for a wind
tower in the United Kingdom.

Figure 1
Examples of the use of footings as foundation in
large structures

In cases where these elements have variable height, design codes
like EUROCODE 2 [2] recommend that the punching shear resis-
tance can be verified in failure planes with different inclinations,
as shown in Figure 2. According to HEGGER et al. [3] and [4],
in the case of footings, the angle of the failure plane is also af-
fected by the ratio a/d, especially due to arch action, tending to be
45° for cases where a/d < 1.25 and less than 35° for cases where
ald = 2. The punching shear design of footings is based on em-
pirical methods presented by design codes for concrete structures.
These methods were developed based on available experimental
evidences, which mostly refer to tests on slab-column connections.
This paper presents an evaluation of the performance of design
codes like ACI 318 [5], EUROCODE 2 [2] and ABNT NBR 6118
[6] in the prediction of the punching resistance of reinforced con-
crete footings without shear reinforcement. This is made through
the analysis of the correlation between theoretical and experimen-
tal resistances using a database with 216 selected test results. A
penalty criterion proposed by COLLINS [7] is used to evaluate the
reliability of these design code recommendations. The composition
of this database followed a selection methodology aiming to allow
the evaluation of different parameters in the punching shear resis-
tance of reinforced concrete footings. In these analyses, the com-
pressive strength of concrete (f), the effective depth of the footing
(d), the flexural reinforcement ratio (p), and the ratios between the
column perimeter and the shear span-to-depth ratio of the footing
(u/d e ald) are considered. It is a relevant discussion that takes
place in an international context, with recent contributions, such
as the ones of SIMOES et al. [8] and [9] and KUERES et al. [10].

2. Historical development of the punching
shear study on footings

EE

Footings are characterized by transferring loads directly to the soil
through their base, and in these cases, the stress distribution de-
pends on the type of the soil under which the footings are settled.
According to MACGREGOR and WIGHT [11], a reinforced concrete
footing supported by a sandy soil will have a stress distribution like
the one in Figure 3a. In this case, the sand near the ends of the
footing tends to move laterally when the footing is loaded, causing a
decrease of soil stresses in this region. In case of footings under a
clay soil base, the stress distribution is similar to what is presented

angulos

Figure 2
Punching shear failure in reinforced concrete
footings without shear reinforcement
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Figure 3

Stress distribution as a function of the soil type. a) sandy soil; b) clayey soil.

(MACGREGOR e WIGHT [11])

in Figure 3b. It is possible to notice that as the footing is loaded, the
soil deforms in a cup shape, relieving stresses in the central region
of its base. For structural design purposes, it is common to assume
that soil stresses are distributed steadily in the base.

HEGGER et al. [3] say that in case of footings a/d significantly
influences punching shear resistance. According to these authors,
the influence of this parameter is greater than from those usually
considered in design, such as the compressive strenght of con-
crete (f) and the flexural reinforcement ratio (p), since in these
cases the inclination of the failure plane is directly related to this ra-
tio. EUROCODE 2 [2] is the only design code that recommends the
consideration of this parameter when estimating punching shear
resistance of reinforced concrete footings. Figure 4 illustrates the
variation of the critical shear span (a_.) to punching shear resis-

crit
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Figure 4

Variatfion of a_, according to Eurocode 2
in function of the footing thickness.
Assumed: ¢ =300 mm, p = 1%, f_= 25 MPq,
u=c+4d

tance for reinforced concrete footings in accordance to Eurocode
in function of the effective depth of the footing.

Historicaly, the first study on punching shear was published in 1913
by TALBOT [12], who performed a long series of tests on reinforced
concrete footings, simulating the interaction between the footing and
the soil through steel springs. After him, many researchers contrib-
uted to the study of punching shear on footings, evaluating different
simulation methods of the soil reaction. DIETERLE and STEINLE
[13] and DIETERLE and ROSTASY [14] used a system with many
hydraulic cylinders driven together to simulate the application of a
uniformly distributed load through the base of the footing, being a
reference to future studies like the one from HALLGREN et al. [15],
who tested footings with uniformly distributed loading systems and
also radially concentrated reaction ones, similar to the procedure
used for testing slab-column connections locally.

HEGGER et al. [3] and [4] used a test system with a sandbox to simulate
the soil effect, having as one of the variables the sand degree of com-
paction, which varied from loose to dense. Later, BONIC and FOLIC
[16] also performed tests of this type, but using a mixture of sand and
river gravel. Figure 5 shows some of the different systems used to test
punching shear resistance of footings. It is important to highlight that
the variety of test systems used to compose the existent experimental
database for punching shear on footings can be constructed on a vari-
able capable of influencing the quality and reliability of these results.

3. Methods to estimate punching
shear resistance

3.1 ACI 318

According to ACI 318 [5], the verification of punching shear resis-
tance on footings shall be done by verifying shear stresses in a
control perimeter d/2 away from the faces of the column or from the
ends of the loaded area, as shown in Figure 6. In these cases, the
shear stress (v ) shall be less than the shear strength provided by
concrete (v ), as expressed below.

434 ——
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vy < @V,
4

v, = —

u uld

Vv, = min a5d+2 L
¢ U 12\/76

G Concentrated load system

Figure 5

Where:

v, is the maximum shear stress acting around the control perimeter u,;
v, is the shear strength;

¢ is a safety factor, assumed in this paper as 1.0;

Vis the shear force in the footing;

u, is a control perimeter d/2 away from the face of the column;

B, is the ratio between the largest and the smaller dimension of
the column;

f_is the compressive strength of concrete in MPa (f < 69 MPa);

ag is a constant that assumes value of 40 for the case of internal
columns, 30 for edge column and 20 for corner column;

d is the effective depth of the footing.

Different test systems used to evaluate punching shear resistance of footings
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Figure 6
Control perimeter according to ACI 318 [5]
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Figure 7
Control perimeter according to Eurocode 2 [2]
and ABNT NBR 6118 [6]

3.2 Eurocode 2

EUROCODE 2 [2] defines that shear stress in reinforced concrete
footings without shear reinforcement and with concentric load shall
be calculated by Equation 4, where the control perimeter is deter-
mined as shown in Figure 7.

e (4)
Where:

V., is the reduced shear force to consider the soil-structure interaction;
u, is the control perimeter d/2 away from the faces of the column;
d is the effective depth of the footing.

In case of punching shear on footings, this design code allows that
the soil reaction contained within the region of the control perim-
eter be considered for the reduction of the shear force in the foot-
ing. The reduced shear force V,_; can be calculated by Equation 5,

while the punching shear resistance of footings can be calculated
by Equation 6.

A
Vmi=V(1—%”>

2d
Ve = Crack(100pf )3

Acrit crit

Umin = 0.035K°/2f 112

Where:

A_; is the area within the control perimeter, measured at a a
tance from the face of the column;

A is the contact area with the soil of the footing;

dis-

crit

Crq. is @ constant determined by the each country’s national an-
nex, recommended by Eurocode as being 0.18;
k=1+4,200/d < 2.0, with d in mm;
p= m < 2.0 is the flexural tensile reinforcement ratio of the
footing, where p,_and p, are the ratios in x and y directions, respec-
tively. In calculations, the bars shall be considered within a region
3d away from the faces of the column;
f.is the compressive strength of concrete, which according to EU-
ROCODE 2 [2], shall be less than 90 MPa, but respecting the es-
tablished limits by each country’s annex;
a_, is the distance from the face of the column to the considered
control perimeter, determined by an interactive process.
This design code also recommends that the shear stress in the
perimeter of the column (u,) shall be limited to:

8)

f
Vimax = 024, <1 ~ 555

3.3 ABNT NBR 6118

ABNT NBR 6118 [6] defines that the verification of punching shear
resistance on footings shall be done considering the same recom-
mendations used for designing slab-column connections, as ex-
pressed below.

v
Vy = ul_d (9)
ve=0182( 1 +@ (100pf ) (10)

e = 0277, (1- 75 )

Where:

Vis the shear force in the footing;

u, is the control perimeter d/2 away from the faces of the column,
with the geometry recommended by Eurocode;

d is the effective depth of the footing.

P = /PPy is the flexural tensile reinforcement ratio, calculated
analogously to what is presented by Eurocode;

f, is the compressive strength of concrete. On its current version,
the Brazilian code allows the design of structures with concretes
that have compressive strength up to 90 MPa.

In case of Equation 11, the Brazilian code allows v to be increased
by 20% in case of internal columns when the spans that reach this
column do not differ by more than 50% and there are no openings
near the column. These are the rules for use in the verification of
slab-column connections, but that have been assumed to be valid
for the footings in this paper since they were concentric loaded.

4. Database
E—

4.1 Data collection methodology

A total of 335 tests on reinforced concrete footings were found in the
literature. These results were collected and filtered in function of the
following parameters: compressive strength of concrete; geometry and
thickness of the footing; usage of shear reinforcement. Table 1 presents
the criteria used to filter the tests that composed the database.

436 IE—

IBRACON Structures and Materials Journal * 2018 « vol. 11 +n°®2



D.F. A. SANTOS | A.F. LIMA NETO | M. P. FERREIRA

Current design codes specify that the minimum compressive
strength of concrete for use in structures and foundations is 20
MPa, but in the past, much lower values were used. In these
analyses, it was established that test results on footings with 7,
< 15 MPa would be discarded. In relation to the geometry of the
footings, all specimens that had no circular or square base were
discarded because a/d would be different in x and y directions.
Regarding the effective depth, it was considered that any test on
footings with effective depth less than 100 mm is not representa-

tive of the actual characteristics of these structural elements. All
tests on footings with shear reinforcement were discarded, as well
as two of the footings tested by BONIC and FOLIC [16], whose
results were much far from the theoretical predictions of all design
codes, though the specimens had physical characteristics similar
to the other ones.

After collecting and filtering the data, a total of 216 footings re-
mained, which composed a database for the analysis of the nor-
mative methods, as indicated in Table 2. Aiming to evaluate the

Table 1
Summary of the process of filtering and composition of the database
. Filtering criterion
Authors "I\'les?sf f Square d Shear Low Used tests
< 15 MPa Geom. <100 mm reinf. reliability
Talbolt [12] 69 50 - - - - 19
Richart [17] 140 3 12 - - - 125
Rivkin [18] 9 - - 9 - - 0
Kordina and Nolting [19] 11 - 11 - - - 0
Dieterle and Rostdassy [14] 25 - 3 - 4 - 18
Hallgren ef al. [15] 14 1 - - 3 - 10
Timm [20] 10 - - - 7 - 3
Sundquist and Kinnunen [23] 8 - - - - - 8
Hegger ef al. [3] 5 - - - 1 - 4
Hegger ef al. [4] 17 - - - 4 - 13
Boni¢ and Foli¢ [16] 6 4 - - - 2 0
Urban et al. [21] 9 - - - - - 9
Siburg and Hegger [22] 12 - - - 5 - 7
Total n° of obtained tests 335
Total n° of filtered tests 119
Total n° of used tests 216
Table 2
Summary of the database footings characteristics
Authors !r\les?sf nyepSL (mbm) (mdm) (‘Q,) (mcm) Sect. (Mfﬁa) (IYN)
[12] 19 Springs 1524 178 -254 | 0.33-0.62 305 S 15.0 - 20.2 | 549 - 1483
[17] 125 Springs 2134 203 -356 | 0.20-1.23 | 305 - 356 S 15.0-34.8 | 1326 - 2713
[14] 18 Dist. 1500 290-760 | 0.14-0.86 | 150 -450 S 20.1 - 30.6 | 859 -5338
[15] 10 Con./Dist. | 850 - ®960 | 232 -250 | 0.25-0.66 250 C 19.5-40.0 | 622 -1363
[20] 3 Con. 760-1080 | 172-246 | 1.18-1.25 | 175-250 C | 32.8-40.7 | 668 - 1060
[23] 8 Con. 1730-2300| 160-240 | 0.37-0.58 | 500-1000 | C 24.6-354 | 875-1763
[3] 4 Sand 900 150-250 | 0.62-1.03 | 150-175 S 17.6-24.5 | 530 - 1251
[4] 13 | Sand/Dist. | 1200 - 1800 | 250 -470 | 0.85-0.88 200 S 19.0-38.1 | 1203 - 3037
[21] 9 Con. 1200 118-318 | 0.29-0.86 200 C 26.2 - 32.5 | 270 - 2000
[22] 7 Dist. 1200 - 2700 | 400-590 | 0.12-0.40 | 200 - 300 S 19.6 - 53.3 | 1548 - 5392
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Table 3
Demerit scale, according fo the criterion of COLLINS [7]
VIV, Classification Penalty
<0.50 Extremely dangerous 10
[0.5-0.65] Dangerous 5
[0.65 - 0.85] Low safety 2
[0.85 -1.30] Appropriate safety 0
[1.30 - 2.00] Conservative 1
>2.00 Extremely conservative 2

reliability and performance of theses codes, a weighted system of
classification based on penalties was applied, presented by COL-
LINS [7], called “Demerit Points Classification” (DPC), that takes
into account aspects of safety, accuracy and economy. Table 3
presents the demerit scale proposed by Collins, where a penalty
is assigned to each interval from V, / V_, and the total penalty de-

fines the performance of each design code. The higher the value
of the total sum, the worse the normative process is considered.

5. Results
E———

Figures 8, 9 and 10 present a comparison between the experimental
results from the database and the theoretical ones obtained accord-
ing to ACI 318 [5], EUROCODE 2 [2] and ABNT NBR 6118 [6], tak-
ing as variables the following parameters: compressive strength of
concrete; flexural reinforcement ratio of the footing; effective depth
of the footing; and the u/d ratio. For all design codes, it is possible
to observe a strong dispersion between the experimental results and
the theoretical estimates in function of the evaluated parameters. In
case of ACI, it is important to highlight that the results indicate that
the use of its recommendations can lead to estimates against safety
of punching shear resistance for thick footings, once its equations do
not present any term that considers the size effect.

Figure 11 shows the influence of a/d in the estimates of punching
shear resistance of footings according to EUROCODE 2 [2]. The red
dashed line marks the results range below 0.85-V//V,_, which are
considered to be against safety results by COLLINS [7]. The blue
dashed line shows results above 1.30-V/V, , assumed by COL-
LINS [7] as conservative. In general, it is seen that the parameter
ald affects the punching shear resistance of footings. Nevertheless,
the interactive method proposed by Eurocode was dispersed.

Still analyzing Figure 11, it is important to note that most of the
performed tests using test systems with concentrated forces at the
ends of footings, in an arrangement similar to what is made for
tests on slab-column connections, presented against safety resis-
tance estimates for Eurocode. On the other hand, tests performed
with spring and sandbox systems, which best represent the real
situation, presented mostly conservative predictions of resistance
using Eurocode. Figure 12 presents general dispersion graphics of
design codes, noticing that Eurocode 2 was slightly less dispersed
and conservative, when compared to ACI 318 and NBR 6118. The
same is evident from Figure 13.

Table 4 and Figure 14 present a summary of the normative re-
sults classification according to the criterion of COLLINS [7]. Ac-
cording to this criterion, the design code that best performed was
Eurocode 2, which had the highest number of results classified in
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Figure 8
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Comparison between experimental results and the recommendations of ACI 318 [5]
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the appropriate safety range. However, it is important to highlight
that it presented some results in the low safety and dangerous
range, most of them referring to tests on footings performed with
systems of concentrated forces at the ends. Both ACI 318 and
NBR 6118, which present simpler theoretical calculation method-
ologies than Eurocode, presented somewhat more dispersed and
conservative results, which led to greater penalties, worsening its
performance according to the criterion of Collins.

6. Conclusions

E

This paper presents a review of available experimental evidences on
punching shear resistance of reinforced concrete footings without shear
reinforcement, which are foundation elements widely used in small and

4,5
é m[14] ofis]
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Figure 9

large structures. The detailed review of the literature allowed the col-

lection and selection of tests results forming a wide database with 216

tests on footings. These results were used to evaluate the performance

of ACI 318 [5], EUROCODE 2 [2] and ABNT NBR 6118 [6]. The per-
formed and presented analyses lead to following conclusions:

1. The results show that the test system type used to simulate,
in lab, the real behavior of footings, influences significantly the
punching shear resistance and the conclusions about the suit-
ability and precision of design codes.

2. Eurocode 2, which presents a more complex interactive meth-
od of calculation than those presented by ACI and the Brazilian
code, was slightly less dispersed than those from other design
codes, showing a better correlation with experimental tests and
a better performance according to the criterion of COLLINS [7].
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3. For thick footing, ACI 318 showed a strong tendency of unsafe
prevision for the punching resistance. In all other cases, ACI
was in general conservative.

4. ABNT NBR 6118 was the design code that presented the worst
performance according to the criterion of COLLINS [7] due to
the exaggerated number of conservative results.
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Abstract
E——

Punching is a possible failure mode for slender footings and it may lead a structure to ruin through progressive collapse. Although footing present
different geometric characteristics, their punching shear design is based on the empirical methods used for flat slabs. This paper uses experimen-
tal results from 216 tests to evaluate the performance of design code recommendations presented by ACI 318 (2014), ABNT NBR 6118 (2014)
and Eurocode 2 (2010) to estimate the punching shear resistance of reinforced concrete footings. Great dispersion between theoretical and ex-
perimental results was observed, being evident that the test system affects the punching shear capacity of footings. The more complex method
proposed by Eurocode 2 resulted in a better correlation with experimental results.

Keywords: punching shear, footings, reinforced concrete.

Resumo

A puncao é um possivel modo de ruptura para sapatas esbeltas e pode levar uma estrutura a ruina através do colapso progressivo. Apesar
das sapatas apresentarem caracteristicas geométricas diferenciadas, seu dimensionamento a puncéo é feito com base em métodos empiricos
similares aos usados para ligagbes laje-pilar. Este artigo utiliza resultados experimentais de 216 ensaios para avaliar o desempenho das reco-
mendacgdes apresentadas pelas normas ACI 318 (2014), ABNT NBR 6118 (2014) e Eurocode 2 (2010) para a estimativa da resisténcia a puncédo
de sapatas de concreto armado. Foi observada grande disperséo entre os resultados tedricos e experimentais, ficando evidente que o tipo de
sistema de ensaio afeta a resisténcia a pungéo de sapatas. O método mais complexo proposto pelo Eurocode 2 resultou em uma melhor cor-
relacéo com os resultados experimentais.
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Punching shear resistance of reinforced concrete footings: evaluation of design codes

1. Introducgao

EE

A escolha do tipo de fundagéo é uma etapa fundamental do pro-
cesso de concepgao de uma estrutura e falhas nesta fase podem
conduzir tanto a um desempenho inadequado em servigo, quanto
representar riscos a segurancga da edificacdo. Os elementos de
fundagdo sdo usualmente classificados de duas formas: funda-
c¢oes diretas ou superficiais; e fundagdes indiretas ou profundas.
As sapatas sdo fundagdes superficiais que transferem as cargas
da estrutura para o solo através da sua base.

Sapatas flexiveis estédo sujeitas a ruptura por pungdo, que se-
gundo BROMS [1] é caracterizada por uma fissura semelhante
a de cisalhamento que se estende das extremidades do pilar
até a face da base da sapata, porém com a forma de um tronco
de cone. A resisténcia a pungado de sapatas de concreto ar-
mado pode ser influenciada por diferentes parametros, como a
resisténcia a compressao do concreto, a taxa de armadura de
flexdo, a geometria, espessura e esbeltes da sapata. A Figura
1 ilustra uma aplicagdo de sapatas de concreto armado com

Figura 1
Exemplos do uso de sapatas como fundacdo em
grandes estruturas

grandes dimensdes como fundagédo para grandes torres edlicas
no Reino Unido.

Nos casos em que estes elementos possuem altura variavel, nor-
mas como o EUROCODE 2 [2], recomendam que a resisténcia a
puncao seja verificada em planos de ruptura com diferentes incli-
nagdes, conforme ilustrado na Figura 2, respeitando-se o limite
para o angulo do plano de ruptura de 6 = arctan ('2). Segundo
HEGGER et al. [3] e [4], no caso de sapatas, o angulo do plano de
ruptura também ¢ influenciado pela relagédo a/d, devido principal-
mente ao efeito arco, tendendo a ser de 45° para os casos onde a
relagédo a/d < 1,25 e menor que 35° para os casos onde a/d =2 2. O
dimensionamento a pungao de sapatas é feito com base em mé-
todos empiricos apresentados por normas para projeto de estrutu-
ras de concreto. Estes métodos foram desenvolvidos tendo como
base as evidéncias experimentais disponiveis, que em sua maio-
ria referem-se a ensaios representativos de ligagoes laje-pilar.
Este artigo apresenta uma avaliagao do desempenho das reco-
mendacgdes apresentadas pelas normas ACI 318 [5], EUROCODE
2 [2] e ABNT NBR 6118 [6], para a previsao da resisténcia a pun-
¢ao de sapatas de concreto armado sem armaduras de cisalha-
mento, através da analise de um banco de dados com resultados
de 216 ensaios. O critério de COLLINS [7] é utilizado para avaliar
a confiabilidade destas recomendagdes normativas. A composicao
deste banco de dados foi feita seguindo uma metodologia de co-
leta buscando permitir a avaliagdo de diferentes parametros na
resisténcia a pungéo de sapatas de concreto armado. Sao consi-
derados nestas analises a resisténcia a compressao do concreto
(f.), a altura util da sapata (d), a taxa de armadura de flex&o (p), e
as razdes entre o perimetro do pilar e o vao de cisalhamento em
relagéo a altura util da sapata (u /d e a/d). Trata-se de uma discus-
sao relevante que se insere dentro de um contexto internacional,
com contribuigdes recentes, como as de SIMOES et al. [8] e [9] e
KUERES et al. [10].

2. Desenvolvimento histérico do estudo
da puncao em sapatas

As sapatas caracterizam-se por transferir as cargas de forma dire-
ta ao solo através de sua base, e nestes casos a distribuigdo das
tensdes depende do tipo do solo sob o qual elas estdo assentes.
Segundo MACGREGOR e WIGHT [11], uma sapata de concreto

lp 0 = arctan (2)

angulos
possiveis

Figura 2
Ruptura por puncdo em sapatas de concreto
armado em armaduras de cisalhamento

444 ——

IBRACON Structures and Materials Journal * 2018 « vol. 11 +n°®2



D.F. A. SANTOS | A.F. LIMA NETO | M. P. FERREIRA

Figura 3

Distribuicdo de tensdes como uma fungdo do tipo do solo. a) solo arenoso; b) solo argiloso

(MACGREGOR e WIGHT [11])

armado apoiada sobre um solo arenoso tera uma distribuicéo de
tensdes semelhante ao ilustrado na Figura 3a. Neste caso, a areia
perto das extremidades da sapata tende a deslocar lateralmente
quando a sapata é carregada, provocando uma diminuicao das
tensdes no solo nesta regido. Ja no caso de sapatas sob uma
base argilosa, a distribuicdo da tensdo é semelhante ao apresen-
tado na Figura 3b. E possivel perceber que a medida que a sapata
é carregada, o solo deforma em forma de taga, aliviando as pres-
sdes na regiao central de sua base. Para fins de dimensionamento
estrutural, € comum assumir que as tensdes do solo se distribuem
de forma constante na base.

HEGGER et al. [3] afirmam que no caso de sapatas a relagdo
a/d influencia significativamente a resisténcia a pungéo. Segundo
estes autores, a influéncia deste parametro € maior do que a de
outros usualmente considerados em projeto, como a resisténcia a
compressé&o do concreto (f) e a taxa de armadura de flexao (p),
uma vez que nestes casos a inclinagéo do plano de ruptura esta
diretamente ligada a esta relagdo. A norma EUROCODE 2 [2] é a
Unica que recomenda a consideragao deste parametro para a es-
timativa de resisténcia a pung¢ao de sapatas de concreto armado.
A Figura 4 ilustra a variagéo do vao de cisalhamento critico (a_,)
a puncao para sapatas de concreto armado segundo o Eurocode
em fungao da altura util da sapata.

Historicamente, o primeiro trabalho sobre puncgéo foi publicado
em 1913 por TALBOT [12], que fez uma larga série de ensaios
em sapatas de concreto armado, simulando a interagéo entre a
sapata e o solo através de molas de ago. Depois dele diversos
pesquisadores contribuiram no estudo da pungao em sapatas,
tendo sido avaliados diferentes métodos de simulagéo da reagao
do solo. DIETERLE e STEINLE [13] e DIETERLE e ROSTASY
[14] usaram um sistema com varios cilindros hidraulicos aciona-
dos em conjunto para simular a aplicagdo de um carregamento
uniformemente distribuido através da base da sapata, servindo
de referéncia para trabalhos futuros como os de HALLGREN et
al. [15], que ensaiaram sapatas com sistemas com carregamento
uniformemente distribuido e também com sistemas com reagao

radialmente concentrada, similar ao procedimento usado para tes-
tar localmente ligacdes laje-pilar.

HEGGER et al. [3] e [4] usaram um sistema de ensaio com
uma caixa de areia para simular o efeito do solo, tendo como
uma das variaveis o grau de compactagéo da areia, que va-
riou de fofa a compacta. Posteriormente, BONIC e FOLIC [16]
também realizaram ensaios deste tipo, porém utilizando areia
misturada com cascalho de rio. A Figura 5 mostra alguns dos
diferentes sistemas usados para testar a resisténcia a pun-
cdo de sapatas. E importante destacar que a variedade de
sistemas de ensaio utilizada para formar a base de dados ex-
perimentais existente hoje para pungédo em sapatas pode se
constituir numa variavel capaz de influenciar na qualidade e
confiabilidade destes resultados.

12 -
é :_—' — i = 200 mm
—_— s 1 = 0T d=400 mm
9 :S - T eeeees * d =600 mm
E !
.w'-’ . .'. - . (‘Cﬂl
v .‘.. ’ .l
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Figura 4

Variagdo do a_, segundo o Eurocode 2

em funcdo da espessura da sapata.
Assumidos: ¢ =300 mm, p = 1%, f, = 25 MPq,
u=c+4d

IBRACON Structures and Materials Journal * 2018 « vol. 11 +n°® 2

EEEEssss————— 445



Punching shear resistance of reinforced concrete footings: evaluation of design codes

3. Métodos para estimar a resisténcia
a pungao

3.1 ACI 318

Segundo o ACI 318 [5], a verificagdo da resisténcia a pungao
em sapatas deve ser feita através da verificagéo de tensdes de
cisalhamento em um perimetro de controle afastado d/2 das
faces do pilar ou das extremidades da area carregada, con-
forme mostrado na Figura 6. Nestes casos, a tensao cisalhan-
te (v,) deve ser menor que a tensao resistente (v.), conforme
expresso a seguir.

e Sistemna com carga concentrada

Figura 5

v, < v (1)

Ve = min (auild+2>%\/fi (3>

Q Sistema com caixa de areia

Diferentes sistemas de ensaio usados para avaliar a resisténcia d puncdo de sapatas
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Onde:

v, € a tens&o cisalhante ultima atuando no perimetro de controle u,;
v, € a tensdo cisalhante resistente;

¢ é um coeficiente de seguranga, assumido nas verificagdes deste
artigo como sendo igual a 1,0;

V é a forga cortante na sapata;

u, & o comprimento de um perimetro de controle afastado d/2 da
face do pilar;

B, € a razdo entre a maior e a menor dimens&o do pilar;

f. é aresisténcia a compressé&o do concreto em MPa (f < 69 MPa);
a, € uma constante que assume valor igual a 40 para o caso de
pilares internos, 30 para pilar de borda e 20 para pilar de canto;

d é a altura util da sapata.

3.2 Eurocode 2

O EUROCODE 2 [2] define que a tensao cisalhante em sapatas
de concreto armado sem armaduras de cisalhamento e com carga
concéntrica deve ser calculada segundo a Equagao 4, sendo o
perimetro de controle determinado conforme ilustrado na Figura 7.

0

- uld

Onde:

V., € a forga cortante reduzida para considerar a interagéo solo-
-estrutura;

u, € o comprimento do perimetro de controle afastado 2d das fa-
ces do pilar;

d é a altura util da sapata.

No caso da pungao em sapatas, esta norma permite que a reagao
do solo contida dentro da regido do perimetro de controle seja
considerada para a redugao da forga cortante na sapata. A for-
¢a cortante reduzida V_, pode ser calculada através da Equagéao

red

5. Ja a resisténcia a pungao de sapatas pode ser calculada pela
Equacao 6.

Vied =V (1 - AZ“)
2d 2d ( 6)

Ve = CRd,ck(loopfc)1/3— 2 Umin ——
Onde:

Qcrit crit
A € area dentro do perimetro de controle, medido a uma distan-
cia a_, da face do pilar;
A é a area de contato com o solo da sapata;
C.4. € uma constante determinada pelo anexo nacional de cada
paié, recomendada pelo Eurocode como sendo de 0,18;

k=1+,200/d < 2.0, comdemmm;

P =[PP, < 2.0 é a taxa de armadura de flex&o tracionada da
sapata, onde p, e p, sdo as taxas nas diregdes x e y , respectiva-
mente. Nos calculos, devem ser consideradas as barras dentro de
uma regido afastada 3d das faces do pilar;

f. € a resisténcia a compresséao do concreto, que segundo o EU-
ROCODE 2 [2], deve ser menor que 90 MPa, porém respeitando-
-se os limites estabelecidos pelos anexos de cada pais;

a__ é a distancia da face do pilar até o perimetro de controle consi-

Umin = 0.035K%/2f 112

crit

a o
———— - m.
| C _ dfg

HU: | ._I.I
L ___.--ifo
U
Figura 6

Perimetro de controle segundo o ACI 318 [5]

~ - Sou

| | Uy

Figura 7
Perimetro de controle segundo o Eurocode 2 [2]
e ABNT NBR 6118 [6]

derado, determinado através de um processo interativo.
Esta norma recomenda ainda que a tensao cisalhante no perime-
tro do pilar (u,) seja limitada a:

f
Vmax = 0.24f, (1 - ZSCO

3.3 ABNT NBR 6118

A ABNT NBR 6118 [6] define que a verificagao da resisténcia a
pungdo de sapatas deve ser feita considerando as mesmas re-
comendagoes usadas para o dimensionamento de ligagbes laje-
-pilar, conforme expressodes apresentadas abaixo.

v
Vy = ul_d (9)
Ve = 0.182 1+@ (100pf )3 (10)

o =071, (1 1) )

Onde:

V é a forga cortante na sapata;

u, € o comprimento do perimetro de controle afastado 2d das fa-
ces do pilar, com geometria igual a recomendada pelo Eurocode;

d é a altura util da sapata em mm.

P = /PP, & a taxa de armadura de flex&o tracionada, calculada
de forma analoga ao apresentado para o Eurocode;

f & aresisténcia a compresséo do concreto. Em sua verséo atual,
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a norma brasileira permite o dimensionamento de estruturas com
concretos de resisténcia a compresséao de até 90 MPa.

No caso da Equag&o 11, a norma brasileira permite que o v__
seja ampliado de 20% no caso de pilares internos quando os vao
que chegam a esse pilar ndo diferem mais de 50% e n&o existem
aberturas proximas ao pilar. Estas s&o regras para uso na verifica-
céo de ligagdes laje-pilar, mas que foram assumidas como sendo
validas para as sapatas neste artigo uma vez que elas foram sub-
metidas a carregamento concéntrico.

Tabela 1

4. Banco de dados
E——

4.1 Metodologia de coleta de dados

Foram encontrados um total de 335 ensaios em sapatas de con-
creto armado na literatura. Estes resultados foram coletados e
filtrados em fungéo dos seguintes parametros: resisténcia do con-
creto; geometria e espessura da sapata; uso de armaduras de ci-
salhamento. A Tabela 1 apresenta os critérios utilizados para filtrar

Resumo do processo de filfragem e formac¢do do banco de dados

Critério de filtragem .
Autores E?\l;g:ﬁs f Geom. d Com Arm. | Baixa 522?;8:
<15 MPa Retang. | <100 mm Cis. Confiabil.
Talbolt [12] 69 50 - - - - 19
Richart [17] 140 3 12 - - - 125
Rivkin [18] 9 - - 9 - - 0
Kordina e Nélting [19] 11 - 11 - - - 0
Dieterle e Rostéisy [14] 25 - 3 - 4 - 18
Hallgren ef al. [15] 14 1 - - 3 - 10
Timm [20] 10 - - - 7 - 3
Sundquist and Kinnunen [23] 8 - - - - - 8
Hegger ef al. [3] 5 - - - 1 - 4
Hegger ef al. [4] 17 - - - 4 - 13
Boni¢ e Foli¢ [16] 6 4 - - - 2 0
Urban et al. [21] 9 - - - - - 9
Siburg e Hegger [22] 12 - - - 5 - 7
Total de ensaios obtidos 335
Total de ensaios filtfrados 119
Total de ensaios usados 216
Tabela 2
Resumo das caracteristicas das sapatas do banco de dados
Autores eﬁscgﬁs eI:f;o (mbm) (mdm) (12,) (mcm) Secdo (Mfﬁc) (IYN)
[12] 19 Molas 1524 178 - 254 | 0,33 -0,62 305 S 15,0- 20,2 | 549 - 1483
[17] 125 Molas 2134 203 - 356 [0,20-1,23 | 305 - 356 S 15,0-34,8 | 1326 -2713
[14] 18 Dist, 1500 290-760 [0,14-0,86| 150 - 450 S 20,1 - 30,6 | 859 - 5338
[15] 10 Con,/Dist, | 850 - ®960 | 232 - 250 | 0,25 - 0,66 250 C 19.5-40,0 | 622-1363
[20] 3 Con, 760-1080 | 172-246 |1,18-1,25| 175-250 C 32,8 -40,7 | 668 - 1060
[23] 8 Con, 1730-2300| 160-240 | 0,37 - 0,58 | 500 - 1000 C 24,6 - 35,4 | 875-1763
[3] 4 Areia 900 150-250 | 0,62-1,03| 150-175 S 17,6 -24,5 | 530 - 1251
[4] 13 Areia/Dist, | 1200 - 1800 | 250 - 470 | 0,85 -0,88 200 S 19.0-38,1 | 1203 - 3037
[21] 9 Con, 1200 118 -318 | 0,29 - 0,86 200 C 26,2 -32,5 | 270 - 2000
[22] 7 Dist, 1200 - 2700 | 400-590 [0,12-0,40| 200 - 300 S 19,6 - 53,3 | 1548 - 5392
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Tabela 3
Escala de Demérito, segundo o critério de COLLINS [7]
V,/V,, Classificagdo Penalidade
< 0,50 Extremmamente perigoso 10
[0,5-0,65] Perigoso 5
[0,65-0,85] Baixa seguranca 2
[0.85 -1,30] Seguranca apropriada 0
[1.30 - 2,00] Conservador 1
> 2,00 Extremamente conservador 2

0s ensaios utilizados para a composigao da base de dados.

As normas atuais especificam que a resisténcia caracteristica mini-
ma a compressao do concreto para uso em estruturas e fundagdes
é de 20 MPa, mas no passado, valores bem mais baixos foram uti-
lizados. Nestas analises, foi estabelecido que seriam descartados
resultados de ensaios em sapatas com f, < 15 MPa. Em relagéo
a geometria das sapatas, foram descartadas todas as pecas que
nao tivessem base circular ou quadrada, pois a relagao a/d seria
diferente nas dire¢des x e y. Quanto a altura util, foi considerado
que qualquer ensaio em sapata com altura util menor do que 100
mm nao é representativo das caracteristicas reais destes elementos
estruturais. Também foram descartados todos os ensaios em sapa-
tas com armaduras de cisalhamento e duas das sapatas testadas
por BONIC e FOLIC [16], cujos resultados ficaram muito distantes
das previsOes tedricas de todas as normas, embora os espécimes
tivessem caracteristicas fisicas similares as dos demais.

Apos a coleta e filtragem dos dados, restaram um total de 216
sapatas, que formaram um banco de dados para a andlise dos
métodos normativos, conforme indicado na Tabela 2. Buscando
avaliar a confiabilidade e o desempenho destas normas, foi aplica-
do um sistema ponderado de classificagdo com base em penalida-
des, apresentado por COLLINS [7], chamado de “Demerit Points
Classification” (DPC), que leva em consideracéo aspectos de se-

guranca, precisdao e economia. A Tabela 3 apresenta a escala de
demérito proposta por Collins, onde uma penalidade é atribuida
a cada intervalo da razéo V, / V,_, e a penalidade total define o

desempenho de cada norma. Quanto maior o valor da soma total,
pior € considerado o processo normativo.

5. Resultados
E—

As Figura 8, 9 e 10 apresentam uma comparacao entre os resul-
tados experimentais do banco de dados com os teéricos obtidos
segundo o ACI 318 [5], EUROCODE 2 [2] e ABN NBR 6118 [6],
tendo-se como variaveis os seguintes parametros: resisténcia a
compressao do concreto; taxa de armadura de flexdo da sapata;
altura util da sapata; e a relagédo u/d. Para todas as normas €
possivel observar uma forte dispersédo entre os resultados experi-
mentais e as estimativas tedricas em fungdo dos parametros ava-
liados. No caso do ACI, é importante destacar que os resultados
indicam que o uso de suas recomendagdes pode levar a estima-
tivas de resisténcia a pungao contra a segurancga para o caso de
sapatas espessas, uma vez que suas equagdes nao apresentam
nenhum termo que considere o efeito de escala (size effect).

A Figura 11 mostra a influéncia da relagéo a/d nas estimativas de
resisténcia a pungdo de sapatas segundo o EUROCODE 2 [2].

4> . m(14] O[5 % - w[(1a] O[5 3 u m[14] O[15] a[20]
40 57 a[20]  o[23] 40 4 &5 A[20]  ©[23] 40 4 &3 0[23] x[3] x[4]
s x[(3]  x[4] ’ X3 x14] i +[22] B[21] a[12
= o[22] m[2I] 2 o221 m[21] ~ [22] B[21] &[12]
35 1 a[12]  e[17] 3,5 4 ~ Af12]  e[17] AT e[17]
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Figura 8
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Comparagdo dos resultados experimentais com as recomendacdes do ACI 318 [5]
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A linha tracejada em vermelho marca a faixa de resultados abai-
xo de 0,85-V /V,_, que s&o resultados considerados contra a se-
guranga por COLLINS [7]. Ja a linha pontilhada em azul destaca
os resultados acima de 1,30-V/V,_, assumidos por COLLINS [7]
como conservadores. De uma forma geral, percebe-se que o pa-
rametro a/d afeta a resisténcia a pungao de sapatas. Ainda assim,
o0 método interativo proposto pelo Eurocode mostrou-se disperso.
Ainda analisando a Figura 11, & importante destacar que a maioria
dos ensaios realizados utilizando sistemas de ensaio com forgas
concentradas nas extremidades das sapatas, em um arranjo si-
milar ao que ¢é feito para testes de ligagdes laje-pilar, apresentou
estimativas de resisténcia para o Eurocode contra a segurancga.
Ja os ensaios feitos com sistemas com molas e em caixa de areia,

que representam melhor a situagao real, apresentaram em sua

4,5
é m[14] ofis]
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Figura 9

maioria previsdes de resisténcia conservadoras usando-se o Eu-
rocode. A Figura 12 apresenta graficos de dispersdo geral das
normas, podendo-se perceber que o Eurocode 2 foi ligeiramente
menos disperso e conservador, em comparagao com ACI 318 e
NBR 6118. O mesmo fica evidente analisando a Figura 13.

A Tabela 4 e a Figura 14 apresentam um resumo da classificagéo
dos resultados normativos segundo o critério de COLLINS [7]. Se-
gundo este critério, a norma que teve melhor desempenho foi o
Eurocode 2, que teve o maior nimero de resultados classificados
na faixa de seguranga apropriada. No entanto, é importante des-
tacar que ela apresentou alguns resultados nas faixas de baixa
seguranga e perigosa, sendo a maioria referente a ensaios em
sapatas feitos com sistema de cargas concentradas nas extre-
midades. Tanto o ACI 318 quanto a NBR 6118, que apresentam

4,5 -
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Comparacdo dos resulfados experimentais com as recomendacoes da NBR 6118 [6]
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metodologias de calculo tedrico mais simples que o Eurocode,
apresentaram resultados um pouco mais dispersos e mais conser-
vadoras, o que levou a maior penalizagéo, piorando seu desempe-
nho segundo o critério de Collins.

6. Conclusoes

E

Este artigo apresenta uma revisdo das evidéncias experimen-
tais disponiveis sobre a resisténcia a pungéo de sapatas de
concreto armado sem armaduras de cisalhamento, que séo
elementos de fundagdes muito utilizados em pequenas e em
grandes estruturas. A revisao minuciosa destes resultados per-
mitiu a montagem de um banco de dados, que foi utilizado para
avaliar o desempenho das normas ACI 318 [5], EUROCODE 2
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Figura 10

[2] e ABNT NBR 6118 [6]. As analises realizadas e apresenta-

das permitem concluir que:

1. Os resultados mostram que o tipo de sistema de ensaio usado
para simular, no laboratério, o comportamento real de sapatas,
influencia na resisténcia ultima a pungao.

2. O Eurocode 2, que apresenta um método interativo de cal-
culo mais complexo que os apresentados pelo ACI e NBR,
mostrou-se ligeiramente menos disperso que as demais nor-
mas, tendo um melhor desempenho segundo o critério de
COLLINS [7].

3. O ACI 318 mostrou uma forte tendéncia de apresentar esti-
mativas de resisténcia a pungao contra a seguranga para os
casos de sapatas espessas, mostrando-se conservador para
as situagoes gerais.
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Comparacdo dos resultados experimentais com as recomendacdes do Eurocode 2 [2]
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