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Editorial

The fifth issue of the 2019 volume of the IBRACON Structures and Materials
Journal (RIEM, Volume 12, Issue 6, October 2019) is released with twelve articles
on structural concrete. The main objective of the first article is the implementation
of a finite element model for nonlinear numerical analysis of concrete slabs with
steel decking. The second article presents a nonlinear static analysis using a case
study of a pile-supported wharf in a new oil tankers port. An experimental program
on reinforced concrete masonry beams is described in the third article, aiming at
a better understanding of the behavior of reinforced masonry beams. The work
described in the fourth article investigates the influence of the instability parameter of
reinforced concrete frame-braced buildings. The fifth article discusses the behavior
of single-storey, single-bay reinforced concrete infilled frames with masonry panel
subjected to static horizontal load. The sixth article aims at an evaluation of the
reliability indexes of reinforced concrete beams designed in accordance with
Brazilian Code NBR-6118:2014 with respect to the ultimate limit state. The objective
of the seventh article is to analyze the influence of concrete compressive strength in
columns for the design of a multi-storey building, using a CAD/TQS computational
tool. In the eighth article, results of uniaxial compression tests and indirect tensile
tests, using cylindrical samples, are reported. These tests confirm that both the
unconfined compressive strength and the indirect tensile strength determined on
cylindrical samples are influenced by the angle between the sample axis and the
orientation during casting. The ninth article presents the development of a truss-
type shear connector proposed for a concrete-steel composite beam. The tenth
article investigates the use of semi-continuity in simply supported composite steel
and concrete beams, to remove fireproof coatings for standard-fire resistance
requirement of fewer than 30 minutes. The eleventh article presents a comparative
analysis between two model hierarchies commonly applied in tunnel structural
design: continuum ground models and bedded-beam models. The main objective
of the last article is to carry out a comparative analysis between the methods
and provisions of the Brazilian code ABNT NBR 15421:2006 and those of the
ASCE/SEI 7 and the Eurocode 8, on the seismic design of structures.

We acknowledge the dedication of authors and reviewers for this issue.

The Editors
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Aims and Scope

Aims and Scope

The IBRACON Structures and Materials Journal is a technical and sci-
entifical divulgation vehicle of IBRACON (Brazilian Concrete Institute).
Each issue of the periodical has 5 to 8 papers and, possibly, a techni-
cal note and/or a technical discussion regarding a previously published
paper. All contributions are reviewed and approved by reviewers with
recognized scientific competence in the area.

Objectives
The IBRACON Structures and Materials Journal’s main objectives are:

» Present current developments and advances in the area of concrete
structures and materials;

* Make possible the better understanding of structural concrete
behavior, supplying subsidies for a continuous interaction among
researchers, producers and users;

+ Stimulate the development of scientific and technological research
in the areas of concrete structures and materials, through papers
peer-reviewed by a qualified Editorial Board;

» Promote the interaction among researchers, constructors and users
of concrete structures and materials and the development of Civil
Construction;

» Provide a vehicle of communication of high technical level for
researchers and designers in the areas of concrete structures
and materials.

Submission Procedure

The procedure to submit and revise the contributions, as well as the for-
mats, are detailed on IBRACON'’s WebSite (www.ibracon.org.br). The
papers and the technical notes are revised by at least three reviewers
indicated by the editors. The discussions and replies are accepted for
publication after a revision by the editors and at least one member of
the Editorial Board. In case of disagreement between the reviewer and
the authors, the contribution will be sent to a specialist in the area, not
necessarily linked to the Editorial Board.

Contribution Types

The periodical will publish original papers, short technical notes and
paper discussions. Announcements of conferences and meetings, in-
formation about book reviews, events and contributions related to the
area will also be available in the periodical’'s WebSite. All contributions
will be revised and only published after the Editorial and Reviewers
Boards approve the paper. Restrictions of content and space (size)
are imposed to the papers. The contributions will be accepted for re-
view in Portuguese, Spanish or English. The abstracts are presented
in Portuguese or Spanish, and in English, independently of the lan-
guage in which the paper is written. After the review process, papers
originally written in Portuguese or Spanish should be translated into
English, which is the official language of the IBRACON Structures and
Materials Journal. Optionally, papers are also published in Portuguese
or Spanish.

Original papers will be accepted as long as they are in accordance with
the objectives of the periodical and present quality of information and
presentation. The instructions to submit a paper are detailed in the tem-
plate (available on IBRACON'’s WebSite).

The length of the papers must not exceed 20 pages.

A technical note is a brief manuscript. It may present a new feature of
research, development or technological application in the areas of Con-
crete Structures and Materials, and Civil Construction. This is an oppor-
tunity to be used by industries, companies, universities, institutions of
research, researchers and professionals willing to promote their works

and products under development. The instructions to submit a technical
note are detailed on IBRACON'’s WebSite.

A discussion is received no later than 3 months after the publication of
the paper or technical note. The instructions to submit a discussion are
detailed on IBRACON'’s WebSite. The discussion must be limited to the
topic addressed in the published paper and must not be offensive. The
right of reply is guaranteed to the Authors. The discussions and the re-
plies are published in the subsequent issues of the periodical.

Internet Access
IBRACON Structural Journal Page in http://www.ibracon.org.br

Subscription rate

All IBRACON members have free access to the periodical contents
through the Internet. Non-members have limited access to the pub-
lished material, but are able to purchase isolated issues through the In-
ternet. The financial resources for the periodical’s support are provided
by IBRACON and by research funding agencies. The periodical will not
receive any type of private advertisement that can jeopardize the cred-
ibility of the publication.

Photocopying

Photocopying in Brazil. Brazilian Copyright Law is applicable to users in
Brazil. IBRACON holds the copyright of contributions in the journal un-
less stated otherwise at the bottom of the first page of any contribution.
Where IBRACON holds the copyright, authorization to photocopy items
for internal or personal use, or the internal or personal use of specific
clients, is granted for libraries and other users registered at IBRACON.

Copyright

All rights, including translation, reserved. Under the Brazilian Copyright
Law No. 9610 of 19th February, 1998, apart from any fair dealing for
the purpose of research or private study, or criticism or review, no part
of this publication may be reproduced, stored in a retrieval system, or
transmitted in any form or by any means, electronic, mechanical, photo-
copying, recording or otherwise, without the prior written permission of
IBRACON. Requests should be directed to IBRACON:

IBRACON

Rua Julieta do Espirito Santo Pinheiro, n° 68 ,Jardim Olimpia,
Séao Paulo, SP — Brasil CEP: 05542-120

Phone: +55 11 3735-0202 Fax: +55 11 3733-2190

E-mail: arlene@ibracon.org.br.

Disclaimer

Papers and other contributions and the statements made or opinions
expressed therein are published on the understanding that the authors
of the contribution are the only responsible for the opinions expressed in
them and that their publication does not necessarily reflect the support
of IBRACON or the journal.



Objetivos e Escopo

A Revista IBRACON de Estruturas e Materiais € um veiculo de divulga-
¢ao técnica e cientifica do IBRACON (Instituto Brasileiro do Concreto).
Cada numero do periddico tem 5 a 8 artigos e, possivelmente, uma nota
técnica e/ou uma discussao técnica sobre um artigo publicado anterior-
mente. Todas as contribuicbes sao revistas e aprovadas por revisores
com competéncia cientifica reconhecida na area.

Objetivos

Os objetivos principais da Revista IBRACON de Estruturas e Mate-

riais sdo:

» Apresentar desenvolvimentos e avangos atuais na area de estruturas
e materiais de concreto;

« Possibilitar o melhor entendimento do comportamento do concreto
estrutural, fornecendo subsidios para uma interagédo contribua entre
pesquisadores, produtores e usuarios;

» Estimular o desenvolvimento de pesquisa cientifica e tecnolégica
nas areas de estruturas de concreto e materiais, através de artigos
revisados por um corpo de revisores qualificado;

» Promover a interagdo entre pesquisadores, construtores e usuarios de
estruturas e materiais de concreto, e o desenvolvimento da
Construgéo Civil;

» Prover um veiculo de comunicagao de alto nivel técnico para
pesquisadores e projetistas nas areas de estruturas de concreto
e materiais.

Submissio de Contribuigcoes

O procedimento para submeter e revisar as contribuigbes, assim
como os formatos, estdo detalhados na pagina Internet do IBRACON
(www.ibracon.org.br). Os artigos e as notas técnicas sao revisadas por,
no minimo, trés revisores indicados pelos editores. As discussdes e
réplicas sédo aceitas para publicagdo apds uma revisédo pelo editores
e no minimo um membro do Corpo Editorial. No caso de desacordo
entre revisor e autores, a contribuicdo sera enviada a um especialista
na area, nao necessariamente do Corpo Editorial.

Tipos de Contribuigao

O periédico publicara artigos originais, notas técnicas curtas e dis-
cussdes sobre artigos. Anuncios de congressos e reunides, informa-
¢ao sobre revisdo de livros e contribuigdes relacionadas a area se-
rdo também disponibilizadas na pagina Internet da revista. Todas as
contribuigdes serao revisadas e publicadas apenas apos a aprovagao
dos revisores e do Corpo Editorial. Restrigbes de contelido e espago
(tamanho) sdo impostas aos artigos. As contribuicdes serao aceitas
para revisdo em portugués, espanhol ou inglés. Os resumos serdo
apresentados em portugués ou espanhol, e em inglés, independen-
temente do idioma em que o artigo for escrito. Apds o processo de
reviséo, artigos originalmente escritos em portugués ou espanhol de-
verao ser traduzidos para inglés, que é o idioma oficial da Revista
IBRACON de Estruturas e Materiais. Opcionalmente, os artigos sao
também publicados em portugués ou espanhol.

Artigos originais serdo aceitos desde que estejam de acordo com os
objetivos da revista e apresentam qualidade de informagéo e apresen-
tagdo. As instrugdes para submeter um artigo estdo detalhadas em um
gabarito (disponivel no sitio do IBRACON).

A extensao dos artigos ndo deve exceder 20 paginas.

Um nota técnica é um manuscrito curto. Deve apresentar uma nova linha
de pesquisa, desenvolvimento ou aplicagdo tecnoldgica nas areas de
Estruturas de Concreto e Materiais, e Construgao Civil. Esta € uma opor-
tunidade a ser utilizada por industrias, empresas, universidades, institui-

¢Oes de pesquisa, pesquisadores e profissionais que desejem promover
seus trabalhos e produtos em desenvolvimento. As instrugdes para sub-
misséo estao detalhadas na pagina de Internet do IBRACON.

Uma discusséo é recebida ndo mais de 3 meses ap6s a publicagéo
do artigo ou nota técnica. As instrugdes para submeter uma discusséo
estdo detalhadas na pagina de Internet do IBRACON. A discusséo deve
se limitar ao tépico abordado no artigo publicado e ndo pode ser ofen-
sivo. O direito de resposta é garantido aos autores. As discussodes e
réplicas sédo publicadas nos numeros subseqlientes da revista.

Acesso via Internet

Pagina da Revista IBRACON de Estruturas e Materiais em
http://www.ibracon.org.br

Assinatura

Todos os associados do IBRACON tém livre acesso ao conteudo do
periddico através da Internet. Nao associados tém acesso limitado ao
material publicado, mas podem adquirir nimeros isolados pela Inter-
net. O financiamento para suporte a revista é provido pelo IBRACON
e por agéncias de financiamento a pesquisa. A revista ndo recebera
qualquer tipo de anuncio privado que possa prejudicar a credibilidade
da publicagao.

Fotocopias

Fotocopias no Brasil, A Lei Brasileira de Direitos Autorais € aplicada a
usuarios no Brasil. O IBRACON detém os direitos autorais das contri-
bui¢cdes na revista a menos que haja informagéo em contrario no ro-
dapé da primeira pagina da contribuicdo. Onde o IBRACON detém os
direitos autorais, autorizacédo para fotocopiar itens para uso interno ou
pessoal, ou uso interno ou pessoal de clientes especificos, é concedida
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Direitos autorais

Todos os direitos, inclusive tradugéo sao reservados. Sob a Lei de Di-
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nhuma parte desta publicagéo pode ser reproduzida, arquivada em sis-
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eletrénico, mecanico, fotocdpia, gravagéo ou outros, sem a autorizagéo
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ao IBRACON:

IBRACON
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Aviso Legal
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ou da revista.
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Abstract

The composite slabs behavior is governed by longitudinal shear at the interface between the steel deck and concrete, which is developed in slabs
under simple bending. The m-k method and the partial connection method, that are used in the evaluation of shear strength at the steel-concrete
interface of composite slabs, are based on expensive and long-term experimental tests. The main objective of this work is to implement a finite
element model for nonlinear numerical analysis of concrete slabs with steel decking. For this, flat shell elements are implemented, considering
Reissner-Mindlin and Kirchoff plate theories, bar elements, considering the beam theory of Tymoshenko, and interface elements. In the numerical
analyzes presented in the present work, the steel deck and the concrete slab, of thickness given by the total height of the slab less the height of the
steel deck, are modeled with flat shell elements. The concrete rib is modeled with bar elements. The contact between steel deck and concrete is
modeled through interface elements. The geometric and material nonlinearities are considered in the numerical analysis. The analyzed examples
validate the numerical model suggested in this work, presenting the advantage of using a two-dimensional discretization of the problem while in
comparative numerical models are uses a three-dimensional discretization of the concrete slab.

Keywords: composite slabs, flat shell elements, partial connection, longitudinal shear.

Resumo
[

O comportamento das lajes mistas é governado pelo cisalhamento longitudinal na interface entre o ago e o concreto, que é desenvolvido em
lajes sob flexao simples. O método m-k e o método da interagéo parcial, utilizados no calculo da resisténcia ao cisalhamento na interface ago-
-concreto de lajes mistas, sdo baseados em ensaios experimentais caros e de longa duragdo. O objetivo principal desse trabalho é implementar
um modelo de elementos finitos para analise numérica nao linear de lajes de concreto com férma de ago incorporada, para isso sao implemen-
tados elementos planos de casca, considerando as teorias de placa de Reissner-Mindlin e Kirchoff, elementos de barra, considerando a teoria
de viga de Timoshenko, e elementos de interface. Nas analises numéricas apresentadas nesse trabalho a forma de ago e a laje de concreto, de
espessura dada pela altura total da laje menos a altura da forma de ago, sdo modeladas com elementos planos de casca. A nervura de concreto
€ modelada com elementos de barra. O contato entre a férma de aco e o concreto € modelado através de elementos de interface. As néo linea-
ridades geométrica e fisica sdo consideradas na analise numérica. Os exemplos analisados validam o modelo numérico sugerido neste trabalho
apresentando a vantagem de usar uma discretizagao bidimensional do problema enquanto os modelos numéricos comparativos utilizam uma
discretizacao tridimensional da laje de concreto.

Palavras-chave: lajes mistas, elementos planos de casca, conexdo parcial, cisalhamento longitudinal.
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1. Introduction

EE

The composite slabs consist of a cold-formed steel profiled sheet-
ing, known as steel deck, and a concrete slab. The steel profiled
sheeting should be designed to support the construction loads
and, after the concrete has hardened, act as part or all the tensile
reinforcement. The concrete must be designed to support com-
pression and vertical shear stresses. This structural system arised
in the late 1930s and became popular during the late 1980s [1].
The composite slabs began to be used in Brazil in the 1990s and
have been popularized ever since [2].

The most common failure mechanism in composite slabs is lon-
gitudinal shear failure at the interface between the steel and con-
crete. There are several factors that influence the longitudinal shear
strength of the interface, such as the steel sheeting and the concrete
slab thicknesses, the geometry of the steel sheeting, the depth and
slope of the embossments and the distance between them, the load
configuration, the type of anchorage at the ends and the shear span.
The main characteristic of failure mechanism due to longitudinal
shear is the sliding of the concrete over the steel decking that occurs
for a load much smaller than the corresponding load to the flexural
strength [1]. The NBR 8800 [3] and EUROCODE 4 [4] recommend
the m-k method and the partial connection method to verify this fail-
ure mechanism. These methods rely on real-scale experimental tri-
als, which are expensive and time-consuming. The values of m and
k are different for each type of steel sheeting requiring experimental
tests for each variation of the profiled steel sheet [5].

The numerical analysis of composite slabs using the finite element
method is proposed as an economical alternative to the real-scale
bending tests, enabling a reduction in these tests’ frequency [6]. The
authors point out that the correct modeling of the shear stress ver-
sus shear stress curve at the steel-concrete interface is the factor
that most affects the accuracy of numerical results. A method depen-
dent of few parameters for the modeling of the shear stress versus
slip curve is also proposed [7].

In most numerical analysis papers of composite slabs [7, 8, 9, 10, 11
and 12] the authors simulate the concrete slab by three-dimensional
elements, the steel decking by flat shell elements, and the connec-

tion by using interface elements. In this paper only flat shell ele-
ments, beam elements and interface elements are used, providing
an analysis of lower computational cost than to the that uses three-
dimensional discretization of the concrete part of the composite slab.
In a new type of composite slabs, proposed by Ferrer et al. [13], it
is suggested altering the trapezoidal steel sheeting, replacing the
embossments by holes in the inclined parts of the steel decking.
According to the obtained results, this type of bonding is equivalent
to the total connection between the materials, because the rupture
of the slabs occurred with the total plastification of the sections.
This paper considers the physical nonlinearity the flat shell ele-
ment and it is subdivided into layers which are considered in a
plane state plane of stress and may have different mechanical
characteristics. For the case of the flat shell element in reinforced
concrete, the steel reinforcements are considered as equivalent
steel layers with stiffness only in the direction of the reinforcement.
This nonlinear physical model for the flat shell element of concrete
has been used previously [14,15, 16 and 17].

In the flat shell element formulation, the plate theories of Reissner-
Mindlin and Kirchhoff are considered. The Reissner-Mindlin theory
can generate numerical errors in the analysis of thin plates with
low discretization due to non-compatibility of the form functions
in evaluating the shear deformation, which in these cases tends
to be very small. This shear locking is not verified in Kirchhoff's
plate theory, although the formulation for this theory is somewhat
more complex, as the rotations are associated with the derived of
the perpendicular displacement to the plane of the plate. Details
of some formulations of flat shell element considering Kirchhoff's
plate theory can be found elsewhere [18, 19, 20 and 21].

2. Composite slabs contact

mechanism behavior
EE
The behavior of the contact interface between the steel decking
and the concrete of composite slabs has been extensively studied.
From the experimental tests, pull-out test, push-off test and bend-
ing test, the data require to generate curves that relate the longitu-
dinal slip with the shear stress were obtained [22].

Distabution beam Load Cell
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<
o
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+
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Figure 1
Set up of the bending test (adapted from [9])
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Figure 2
Determination of the parameters m and k [3]

The main problem of both pull-out and push-off tests is that, they
do not capture the curvature effects due to bending of the slab
and of the ratio between the length of shear span and the effective
concrete thickness [6]. Therefore, it is suggested the bending test
shown in Figure 1 which consists in the application of two sym-
metrical loads according to the supports of the composite slab sub-
jecting it to pure and simple bending. As a result of this test, the pa-
rameters m and k used to determine the design longitudinal shear
force (Eq. 1) of composite slabs using the studied steel sheeting
are determined. In Eq. 1, dp is the distance from the upper face of
the concrete slab to the geometric center of the effective section of
the steel sheeting, b is the slab unit width, L _is the shear span and
A, is the area of the effective section of the steel sheeting.

()1

In the m-k method, the Eq. 1 is rewritten as a linear equation, m
being the angular coefficient and k the linear coefficient [23]. With
this consideration, two groups of three tests are analyzed for each
steel decking model, as indicated in Figure 2, by regions A and B.

V = bd,

Shell element for rhe, ="

- . Zconcrete slab _ -
P -

——

-
\

)
Interface element to connect

two shell elements
A
' = —_— -
’ Beam element for
( . concrete ob
She]?elemm: for . 7™~ e - Iaterface element to
steel decking “x connect beam to shell
Figure 4

Figure 3
Composite slab model

Both groups are defined in such a way that one group is formed
by compact composite slabs and the other of slender composite
slabs. With the values obtained from the tests, a linear regression
is done using the least squares method, and the parameters m and
k are generated, as shown in Figure 2.

The bending test for the study of mechanisms that influence the
transfer of longitudinal shear in composite slabs were used [1 and
8]. A methodology for the three-dimensional nonlinear modeling of
the pull-out test to simulate the slip behavior on the contact con-
sidering it with friction was also used [24]. It was concluded that
the parameters that most influenced the slip resistance are the
embossments transversal slope, the steel sheeting thickness and
the friction surface conditions. Other authors [25, 26 and 27] have
shown that the ends anchoring the composite slabs improve their
structural behavior.

3. Computational implementation
EE

In Figure 3 it is shown the discretization of a composite slab in
flat shell elements, beam elements and interface elements. In this
figure the composite slab has simple supports at the ends, perpen-
dicular to the direction of the ribs and is free in the remainder of its
contour. Therefore, the composite slab tends to flex only in the yz
plane of the figure. Due to this, together with the symmetry of the
conditions of support and loading, only one rib of the composite
slab and half of its span is simulated.

Figure 4 includes the elements used in the discretization of the
composite slab. Two interface elements are used to model the
steel-concrete interface, one that connects two flat shell elements

(represented in the slab’s mid plane)

------------------------------- 3 Cross
\/ Shell element for the concrete slab / section

e_l\_ Shell-shell
mtecface

element

I

Shell element for

steel deckmg Beam element to

concrete ob

Intesface element to
connect beam to shell

o

Representation of the used elements: (a) perspective view, (b) plane xz view
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Figure 5
Flat shell element with nine nodes and divided
in layers

and the other that connects beam element to the shell element. In
the case of the interface element connecting the concrete rib to the
concrete slab the rib there is no sliding plane in that interface and a
high value is attributed to the stiffness of the connection.

In the following items the formulations of the used elements in
slabs numerical simulation are shown. Further formulations details
can be formed elsewhere [28 and 29].

3.1 Thick flat shell element

The thick flat shell element implemented for the nonlinear analy-
sis of composite slabs includes nine nodes, five degrees of free-
dom per node at the local level, as shown in Figure 5. Physical
nonlinearity is considered by dividing the section into several
layers, as given by Huang et al. [17]: (i) The elements are com-
posed of layers of steel or concrete, and sliding between the
layers is prevented; (ii) Each layer may have different mechani-
cal properties and independent stress-strain relationships; (iii)
The reinforcements are considered as an equivalent layer of
steel with stiffness only in the bar direction; (iv) The concrete
layers are in a plane stress state and the concrete is considered
orthotropic after cracking.

According to the kinematic assumptions of Reissner-Mindlin
plate theory, a point in the domain of the plate element can
move according to Equations 2 to 4. In these equations uf’ v°
and w? are the translations of the reference plane of the flat
shell element in the directions x, y and z. 6, and 6, are the rota-
tions of the sections with respect to the x and y axes. z is the
position of the fiber in relation to the average surface along the
thickness of the flat shell element where it is desired to evaluate
the displacements. To facilitate notation, the zero superscript is
omitted in the following equations.

u(x,y,2) = u’(x,y) +26,(x,y) )
v(x,y,2) = v°(x,y) — 26, (x, ) ®)
w(x,y,2) = w(x,y) O]

Applying Equations 2 to 4 to the Green-Lagrange strain-displacement
relationship &= %(uw + U + WU ) and neglecting the variation

of w with z, Von Karman’s hypotheses, it is obtained the strain equa-
tions reacted nonlinearly with displacements (geometric nonlinearity).
The stress-strain relationships for the concrete used in this paper
are the models defined by the European Concrete Committee [30].
For the behavior of the concrete after the cracking, a bi-linear mod-
el was adopted for the degradation of the elasticity modulus similar
to that suggested by Rots et al. [31] and used by Huang et al. [17].
In the case of reinforced concrete, the steel of the reinforcing bars
is considered perfectly plastic elastic.

For nonlinear analysis of the problem, an incremental method with
displacement control is used in this paper. In the used method, a
small step size is adopted, and a correction is made at each step
in the stiffness matrix by calculating the mean tangent [28]. In the
displacements increments of this method is considered linear ma-
terial with modulus of elasticity given by the tangent to the stress-
strain curve and valid the Hooke’s law constitutive relation for the
analyzed problem.

The concrete has orthotropic behavior after cracking or crushing.
Considering the layers in stress plane state, the principal directions
indicated in this paper by subscripts 1 and 2 are defined. If the
principal deformations (g, and ¢,) are within the failure region, the
concrete is considered orthotropic with the decoupled stress-strain
relationship for the principal directions as given by the constitutive
matrix given by Eq. 5.

E, © 0 0 0
E, 0 0 0
1
Dy, = 5G+6) 00 Q)
G, 0
Sim. G

2

In the previous equation, E, and E, are given by the tangents of the
concrete stress-strain curve at points € = €, and € = ¢,, respectively.
Already G, =0.5E,/(1+v)and G,=0.5E,/(1 + V). ¢ is the angle
of rotation of the principal axes in relation to the x and y axes, the
stiffness matrix in the direction of the orthogonal axes x and y can
be obtained from D, .

Dll D12 Dl3 0 0
Dy, Dy3 O 0
D,, = D3y 0 0 ©
Dys Dys
Sim. Dss

In Eq. 6,
Dyy = Eycost*p + Eysin* + 3(G1 + Gy)sin®(2¢)

Dy = gsin® (2¢)(Ey + Ez = 4(Gy + G),
D3 = %sinqu(Elcosztp — Eysin®g — (Gq + G,) cos(2¢)),
1
Doy = Eqsin¢ + Eycos*p + (61 +G) sin®(2¢),
1.2 2 2
Da3 = 5sin“@(E1sin“¢ — E;cos°g + (G1 + Gy) cos(2¢)),

D33 = 3sin’ (2¢) (1 + E3) +3(G1 + Gz)cos*(2),
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D4y = Gcos’p + Gysin®¢
Dys = 2(G1 — G)sin(2¢), and Dsg = Gysin*p + Gycos?p.

For the particular case of isotropic material, observed when the
principal deformations are outside the concrete failure region,
E1=E2=E, G1=G2 =G and the D, matrix of Eq. 6 reduces the
traditional shape of the constitutive matrix of Hooke’s general law
for the problem in question.

From a virtual deformation field compatible with the flat shell ele-
ment and applying the virtual works principle arrives at the internal
forces vector given by the following equation.

N®, +N,®,
Ny, + N,y ®,
f,.= f j Q@+ Q) @y + WN, @, +wyN, @+ Ny (W, @, +w,8,) aa (7)
A My, - M@, -0, &

M@, +My®,+0,P

InEq.7, N, N, N, Q, Q, M, M and M, are scalars given by
the forces per unit length obtained from the integral along the thick-
ness of the normal and shear stresses in the orthogonal section.
Considering that the Reissner-Mindlin’s plate theory is used in this
formulation, translational and rotational displacements can be in-
dependently interpolated, so the interpolation functions for the ele-
ment are given by biquadratic polynomials (N, i =1, ..., 9) in rela-
tion to parametric coordinates. The term @ in Eq. 7 is a nine-term
vector formed by these polynomials.

To solve the nonlinear equilibrium problem f_ -f_ =0, the Newton-
Raphson method is used. Thus, the tangent stiffness matrix must be

obtained. Being fext constant with respect to nodal displacements,

afirut

the tangent stiffness matrix is given by K = 3q

aN\" N, \"
q)'x(aq) +¢'y< q

N\ N\’
0,22 10, (2

3Q,\" aQ,\"
K= 'ﬂ- q)'x( Qxy) 4 q)'y( Qyz) + OV, + q)‘yl.pz dA (8)
M T

/ oq aq
o (M) _ o (M ! (7% !
*\ aq 7\ oq oq
am,\" oM, \" aQ.\"
i Xy “Xxz
q’"‘( 6q> +¢'y< q ) +¢< oq )
In Eq. 8, qis a column vector with 45 terms representing the nodal

displacements of the shell element, ¥, and ¥, are column vectors
with 45 terms as shown in the following expressions.

T T
aw aN aw aN
Wy, = <—"‘Nx + —"w,x> + (—'nyy + —"yw,y>

aq aq aq aq
ow aN, \" (ow aN T
p, — B, y XN xy
= (B 2 ) (B 4 2,

3.2 Thin flat shell element

The finite element implemented for the thin flat shell analysis is
the four-node rectangular element with five degrees of freedom

per node, three translations and two rotations. It is based on the
element presented by Razaqpur et al. [21], named IDKQ and de-
veloped from the discrete hypotheses of Kirchhoff. Different from
the Razaqpur element, the element implemented in this paper con-
tains the translation degrees of freedom in x and y directions, as
the nonlinear analysis and joint action of the concrete slab and the
steel sheeting do not allow to know the position of the neutral plane
for which the displacements are zero.

The four-node element for analysis of thin flat shells is developed
from the thick flat shell element of the previous item by eliminat-
ing of the vertical translation degree of freedom. The formulation
is developed for the nine-node element and the displacements
found are transformed to the four-node element through a trans-
formation matrix.

As for the flat-shell element (item 3.1), the displacements for the
thin shell element are given by Egs. 2 to 4. Assuming now that
8,=w, and B =w,, itis assumed that e , = ¢ = 0, and the other
strains are given by equations 9 to 11. It is observed from these
equations that the transverse displacement is no longer an explicit
unknown of the problem, this being the only difference in the for-
mulations in that first part.

E=Uy+20,,+ %9)2, ©
& =V, +2z0,,+ %H,ZC (10)
Exy = %(uy +20y, + v, — 20y, — eyex) an

Following the same line of reasoning in item 3.1 to obtain the weak
formulation of the internal virtual work and equating to the external
virtual work arrives at the vector of internal forces for the thin shell
element given by the following equation.

N®, + N, @,
; ﬂ Ny®, +N,®,
it~ J| \-M,®, - M®,+0,N,®—6,N,o

M,®,+M,,®,+0,N,®—0,N,,®

dA (12)

Different from item 3.1, the vector ® representing the form func-
tions evaluated at a given point has 36 terms, as the degrees of
freedom relative to the vertical displacement are not being consid-
ered in this formulation. However, for the other degrees of freedom
the form functions are the same as in item 3.1. Analogous to item
3.1, the tangent stiffness matrix is given by the vector of internal
forces in relation to the nodal displacements.

T T
aN, N,
¢,x(aq> +¢,y( -
N\ aN,\"
o, (=2 +o (=2
P aq "y aq
k= . 7 aa
P |-e, (M) g (M +¥
X aq Y aq 1
am,\" aM,,\"
My xy
7¢,X(aq) +¢,y( aq) + |
The thin flat shell element formulation developed in this item thus

far is based on the formulation of the thick flat shell element of item
3.1. The Kirchhoff hypotheses are forced by making the degrees

(13)
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/MY

Figure 6
Element-side coordinates (adapted of [21])

of freedom of rotation equal to those derived from the vertical dis-
placement, and thus canceling the shear stresses. However, the
obtained formulation cannot be used because its form functions
consider independence of the rotations in x and y, which in Kirch-
hoff’s theory does not happen. Razagpur et al. [21] defined a trans-
formation matrix that alters the formulation obtained so far in a
consistent formulation for a four-node thin flat shell element. This
transformation matrix is shown below and, unlike Razagpur, in this
paper it is considered the membrane effect.

To write the displacements of the four-node element, it is re-
quired to do a conversion through a transformation matrix (T __),
so that: q =T __ p, nis the number of degrees of freedom of the
9-node element, m is the number of degrees of freedom of the
4-node element,

qQ"={u1 v U vy o vy Oy o Oy Oy 09}, and
pl={u1  u v - vy Wy Oy Oy o Wy O 604},
A side of the nine-node quadrilateral element is shown in Figure
6. Using an interpolation function that associates the vertical dis-
placement along the axis i-j and its derivative with respect to the
variable along this axis, it can be relate the vertical displacement
and its derivatives in the nodes i-j with the rotations of the element
of nine nodes.

For directions u and v, the displacements of the vertices of the nine-
node element are equal to the displacements of the vertices of the
four-node element. For the central nodes on each side of the nine-
node element, the displacements u and v, are calculated by the
mean of the displacements of the nodes of the vertices of the four-
node element. That is, u,=(u,+u;)/2. For node 9, inner node of the
quadrilateral element, the displacements u and v are calculated by
using of the displacements of the central nodes of the element con-
tour, which were calculated using the mean of the vertex nodes of
the element, thus: u=(u, +u,+u,+u, )4 and v,=(v, +v, +v +v)/4.

8 8 8
» > »
won AT i AT wip A
v v W
) 2558 2558,
“f xl ug lr2 R; z3

Figure 7
Beam element’s degrees of freedom
and stress in an infinitesimal element

The subscript * indicates displacements in the four-node element,
that is, terms of the vector p.

Given T, the tangent stiffness matrix for the four-node element
is given by K'_ =T" K T _ - K_ is the stiffness matrix of the
9-node element given by Eq. 13. The transformation matrix T
required to transform the stiffness matrix of the 9-node element to

the 4-node element is formed by 36 rows and 20 columns.
3.3 Beam element

In the composite slab numerical simulation, the concrete ribs are
simulated by beam elements. The Figure 7 shows the degrees of
freedom considered in implementing the beam element and the
stress that arise in an infinitesimal element of the beam. It is ob-
served that the degrees of freedom of the beam element are the
same as those adopted for the flat shell element.

Considering the kinematic hypotheses of Tymoshenko’s beam the-
ory and the approximation that a torsional stress does not cause
displacements outside the torsion plane, the following equations of
displacement are defined.

u(x,y,2) = u®(x) + 20, (x) (14)
v(x,y,2) = v°(x) = 26,(x) (1%)
w(x,y,2) = w(x) + y8,(x) (16)

By defining the internal forces in the cross-section of the beam
element N = [,0 dA, N, = [(tdA, N =] dA M =0 zdAand
T =&y - T,2)dA, and approaching the equations of displace-
ments by functions of forms associated with nodal displacements,
are generated Eq. 17 and 18, for the weak formulation of the virtual
work and tangent stiffness matrix, respectively. In both equations,
@ it is a vector that represents the form functions given by qua-
dratic polynomials for the axial, transverse and rotational displace-
ments, q = [u; v, w, 8, 6 ]" with i varying from 1 to 3 (number of
nodes of the bar element) represents the degrees of freedom of
the bar element.

Nxd),x

Ny ® .
fint = f %Nxzcb,x + Nx(D,xW,x dx (] 7)
L Tx(D,x

M, ®, +3N,,®

dx (18)
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3.4 Interface element

For the simulation of the deformable connection between concrete
slab and steel sheeting, the interface element shown in Figure 8
is used. This element connects the beam element that represent
the concrete rib to the flat shell elements of concrete and steel.
The interface element used to connect concrete flat shell elements

IBRACON Structures and Materials Journal * 2019 « vol. 12+ n° 5

Iesssssss———— 077



Nonlinear numerical analysis of composite slabs with steel decking

: 8,
J p
Wy W 71"' wip A e
}G
5358,
z:;' 6

4

Z Y
[

o 9.1'1 5-"2 5-‘*3
Wy y@o w;y‘? o W?]/@ o
1., 2 3
0 8 e & 2 By,
Figure 8

Interface element's degrees of freedom [29]

to steel flat shell elements is similar thereto. For further details of
these elements refer to Silva and Dias [29].

As ue(%,,2) = ub(x) + 20,,(x) and v,(x,y,2) = v — 28,,(x), the
displacements equations in x and y directions for the above
(. = 1) and below (a = 2) elements of the contact interface, and
considering w_ (x,y,z) = w_° (x) +y® (x) as the displacement equa-
tion in the z direction, Equations 19-21 for relative longitudinal
displacements (x-direction), transverse (y-direction), and vertical
(z-direction) of the interface element of Figure 8, is generated.

5100 = u§ (1) = uf (1) = (v, = )62 (x) = (d = 1)1 (%) (19)

s:(x) = v3(0) = v} () + (v, = )0,2(x) + (d = ¥,)0,1 (%) (20)

@

Sv(x) = W(Z)(x) - W?(X‘) + (0, () — 011 (x))

The relative displacement in the x-direction and the variables ap-
pearing in Equations 19 to 21, d, y, and y,, are shown in Figure 9.
The superscript © indicates displacement on a plane or an adopted
reference axis. This index will be omitted from the equations below
to facilitate the notation.

Defining S, V, and N, forces per unit length in the direction of
u, v and w, respectively, b the width of the contact represented
by the interface element, then Sb /b provides the shear stress in
the longitudinal direction of the contact. Since N, =JN,dy and
N2 = IbNbdy, @ is a vector where its terms are functions of quadratic
polynomials, q is the vector of nodal displacements, Eq. 22 and 23

for the internal forces vector and the tangent stiffness matrix of the
interface element are generated.
-5,®
—V,®
—Ni®
[(d~y,)V, — N]®
0=DS,®
Sp®
V,®
Nid
(v, — )V, + N @
(@ =y,)S®
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dx 2)

fine =
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dx (23)
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dq
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4. Numerical analysis
—

For the validation of the analysis model and the finite ele-
ments suggested in this paper, numerical and experimental

w
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Figure 9

Longitudinal slip
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Steel deck dimensions [9] (dimensions in mm)

published results that are used.

presented below.

Three examples are

4.1 Example 1: bending test

A typical bending test of composite slabs, as shown in Figure 1, is
modeled. The slab was studied experimentally by Chen [25] and
numerically analyzed by Chen and Shi [9]. Two analysis are per-
formed. In the first, two thin flat elements are used, one for modeling
the steel sheeting and the other for the concrete slab above the rib,
as shown in Figure 4. In the second analysis, the thick flat shell ele-
ment is used to model the concrete slab above the rib and the thin
flat shell element to model the steel sheeting. In both analysis, the
rib is simulated by the beam element and the connection between
the different elements and the simulation of the deformable connec-
tion is made by the interface elements shell/shell and beam/shell.
The slab is 0.914 m wide, 2.6 m long and two loads are applied fol-
lowing the indicated for the bending test (shown in Figure 1), with
a shear span of 0.65 m. The total concrete thickness is 165 mm. A
detail of the steel sheeting having a thickness of 0.9 mm is shown
in Figure 10.

Figure 11 shows the discretization of the composite slab, to the
interface elements are in gray. The stress-strain curves described
in the formulations of the elements were used to characterize the
materials, and the elastic modulus E_ = 27133 MPa, compressive
strength fc = 20.1 MPa and Poisson’s coefficient v = 0.2 was used
for the concrete. The elastic modulus E_ = 210000 MPa, yield
stress fy = 275 MPa, and the Poisson coefficient v = 0.3 are used
for the steel sheeting. As shown in Figure 11, due to the symmetry
with respect to the yz plane and given that the slab is formed by
joining several cross sections as indicated in the figure, only one
rib and one half of the span of the composite slab are discretized.
In Figure 11, the conditions of support and the position of applica-

Figure 11
Composite slab model
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Figure 12

Shear stress x end slip curve

tion of the load are also shown. The three nodes marked on the
left-hand end present translational displacements along the x-axis
and rotation on y released. Those of the right end have only the
free z-translation.

The connection between the steel and the concrete was modeled
by the interface elements that have three stiffnesses, longitudinal,
transverse and vertical. As the failure in composite slabs occurs
due to longitudinal shear, the possibilities of vertical separation and
transversal sliding are disregarded. Thus, a linear curve represent-
ing total connection, that is, high stiffness E = 106 MPa is used to
represent the contact in the transverse and vertical direction. For
longitudinal stiffness the results provided by Chen [9] about the
load versus end slip curve of the composite slab were used to de-
fine the shear stress versus longitudinal slip at the steel-concrete
contact of the composite slab. For the curve shown in Figure 12, it
is assumed a function defined by sentences, where each sentence
is given by the equation of a line. The limits of each sentence inter-
val as well as the linear and angular coefficients of the line equa-
tion are defined so that the numerical and experimental load-slip
response to the composite slab are quite close.

The results of Chen and Shi [9] were generated with the software
ANSYS, in which the steel sheeting was discretized with shell ele-
ments, the concrete slab with solid elements, and the deformable
connection was modeled by a pair of contact elements, consider-
ing adhesion and friction. Figures 13 and 14 shown the results

35 —_——-
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g 25
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E f\‘ ’ Shell4
215 L : \
i Shell9+Shell4
10 i e
5 i A Tw A Chen & Shi
== Chen
(1]
0 10 20 30 40 50 60
w (mm)
Figure 13

Load x mid-span deflection curve
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Load x end slip curve

obtained in this paper, as well as those gotten by Chen and Shi
[9] and Chen [25]. The label (shell4) refers to the analysis using
only the thin flat shell element and the label (shell9 + shell4) to the
analysis using the two elements.

Figure 13 shows the behavior of the deflection in the mid-span
of the composite slab in relation to the applied load. In the two
analysis, the behavior obtained for the linear phase, in which there
is total interaction between the steel and the concrete, was similar
to the experimental behavior. With the beginning of the nonlinear
behavior, there is difference between the experimental behavior
and the behavior found with the numerical models. This difference
is due to the complexity of the numerical simulation of the concrete
after cracking and the large number of factors that influence the
behavior of the contact in composite slabs, such as localized ef-
fects in the embossments. However, in terms of ultimate load, the
values gotten in only the thin flat shell elements (Shell4), and the
numerical response of Chen, are similar to the experimental result.
The analysis (Shell9 + Shell4) has a slightly lower value, which can
be explained by the difference in the formulations of the elements,
considering that Shell9 element can have the shear locking effect.
Figure 14 shows the slip behavior at the end of the slab with re-
spect to the applied load. It is worthwhile that all numerical analysis
of have behavior close to the real at the beginning of the linear
behavior phase. In terms of ultimate load, both the Chen and Shi
analysis [25] and the analysis using only the thin flat shell element
(Shell4) generated results close to the experimental results. How-
ever, it is observed that in the analysis with the thin shell element
(Shell4) the nonlinear phase behavior is very close to the actual

Figure 15
Deflected shape of the composite slab
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Figure 16

Steel decking profile [10] (dimensions in mm)

behavior, which does not occur in the numerical analysis of Chen
and Shi. For the analysis (Shell9+Shell4) the same considerations
are given for the load-displacement curve of the Figure 13.

Figure 15 shows the deformed slab and the point of maximum de-
flection. This deflection was obtained for the nonlinear phase of
the load-displacement curve and there is a greater curvature of the
composite slab at the application point of the load. This justifies
the fact that some authors add elements (cracking inducers) in this
point that may represent concrete behavior after cracking [7].

4.2 Example 2: continuous slab

A composite slab with two symmetrical continuous spans in terms
of loading and support conditions is analyzed. The steel sheeting
is shown in Figure 16. This same composite slab was numerically
and experimentally evaluated by Gholamhoseini et al. [10].
Transverse and longitudinal reinforcement were used in the nega-
tive moment region. The loading is as indicated for the bending
test. Figures 17 and 18 show a detail of the negative reinforce-
ments and a scheme of a continuous slab span, respectively.

L 1200

6 x N10 L=2000

7xR6L =1120

Figure 17
Reinforcement details at interior support [10]
(dimensions in mm)

250 220UC

Figure 18
Continuous slab scheme [10] (dimensions in mm)
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Table 1
KF-70 slab characteristics
Slab Width Total length Total thickness Span Shear span
(m) (m) (mm) (mm) (mm)
KF-70 1.2 6.9 150 3350 L/4=8375
Table 2
Materials properties
Slab f. E. f, E, Sheeting thickness
(MPa) (MPa) (MPa) (GPa) (mm)
KF-70 47.9 33050 532 203 0.75

Table 1 shows the dimensions and shear span of the slab evalu-
ated. Two analysis (shell4) and (shell9+shell4) are performed, both
analysis have already been described in the previous example.
As previously, the vertical separation and the transversal sliding
are disregarded, as the longitudinal connection is represented by
a shear versus slip curve at the steel-concrete contact of the com-
posite slab as shown in Figure 19. This curve was determined from
experimental response of the load-slip end curve of the continuous
slab provided by Gholamhoseini et al. [10].

The concrete and steel decking materials are characterized by
their stress-strain curves, and the values given in Table 2 are used.
The reinforcements yield stress is fy = 495 MPa and the elasticity
modulus E_ = 205 GPa.

The numerical results of Gholamhoseini et al. [10] were obtained
with the ATENA 3D software. The steel sheeting and the concrete
slab were modeled with solid tetrahedral elements; the reinforce-
ments were modeled as discrete bars within the concrete slab, and
the connection between the steel and the concrete was simulated
through an interface material that is based on the Mohr-Coulomb
failure criterion. The numerical results obtained in this paper and
the Gholamhoseini numerical and experimental results are indi-
cated in Figures 20 and 21.

The load-displacement and load-end slip curves of the composite
slab are shown in Figures 20 and 21 respectively. The numeri-
cal analysis provided a good approximation with the experimental
analysis. The numerical analysis of Gholamhoseini is not present-
ed in Figure 21, because it was not provided by the author.

=
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-
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0 . T T T T T \
0 1 2 3 4 5 6 7
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Figure 19

Shear stress x end slip curve

4.3 Example 3: slab with dovetail rib
profiled sheeting

Like trapezoidal steel decking, reentrant steel decking is widely
used in composite slabs. In this case, no embossments are used,
because steel decking geometry generates a confinement effect of
the concrete, which contributes to the shear strength at the steel-
concrete interface. In this example, the two composite slabs with
the reentrant steel decking shown in Figure 22 are modeled. The
slabs in question were experimentally studied by Marciukaitis et al.
[32] and evaluated numerically by Chen and Shi [9].
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Load x mid-span deflection curve
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Figure 21

Load x end slip continuous slab curve
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Steel deck dimensions [9] (dimensions in mm)
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Figure 23
P1-2 slab model
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Figure 24
Shear stress x end slip curve

Table 3 shows the dimensions and shear span of the slabs eval-
uated. The slabs have two loads applied symmetrically accord-
ing to the bending test. Two analysis (shell4) and (shell9+shell4)
are performed, both analysis have already been made in the
previous examples.

Figure 23 presents the slab P1-2 discretization. As can be seen

in this discretization and in the other examples, the beam element
representing the concrete in the rib is not located in the geometric
center of its cross section. That is because the interface element
that connects the beam element and the flat shell element must
have 90 ° as the slip plane, which in these examples is parallel to
the flat shell element. This figure also shows the conditions of sup-
port and the position of application of the load. The three leftmost
nodes, that are marked, have the translation displacements along
the x-axis and y-rotation, and the right-hand nodes have only the
free z-translation.

As in the previous examples, the possibilities of vertical separation
and transverse slip were disregarded. For the connection in the
longitudinal direction the shear stress versus longitudinal slip curve
given in Figure 24 is used. This curve was generated in a similar
way as suggested by Marciukaitis et al. [32]. The materials proper-
ties are shown in Table 4.

The numerical results of Chen and Shi [9] were obtained with the
commercial software ANSYS. The steel sheeting was discretized
with flat shell elements, the concrete slab with solid elements and
the connection was modeled by a pair of contact elements, allow-
ing only longitudinal sliding. Figures 25 and 26 shows the numeri-
cal results obtained in this paper, the numerical results of Chen
and Shi [9], and the results of the experimental model presented
by Marciukaitis et al. [32].

A *w A
25
B T~
z
<
= 15
g ——— Shell4
R Shell9+Shell4
5 |7 wsseeees Marciukaitis
;" = = = Chen & Shi
0
0 5 10 15 20 25
» (mm)
Figure 25

P1-2 slab - Load x mid-span deflection curve

Table 3
Slabs dimensions
Slab Span Width Sheeting thickness Concrete’s total thickness Shear span
(m) (m) (mm) (mm) (m)
P1-2 1.8 0.77 0.9 75 0.6
p2-2 1.8 0.77 0.9 98 0.6
Table 4
Materials properties
f E, f, E.
Slab (MPa) (GPa) Vs (MPa) (GPa) Ve
P1-2 317 205 0.3 21.6 40.5 0.2
p2-2 317 205 0.3 28.6 415 0.2
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P2-2 slab - Load x mid-span deflection curve

From Figures 25 and 26, in the two analysis the behavior obtained
for the numerical models implemented in this paper was close to
the behavior of the experimental model. In general, the numerical
models developed in this paper have gotten results that better rep-
resent the load-deflection behavior for the slab P1-2 and P2-2 than
the reference numerical model.

5. Conclusions

EE

In this paper it is proposed a finite element analysis model for non-
linear numerical analysis of composite slabs submitted to their ul-
timate capacity. In this model, the concrete slab above the ribs is
simulated by shell elements considering the orthotropic behavior
of the concrete after cracking and steel after the yielding. The de-
formable connection between the steel sheeting and the concrete
is modeled with interface elements and the ribs of the composite
slab are modeled with beam elements.

The efficiency of the used model as well as the finite elements
included for numerical simulation of composite slabs was accord-
ing proven with results obtained in numerical and experimental
examples found in the published papers. The suggested numeri-
cal model allows obtaining the maximum loads supported by the
composite slabs, with the advantage of having a lower computa-
tional cost compared to the three-dimensional discretization of the
composite slab concrete part. As observed in the examples, the
thick shell element can generate numerical errors in some analysis
and, therefore, the simulation of the concrete slab above the rib is
suggested by thin shell elements.
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Abstract

The composite slabs behavior is governed by longitudinal shear at the interface between the steel deck and concrete, which is developed in slabs
under simple bending. The m-k method and the partial connection method, that are used in the evaluation of shear strength at the steel-concrete
interface of composite slabs, are based on expensive and long-term experimental tests. The main objective of this work is to implement a finite
element model for nonlinear numerical analysis of concrete slabs with steel decking. For this, flat shell elements are implemented, considering
Reissner-Mindlin and Kirchoff plate theories, bar elements, considering the beam theory of Tymoshenko, and interface elements. In the numerical
analyzes presented in the present work, the steel deck and the concrete slab, of thickness given by the total height of the slab less the height of the
steel deck, are modeled with flat shell elements. The concrete rib is modeled with bar elements. The contact between steel deck and concrete is
modeled through interface elements. The geometric and material nonlinearities are considered in the numerical analysis. The analyzed examples
validate the numerical model suggested in this work, presenting the advantage of using a two-dimensional discretization of the problem while in
comparative numerical models are uses a three-dimensional discretization of the concrete slab.

Keywords: composite slabs, flat shell elements, partial connection, longitudinal shear.

Resumo
[

O comportamento das lajes mistas é governado pelo cisalhamento longitudinal na interface entre o ago e o concreto, que é desenvolvido em
lajes sob flexao simples. O método m-k e o método da interagéo parcial, utilizados no calculo da resisténcia ao cisalhamento na interface ago-
-concreto de lajes mistas, sdo baseados em ensaios experimentais caros e de longa duragdo. O objetivo principal desse trabalho é implementar
um modelo de elementos finitos para analise numérica nao linear de lajes de concreto com férma de ago incorporada, para isso sao implemen-
tados elementos planos de casca, considerando as teorias de placa de Reissner-Mindlin e Kirchoff, elementos de barra, considerando a teoria
de viga de Timoshenko, e elementos de interface. Nas analises numéricas apresentadas nesse trabalho a forma de ago e a laje de concreto, de
espessura dada pela altura total da laje menos a altura da forma de ago, sdo modeladas com elementos planos de casca. A nervura de concreto
€ modelada com elementos de barra. O contato entre a férma de aco e o concreto € modelado através de elementos de interface. As néo linea-
ridades geométrica e fisica sdo consideradas na analise numérica. Os exemplos analisados validam o modelo numérico sugerido neste trabalho
apresentando a vantagem de usar uma discretizagao bidimensional do problema enquanto os modelos numéricos comparativos utilizam uma
discretizacao tridimensional da laje de concreto.

Palavras-chave: lajes mistas, elementos planos de casca, conexdo parcial, cisalhamento longitudinal.
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1. Introdugao

EE

As lajes mistas sdo compostas por uma férma de ago perfilada forma-
da a frio, conhecida como steel deck, e uma laje de concreto. A chapa
de ago deve ser projetada para resistir as cargas de construgao e, apos
o endurecimento do concreto, atuar como parte ou toda a armadura de
tracéo. Ja o concreto deve ser projetado para suportar os esfor¢os de
compressao e de cisalhamento vertical. Esse sistema estrutural surgiu
no final da década de 1930 e se popularizou durante o final da década
de 1980 [1]. Segundo Campos [2] as lajes mistas comegaram a ser uti-
lizadas no Brasil na década de 1990 e vem se difundindo desde ent&o.
O modo de falha mais comum em lajes mistas € a falha por cisalha-
mento longitudinal na interface entre a férma de ago e o concreto.
Existem varios fatores que influenciam na resisténcia ao cisalhamen-
to longitudinal da interface como: as espessuras da chapa de aco e
da laje de concreto, o formato dessas chapas de ago, geometria, pro-
fundidade e inclinagdo das mossas e distancia entre elas, a forma de
carregamento, o tipo de ancoragem nas extremidades da laje e o vao
de cisalhamento. Veljkovic [1] afirma que a principal caracteristica do
modo de falha devido ao cisalhamento longitudinal é o deslizamento
do concreto sobre a chapa de ago que ocorre para um carregamen-
to bem menor que a carga correspondente a resisténcia a flexao. A
NBR 8800 [3] e 0o EUROCODE 4 [4] recomendam o método m-k € o
método da interagao parcial para a verificagdo desse modo falha. Es-
ses métodos sao dependentes de ensaios experimentais em escala
real, que sao caros e demorados. Os valores de m e k sao diferentes
para cada tipo de forma de ago necessitando de ensaios experimen-
tais para cada variagédo do perfil da chapa de ago [5].

Abdullah e Easterling [6] apresentaram a analise numérica de lajes
mistas utilizando o método dos elementos finitos como uma alter-
nativa econdmica em relagao aos ensaios de flexdo em escala real,
possibilitando a redugéo na frequéncia desses ensaios. Os autores
afirmam que a modelagem correta da curva tens&o de cisalhamento
versus deslizamento na interface ago-concreto é o fator que mais
afeta na precisdo dos resultados numéricos. Rios et al. [7] apre-
sentaram um método dependente de poucos parametros para a
modelagem da curva tensao de cisalhamento versus deslizamento.
Na maioria dos trabalhos de analise numérica de lajes mistas [7,
8,9, 10, 11 e 12] os pesquisadores simulam a laje de concreto por
elementos finitos tridimensionais, a forma de ago por elementos
finitos planos de casca, e a conexdo usando elementos de ligacéo.
Nesse trabalho sao utilizados apenas elementos planos de casca,
elementos de barra e interface, proporcionando uma analise de
menor custo computacional comparada aquela que utiliza de dis-

cretizagao tridimensional da parte de concreto da laje mista.

No trabalho de Ferrer et al. [13], um novo tipo de lajes mistas foi
desenvolvido. Os autores sugeriram alterar as férmas de ago tra-
pezoidais, substituindo as mossas por furos nas partes inclinadas
das férmas de ago. Os resultados obtidos mostraram que esse tipo
de ligacdo é equivalente a conexao total entre os materiais, pois
a ruptura das lajes ocorreu com a plastificagao total das segdes.
Neste trabalho para a consideragao da nao linearidade fisica o ele-
mento plano de casca € subdividido em camadas as quais séo con-
sideradas em estado plano de tensbes e podem ter caracteristicas
mecanicas distintas. Para o caso do elemento plano de casca em
concreto armado as barras de ago sao consideradas como camadas
de aco equivalentes com rigidez apenas na dire¢éo das barras. Esse
modelo nao linear fisico para o elemento plano de casca de concreto
tem sido utilizado por alguns pesquisadores [14,15, 16 e 17].

Na formulagao do elemento plano de casca sao consideradas as te-
orias de placa de Reissner-Mindlin e Kirchhoff. A teoria de Reissner-
-Mindlin pode gerar erros numeéricos na analise de placas delgadas
com baixa discretizagdo devido a ndo compatibilidade das fungdes
de forma na avaliagdo da deformagao por cisalhamento, que nes-
ses casos tende ser muito pequena. Esse travamento por cisalha-
mento nao é verificado na teoria de placa de Kirchhoff, no entanto,
a formulagéo para essa teoria € um pouco mais complexa uma vez
que as rotagdes sao associadas as derivadas do deslocamento per-
pendicular ao plano da placa. Detalhes de algumas formulagdes de
elemento plano de casca considerando teoria de placas de Kirchho-
ff podem ser encontrados nos trabalhos de Batoz et al. [18], Batoz e
Tahar [19], Sarawit et al. [20], e Razaqpur et al. [21].

2. Comportamento da ligagcao

forma de ago com a laje de concreto
EE

O comportamento da interface de contato entre a férma de ago e
o concreto de lajes mistas tem sido estudado extensivamente. A
partir dos ensaios experimentais pull-out test, push-off test e en-
saio de flexdo, sdo obtidos os dados necessarios para gerar cur-
vas que relacionam o deslizamento longitudinal com a tenséo de
cisalhamento [22].

De acordo com Abdullah e Easterling [6] o principal problema do
pull-out test e push-off test é que, devido a sua natureza, ndo cap-
turam os efeitos da curvatura devido a flexdo da laje e da razéo
entre o comprimento do vao de cisalhamento e a espessura efe-
tiva do concreto. Por isso é sugerido o ensaio de flexdo mostrado
na Figura 1 que consiste na aplicacdo de duas cargas simétrica

Viga de distribuicio I;I Célula de carga
~

L

Figura 1
Esquema do ensaio de flexdo (adaptado de [9])
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Figura 2
Determinacdo dos par&metros m e k [3]

em relacdo aos apoios da laje mista submetendo-a a flexdo pura e
simples. Como resultado desse ensaio experimental determina-se
0os parametros m e k utilizados para determinar a forga cortante
longitudinal resistente de calculo (Eqg. 1) de lajes mistas utilizando
a forma de ago estudada. Na Eq. 1, dp € a distancia da face supe-
rior da laje de concreto ao centro geométrico da segéo efetiva da
férma, b € a largura unitaria da laje, L_ & o véo de cisalhamento e
A, & a area da segéo efetiva da forma.

()4

No método m-k a Eq. 1 é reescrita na forma de uma equagéo line-
ar com m o coeficiente angular e k o coeficiente linear [23]. Com
essa consideragao, para cada modelo de férma de ago sao ana-
lisados dois grupos de trés ensaios, indicados na Figura 2 pelas
regides A e B. Os dois grupos sao definidos de forma que se tenha
um grupo de lajes mistas compactas e outro grupo de lajes mistas
esbeltas. Com os valores obtidos dos ensaios, € feita uma regres-
sao linear através do método dos minimos quadrados obtendo-se
os parametros m e k, como mostrado na Figura 2.

Veljkovic [1] e Abdullah e Easterling [8] utilizaram o ensaio de

V = bd,

Elemento de casea -~

- .7 para laje de concreto
f >

s
' \ -

N
. . -
Elemento de intecface para conectag—— = _
doss elementos de casea 1+ _——

A
' —
'
' ,_/' o=
Lx3
S = _ _ 5 Elemento de barra paraa
¢ N nervura de concreto
- 5 -~ R
Elemento de casca Ty, ~ ~ — . 3 Elemento de mtesface para
para a forma de ago “x kigar bacra a casca
Figura 4

Figura 3
Modelo de laje mista implementada

flexdo para o estudo de mecanismos que influenciam na trans-
feréncia do cisalhamento longitudinal em lajes mistas. Ferrer et
al. [24] usaram uma metodologia para a modelagem nao linear
tridimensional dos pull-out test para simular o comportamento do
deslizamento no contato considerando-o com fricgdo. Concluiu-
-se que os parametros que apresentaram uma maior influéncia
na resisténcia ao deslizamento sdo a inclinagéo transversal das
mossas, a espessura da chapa de aco e as condi¢goes da superfi-
cie de fricgdo. Ja outros trabalhos [25, 26 e 27] tem mostrado que
a ancoragem das extremidades das lajes mistas melhora o seu
comportamento estrutural.

3. Implementagao computacional
EE

E apresentado na Figura 3 a discretizagdo de uma laje mista em
elementos finitos planos de casca, elementos de barra e elemen-
tos de interface. Nessa figura a laje mista tem apoios simples nas
extremidades perpendiculares a dire¢cdo das nervuras e € livre no
restante de seu contorno. Dessa forma, a laje mista tende a flexio-
nar apenas no plano yz da figura. Devido a isso, juntamente com
a simetria das condigbes de apoio e carregamento, & simulado
apenas uma nervura da laje mista e metade do seu véao.

Na Figura 4 sao detalhados os elementos utilizados na discretizagéo
da laje mista. Para modelar a interface ago-concreto s&o utilizados
dois elementos de interface, um que conecta dois elementos planos
de casca e outro que conecta elemento de barra a casca. No caso
do elemento de interface que conecta a nervura de concreto a laje de
concreto acima da nervura nao existe um plano de deslizamento nes-
sa interface sendo atribuido a rigidez da conex&o um valor elevado.
Nos itens seguintes sdo apresentadas as formulagbes dos ele-
mentos utilizados na simulagdo numérica de lajes mistas.

______________________________ - Seciio
1
/ Elemento de casca para lje de concreto /““m““"l

(representado no plano médio da lae)

é‘\hﬂemema
de mterface

CAICA-CAICA

—————mm———y
S S S

!
!

Elemento de casca

- Elemento de baca pasa
para a forma de ago

a nerrura de concreto

Elemento de mtecface para
conectar barra a casca

o

Representacdo dos elementos utilizados: (a) vista em perspectiva, (b) vista do plano xz
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Figura 5

Elemento plano de casca de nove nés dividido
em camadas

Maiores detalhes das formulagbes podem ser obtidas nas refe-
réncias [28 e 29].

3.1 Elemento plano de casca espesso

O elemento finito plano de casca espesso implementado para a
analise nao linear de lajes mistas possui nove nés e cinco graus
de liberdade por n6 a nivel local, como mostra a Figura 5. A nao
linearidade fisica é considerada dividindo a se¢do em varias ca-
madas, para isso sao utilizadas as consideragdes utilizadas por
Huang et al. [17], que séo: (i) Os elementos sdo compostos por
camadas de ago ou de concreto, sendo impedido o deslizamento
entre as camadas; (ii) Cada camada pode possuir propriedades
mecanicas diferentes e relagdes tensao-deformagéo independen-
tes; (iii) As barras de refor¢o sdo consideradas como uma camada
equivalente de ago com rigidez apenas na dire¢cdo da barra; (iv)
As camadas de concreto estdo em estado plano de tensdes e o
concreto é considerado ortotropico apds a fissuragao.

De acordo com as hipoteses cinematicas da teoria de placas de
Reissner-Mindlin um ponto no dominio do elemento de placa pode
se deslocar de acordo com as Equacgdes 2 a 4. Nessas equagoes
u’, v° e wP representam as translagdes do plano de referéncia do
elemento plano de casca nas diregdes x, y e z. 6, e 6, séo as
rotagdes das segdes em relagdo aos eixos x e y. E z é a posi¢ao
da fibra em relagédo a superficie média ao longo da espessura do
elemento plano de casca onde se deseja avaliar os deslocamen-
tos. Para facilitar a notagédo, o sobrescrito zero sera omitido nas
equagdes seguintes.

u(x,y,2) = u’(x,y) +26,(x,y) )
V(x:yzz) =V0(x:)’) _ng(x'y) (3)
w(x,y,2) = w’(xy) O]

Aplicando as Equagdes 2 a 4 a relagéo deformagéo-deslocamento
1
de Green-Lagrange ¢; = E(u” +u;; +u ;) € desprezando

a variagcao de w com z, hipéteses de Von Karman, obtém-se as

equagdes das deformagdes que terdo relagdo ndo linear com os
deslocamentos (ndo linearidade geométrica).

As relagdes tensdo-deformagéo para o concreto usada nesse tra-
balho sao os modelos definidos pelo Comité Europeu de Concreto
[30]. Para o comportamento do concreto apds a fissuragdo adotou-
-se um modelo bi-linear para a degradagéo do médulo de elasticida-
de semelhante ao sugerido por Rots et al. [31] e usado também por
Huang et al. [17]. No caso de concreto armado, o ago das barras de
reforgo é considerado elastico perfeitamente plastico.

Para a analise néo linear do problema é utilizado neste trabalho
um meétodo incremental com controle de deslocamento. No méto-
do utilizado é adotado um tamanho de passo pequeno sendo feita
a cada passo uma corregao na matriz de rigidez através do cal-
culo da tangente média [28]. Nos incrementos de deslocamentos
desse método é considerado material linear com modulo de elas-
ticidade dado pela tangente a curva tensdo-deformacao e valida
a relagao constitutiva da lei de Hooke para o problema analisado.
O concreto apresenta comportamento ortotropico apds a fissura-
¢ao ou esmagamento. Considerando as camadas em estado pla-
no de tensdes sdo definidas as diregbes principais indicadas neste
trabalho pelos subscritos 1 e 2. Se as deformagdes principais (g, e
€,) estiverem dentro da regido de falha, o concreto € considerado
ortotrépico com a relagdo tensdo-deformagao desacoplada para
as diregbes principais como apresentada pela matriz constitutiva
dada pela Eq. 5.

E, © 0 0 o0
E, 0 0 0
1
Dy, = 3 (G1+G) 0 0 ®
G, 0
Sim. G,

Na Equacéo anterior, E, e E, sdo dados pelas tangentes da curva
tens&o-deformagéo do concreto nos pontos € = ¢, e € = ¢,, respec-
tivamente. Ja, G, =0,5E,/(1+v)e G,=0,5E,/(1 + V). Sendo ¢ o
angulo de rotacao dos eixos principais em relagéo aos eixos x e y
a matriz de rigidez na diregao dos eixos ortogonais x e y pode ser
obtida a partir de D,,,.

Dll D12 Dl3 0 0
D,y Dy3 O 0
ny = D33 0 O (6)
D44 D45
Sim. D55

Na Eq. 6,
D1y = Eqcos*¢p + Eysen* + %(Gl + Gy)sen?(2¢) >

Di; = gsen’ (2¢)(Ex + E; = 4(G1 + G2))»

D3 = %senzzj)(Elcoszd) — Eysen’d — (G1 + G,) cos(2¢))s
Dy, = Eysen*¢p + Eycostd + % (G1 + G) sen?(2¢)

Dy3 = %senzd)(ElsenZ(p — Eycos%¢ + (G1 + G,) cos(2¢))>

D33 = isen?(29)(E; + E;) + 2(Gy + Gy)cos?(2¢);
D4y = Gicos*¢p + G,sen’¢ps

Dys = 2(Gy — Gy)sen(2¢) e Dss = Gysen’¢ + Gocos’¢.
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Para o caso particular de material isotrépico, observado quando
as deformacgdes principais estiverem fora da regido de falha do
concreto, tem-se E, = E, = E, G, = G, = G e a matriz D, da Eq. 6
reduz a forma tradicional da matriz constitutiva da lei generalizada
de Hooke para o problema em questao.

A partir de um campo de deformacgdes virtual compativel ao ele-
mento plano de casca e aplicando o principio dos trabalhos virtuais
chega-se ao vetor de forgas internas dado pela equagao a seguir.

N, + Ny,
Ny®, +Ny®,
f..= f f Q@ ), @, +W N @, +wy N, @+ Ny (W, @, +w, @) |44 (7)
Z My~ M, — Q&

M@, + M0, +Q, P
NaEq.7,N,N, N, Q, Q, M, M, e M séo escalares dados

pelos esforgos por unidade de comprimento obtido a partir da in-
tegral ao longo da espessura das tensdes normais e cisalhante na
segao ortogonal.

Como a teoria de placa de Reissner-Mindlin é utilizada nessa for-
mulagéo, os deslocamentos de translagdes e rotagcbes podem ser
interpolados independentemente, dessa forma, as fungdes de inter-
polagéo para o elemento sdo dadas por polindmios biquadraticos
(N, i=1,.,9) em relagéo as coordenadas paramétricas. O termo ®
na Eq. 7 € um vetor de nove termos formado por esses polinémios.
Para a resolugé&o do problema n&o linear de equilibrio f_ - f_ =
0, é utilizado o método de Newton-Raphson, logo a matriz de
rigidez tangente deve ser obtida. Sendo fext constante em re-
lagdo aos deslocamentos nodais, a matriz de rigidez tangente

é dada por, K = a;i"t.

T T
an, N,
o (%) +ou (e
N\ an,\"
o (52) + oo (50
T

aQ_\" aQ
K= xy vz dA 8
lf d’"‘(aq) +¢'Y<aq> +O,¥ +O W, @®)

o (Mo _ o (M (9% !
*\ 9q 7\ 9q aq
am,\" oM, \" a0 _\"
4 xy “Xxz
¢"‘< 0q> +¢'y< q ) +¢< oq )
Na Eq. 8, q € um vetor coluna com 45 termos representando os
deslocamentos nodais do elemento plano de casca, W, e ¥, sdo

vetores colunas com 45 termos como mostrado nas expressoes
a seguir.

aw N T row aN T
‘l'1=<—'xNx+—xW,x> +<—'yN +—wayy>

dq dq aq 7 aq
w aN T row aN T
p, = (2N, +=2 N, +—2
2 ( aq y + aq W,y> + < aq xy + aq W,x

3.2 Elemento plano de casca fino

O elemento finito implementado para a analise de cascas planas
finas é o elemento retangular de quatro nés com cinco graus de

liberdade por né, trés translagdes e duas rotacdes. £ baseado no
elemento apresentado por Razagpur et al. [21], denominado IDKQ
e desenvolvido a partir das hipéteses discretas de Kirchhoff. Dife-
rente do elemento de Razaqpur, o elemento implementado neste
trabalho tem os graus de liberdade de translag@o nas direcdes x e
¥, ja que a andlise nao linear e agéo conjunta da laje de concreto e
a féorma de ago ndo permitem conhecer a posigédo do plano neutro
para o qual esses deslocamentos s&o nulos.

O elemento de quatro nés para andlise de cascas planas finas
é desenvolvido a partir do elemento plano de casca espesso do
item anterior com a eliminacdo do grau de liberdade de translacao
vertical. A formulagdo é desenvolvida para o elemento de nove
nés e os deslocamentos encontrados sdo transformados para o
elemento de quatro nds através de uma matriz de transformagéo.
Assim como para o elemento plano de casca espesso (item
3.1), as equagdes dos deslocamentos para o elemento de casca
fino séo dadas pelas Eq. 2 a 4. Admitindo agora que 6 =w, e
8,=w,, tem-se que ¢ = eyz =0, e as demais deformagbes sao dadas
pelas equagdes 9 a 11. Observa-se dessas equagdes que o desloca-
mento transversal néo é mais incognita explicita do problema, sendo
essa a Unica diferenga nas formulagdes nessa primeira parte.

& =UuUy+20,,+ %032, ®
& =v,+2z0,,+ %0,2( (10)
Ery = 3(Wy + 20y, + v, — 20, — 6,0,) ()

Seguindo a mesma linha de raciocinio do item 3.1 para obter a
formulagéao fraca do trabalho virtual interno e igualando ao traba-
lho virtual externo chega-se ao vetor de forgas internas para o
elemento plano de casca fino dado pela equagéo a seguir.

Ny®, +N,®,

fine = f L ~My®,— M@, +6,N,®—6,N,,&
M@, + M, @, + 0,N,®— O,N, &

Ny®,+Ny®,
dA (12)

Diferente do item 3.1, o vetor ® que representa as fungbes de
forma avaliadas em um determinado ponto tem 36 termos, uma
vez que, os graus de liberdade referentes ao deslocamento verti-
cal ndo estdo sendo considerados nessa formulagdo. No entanto,
para os outros graus de liberdades as fungdes de forma sado as
mesmas do item 3.1. Analogo ao item 3.1, a matriz de rigidez tan-
gente é dada pela derivada do vetor de forgas internas em relagao
aos deslocamentos nodais.

T T
an, N,y
o (%) +ou (e
N\ an,\"
o, (52) v, (52

Kzﬂ oM,,\" om,\"
4 —tb,x( y) —tb,y(— +¥,

dq
om,\" M, \"
o, =2) +@ 2) +w
! "‘(30> i 'y( aq ) T2
A formulagdo do elemento plano de casca fino desenvolvida nes-
se item até aqui, € baseada na formulagao do elemento plano de

dA (13)

IBRACON Structures and Materials Journal * 2019 « vol. 12+ n° 5

s 989



Nonlinear numerical analysis of composite slabs with steel decking

Figura 6
Coordenadas do lado do elemento
(adaptado de [21])

casca espesso do item 3.1. As hipoteses de Kirchhoff sdo forgadas
fazendo os graus de liberdade de rotagdo ser iguais as derivadas
do deslocamento vertical, e, dessa forma, anulando as tensdes
cisalhantes. No entanto a formulagéo obtida ndo consegue ser uti-
lizada porque suas fungdes de forma consideram independéncia
das rotagdes em x e y, o que na teoria de Kirchhoff ndo acontece.
Razaqgpur et al. [21] definiram uma matriz de transformacédo que
altera a formulagéo obtida até aqui em uma formulagdo consis-
tente para um elemento plano de casca fino de quatro nés. Essa
matriz de transformacdo é apresentada a seguir, e diferente de
Razagpur nesse artigo é considerado o efeito de membrana.
Para escrever os deslocamentos do elemento de quatro nos é
necessario fazer uma conversao através de uma matriz de trans-
formag&o (T, ), de forma que: g = T__p. Onde, n & o nimero de
graus de liberdade do elemento de 9 nés, m € o nUmero de graus
de liberdade do elemento de 4 nos,

qf=fu - ug vy o v Oy v by Oy 0y9}, e

9y4} .
E mostrado na Figura 6 um lado do elemento quadrilatero de nove nés.
Utilizando de uma fungéo de interpolagao que associa o deslocamento
vertical ao longo do eixo i-j € a sua derivada em relagao a variavel ao
longo desse eixo, pode-se relacionar o deslocamento vertical e as suas
derivadas nos nos i e j com as rotagdes do elemento de nove nos.
Para as dire¢des u e v, os deslocamentos dos vértices do ele-
mento de nove noés sao iguais aos deslocamentos dos vértices
do elemento de quatro nds. Para os nds centrais de cada lado
do elemento de nove noés os deslocamentos u e v sao calculados
pela média dos deslocamentos dos nds dos vértices do elemento
de quatro nés. Ou seja, uk=(u,.’+uj’)/2. Para o n6 9, né interior do
elemento quadrilatero, os deslocamentos u e v sao calculados pe-
las médias dos deslocamentos dos nds centrais do contorno do ele-

pr={u - wu vi - vy wy O Oy v wy Oy

8 8 8
» > »
won AT i AT wip A
v v W
) 2558 2558,
“f xl ug lr2 R; z3

Figura 7
Graus de liberdade do elemento de viga
e fensdes em um elemento infinitesimal

mento, onde esses foram calculados usando a média dos nés dos
vértices do elemento, dessa forma, tem-se: u=(u, +u, +u,+u,)/4 e
v,=(v,+v,+v,+v, /4. Nesse paragrafo, o sobescrito * indica deslo-
camentos no elemento de quatro nds, ou seja, termos do vetor p.
Obtida T, amatriz de rigidez tangente para o elemento de quatro
nos édadaporK’, =T’ K T _ Onde, K  ¢&amatrizde rigidez
do elemento de 9 nés dada pela Eq. 13. Amatriz de transformagao
Tnxm necessdria para transformar a matriz de rigidez do elemento

de 9 nds para o elemento de 4 nds possui 36 linhas e 20 colunas.
3.3 Elemento de barra

Na simulagéo numérica da laje mista as nervuras de concreto sao
simuladas por elementos de barra. Na Figura 7 sao apresentados os
graus de liberdade considerados na implementagao do elemento de
barra e as tensdes que surgem em um elemento infinitesimal da bar-
ra. Observa-se dessa figura que os graus de liberdade do elemento
de barra sao os mesmos adotados para o elemento plano de casca.
Considerando as hipéteses cinematicas da teoria de viga de Timo-
shenko e a aproximagao de que um esforgo de torgao ndo provoca
deslocamentos fora do plano de tor¢do, definem-se as equagdes
de deslocamento a seguir.

u(x,y,z) = ul(x) + 20, (x) (14
v(x,y,2) = v°(x) — 20,(x) (15
w(x,y,2) = wl(x) + y0,(x) (16)

Definindo os esforgos internos na segéo transversal do elemento
de barra N, = [,0 dA, N = [, dA, N = [t dA, M, =0 zdAe
T = JA(szy - Txyz)dA, e aproximando as equagdes dos deslocamen-
tos por fungdes de formas associadas aos deslocamentos nodais,
chega-se a Eq.17 e 18, respectivamente, para a formulagao fraca
do trabalho virtual interno e da matriz de rigidez tangente. Nes-
sas equacgdes, ® € um vetor que representa as funcdes de forma
dadas por polinémios quadraticos para os deslocamentos axiais,
transversais e rotagdes, q = [u, v, w, 8, E)yi]T com i variando de 1 até
3 (numero de nods do elemento de barra) representa os graus de
liberdade do elemento de barra.
Nxtb,x
nyd{x
fint = f %Nxzd’,x + Nxd’,xw,x dx (1 7)
L Txd’,x
M, ®, + 3N,

T T T
aN aN d

o () com (B onn (Bl
T

aT,
i ( 9q >
oM, \" aN,,\"

o.(%52) +o(%

3.4 Elemento de interface

Para a simulagdo da conexdo deformavel entre a laje de concreto
e a féorma de aco é utilizado o elemento de interface mostrado na
Figura 8. Esse elemento tem a fungéo de ligar o elemento de barra
que representa a nervura de concreto aos elementos planos de
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Figura 8
Graus de liberdade do elemento de interface [29]

casca de concreto e ago. O elemento de interface utilizado para li-
gar elementos planos de casca de concreto aos elementos planos
de casca de acgo é similar a esse. Para maiores detalhes desses
elementos consultar a referéncia [29].

Sendo  u(x,y,2) = uq(x) +20,4(x) € va(x,y,2) = v) — 20,,(x) as
equacgdes dos deslocamentos na direcdo x e y para os elemen-
tos acima (a = 1) e abaixo (a = 2) da interface de contato, e
considerando w, (x,y,z) = w.° (x) + y® (x) como a equagéo dos
deslocamentos na diregao z, tem-se as Equagdes 19 a 21 para os
deslocamentos relativos longitudinal (diregao x), transversal (dire-
cao y), e vertical (diregéo z) do elemento de interface da Figura 8.

5100 = u§ (00 = uf () = (v, = D)B,2(x) = (d = ;)61 (%) (19)

s:(x) = v3(0) = v} () + (v, = )02 () + (d = ¥,)0,1 (%) (20)

@

Sao ilustrados na Figura 9 o deslocamento relativo na diregéo x,
e as variaveis que aparecem nas Equagbes 19a21,d,y,ey, O
sobrescrito 0 nessas equagoes indica deslocamento em um plano
ou um eixo de referéncia adotado. Este indice sera omitido nas
equagdes a seguir para facilitar a notagao.

Definindo S,, V, e N, forgas por unidade de comprimento na
direcdo de u, v e w, respectivamente, b a largura do contato repre-
sentado pelo elemento de interface, entéo S /b fornece a tenséo
cisalhante na diregéo longitudinal do contato. Sendo N," = IbNbdy e
N2 = [N, dy, ® um vetor onde seus termos sdo fungdes de

5,(%) = wh(x) = wi(x) + y(6,2(x) = 6,1 (x))

forma dadas por polindmios quadraticos, q vetor dos deslocamen-
tos nodais, tem-se a Eq. 22 e 23 para o vetor de forgas internas e
a matriz de rigidez tangente do elemento de interface.
—S,®
—V,®
—Ni®
[(d =y, )Vs— Ni]®
0, ~DS,®
S,
Vy®
Nid
(v, — )V, + N @
(d=y,)S®

T
as,,
- (ﬁ

dx (22)

fine =

—

av,\"  aN?
ol (5e) 5

—

dq
°(%)
*(%)
(%)

ol 2

dx (23)

oq

—)

Jq

4. Analises numéricas
E—

Para a validagdo do modelo de analise e os elementos finitos
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0
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w
— ]
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Figura 9

Deslizamento longitudinal
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Figura 10
Geometria da férma [9] (dimensdes em mm)

sugeridos neste artigo sao utilizados resultados numéricos e expe-
rimentais encontrados na literatura. Sendo apresentados aqui trés
desses exemplos analisados.

4.1 Exemplo 1: ensaio de flexao

Nesse exemplo é feita a modelagem de um ensaio de flexéo tipico
de lajes mistas como o indicado na Figura 1. A laje desse exemplo
foi estudada experimentalmente por Chen [25] e analisada nume-
ricamente por Chen e Shi [9]. Sdo realizadas duas analises, sen-
do que na primeira andlise séo usados dois elementos planos de
casca finos, um para modelar a férma de acgo e outro para a laje
de concreto acima da nervura, como mostrado na Figura 4. Na se-
gunda analise o elemento plano de casca espesso € utilizado para
modelar a laje de concreto acima da nervura e o elemento plano
de casca fino para modelar a forma de ago. Em ambas andlises
a nervura é simulada pelo elemento de barra e a ligagéo entre os
diferentes elementos e a simulagdo da conexao deformavel é feita
pelos elementos de interface casca/casca e barra/casca.

A laje possui 0,914 m de largura, 2,6 m de comprimento e duas
cargas sao aplicadas seguindo o indicado para o ensaio de flexao
(mostrado na Figura 1), com vao de cisalhamento de 0,65 m. A
espessura total de concreto € 165 mm. Na Figura 10 é apresenta-
do um detalhe da férma de ago que possui espessura de 0,9 mm.
Na Figura 11 é apresentada a discretizagao da laje mista, para uma
melhor visualizagéo os elementos de interface séo apresentados na
cor cinza. Para a caracterizagdo dos materiais foram utilizadas as
curvas tensdo-deformacgao descritas nas formulagdes dos elemen-
tos, sendo para o concreto adotado médulo de elasticidade E =
27133 MPa, resisténcia a compresséo f, = 20,1 MPa e coeficiente de
Poisson v = 0,2. Ja para a forma de ago tem-se o médulo de elastici-
dade E_ = 210000 MPa, tens&o de escoamento fy =275 MPa, e o co-
eficiente de Poisson v = 0,3. Como é mostrado na Figura 11, devido a
simetria em relagédo ao plano yz e ao fato de que a laje é formada pela
unido de varias seg¢des transversais como a indicada na referida figu-
ra, apenas uma nervura e metade do vao da laje mista € discretizado.
Ainda na Figura 11 sdo indicadas as condi¢des de apoio e a posi-
¢ao de aplicagéo da carga. Os trés nés marcados na extremidade
esquerda, tem os deslocamentos de translacdo ao longo do eixo

Figura 11
Discretizacdo da laje mista

80
g
-
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&
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Deslizamento (mm)
Figura 12

Curva tensdo cisalhante x deslizamento

x e rotagao em y liberados. Os da extremidade direita tém apenas
a translagéo em z livre.

A conexao entre o ago e o concreto foi modelada pelos elemen-
tos de interface que apresentam trés rigidezes, longitudinal,
transversal e vertical. Como a falha em lajes mistas ocorre devi-
do ao cisalhamento longitudinal as possibilidades de separacao
vertical e deslizamento transversal sdo desconsideradas. Dessa
forma, uma curva linear que representa conexao total, ou seja,
rigidez elevada E = 10° MPa ¢ utilizada para representar o con-
tato no sentido transversal e vertical. Para a rigidez longitudi-
nal utilizou-se os resultados experimentais de Chen [9] da curva
carga-deslizamento longitudinal da laje mista, para definir a cur-
va tensao cisalhante versus deslizamento longitudinal no conta-
to aco-concreto da laje mista. Admite-se para essa curva uma
fungéo definida por sentengas, onde cada sentenca é dada pela
equacao de uma reta. Os limites de cada intervalo da sentencga
bem como dos coeficientes linear e angular da equagao da reta
sdo definidos de forma que a resposta numérica e experimental
carga-deslizamento para a laje mista sejam bastante préximas,
essa curva é apresentada na Figura 12.

Os resultados numéricos de Chen e Shi [9] foram obtidos com o pro-
grama comercial ANSYS onde, a forma de acgo foi discretizada com
elementos de casca, a laje de concreto com elementos sdlidos, € a
conexao deformavel foi modelada por um par de elementos de con-
tato, considerando adeséo e fricgdo. Nas Figuras 13 e 14 sao ilus-
trados os resultados numéricos obtidos nesse trabalho, o resultado
numeérico de Chen e Shi [9] e o resultado do modelo experimen-
tal de Chen [25]. O rétulo (casca4) refere-se a analise que utiliza
apenas o elemento plano de casca fino e o rétulo (casca9+casca4)
a analise que utiliza os dois elementos.

Na Figura 13 é apresentado o comportamento da deflexdo no meio

40
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= ;
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S 15 —
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10 _
5 | A * y Chen e Shi
= - = Chen
0
0 10 20 30 40 50 Gl
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Figura 13

Carga x Deflex@o no meio do vao
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Carga x Deslizamento na extremidade

do vao da laje mista em relagéo a carga aplicada. Nota-se que nas
duas andlises o comportamento obtido para a fase linear, em que
ha a interagdo total entre o ago e o concreto, foi semelhante ao
comportamento experimental. Com o inicio do comportamento n&o
linear, ha um distanciamento entre o comportamento experimental
e o encontrado com os modelos numéricos. Essa diferenga se deve
a complexidade da simulagdo numeérica do concreto apos fissura-
¢éo e da grande quantidade de fatores que influenciam no com-
portamento do contato em lajes mistas, como, por exemplo, efeitos
localizados nas mossas. No entanto, em termos de carga ultima, a
resposta numérica utilizando apenas os elementos de casca plano
fino (Casca4), e a resposta numérica de Chen, apresentam valores
proximos ao resultado experimental. A andlise (Casca9+Casca4)
apresenta um valor um pouco menor, o que pode ser explicado pela
diferenga nas formulagdes dos elementos Casca9 e Casca4, ja que
o elemento Casca9 pode apresentar o efeito shear locking.

Na Figura 14 é ilustrado o comportamento do deslizamento na
extremidade da laje em relagao a carga aplicada. Nota-se que to-
das as analises numéricas apresentaram comportamento proximo
ao real no inicio da fase de comportamento linear. Em termos de
carga ultima, tanto a analise de Chen e Shi [25] quanto a andlise
que utiliza apenas o elemento plano de casca fino (Casca4) forne-
cem resultados proximos do experimental. No entanto, observa-se
que na analise com o elemento plano de casca fino (Casca4) o
comportamento da fase nao linear € muito préximo ao comporta-
mento real, o que ndo é verificado na andlise numérica de Chen e
Shi. Para a analise (Casca9+Casca4) cabem as mesmas conside-
ragOes feitas para a curva carga-deslocamento da figura anterior.

Figura 15
Deformada da laje mista

T

Figura 16
Férma de acgo [10] (dimensdes em mm)

Na Figura 15 esta ilustrada a deformada da laje sendo indicado
o ponto de maxima deflexdo. Essa deformada foi obtida para a
fase nao linear da curva carga-deslocamento e observa-se uma
maior curvatura da laje mista no ponto de aplicagéo da carga. Isso
justifica o fato de alguns trabalhos adicionarem nesse ponto ele-
mentos (indutores de fissuragéo) que possam representar o com-
portamento do concreto apos fissuragao [7].

4.2 Exemplo 2: laje continua

Nesse exemplo é analisada uma laje mista com dois vaos continu-
0s simétricos em termos de carregamento e condi¢gdes de apoio. A
féorma de ago da laje mista é indicada na Figura 16. Essa mesma
laje mista foi avaliada de forma numérica e experimental por Gho-
lamhoseini et al. [10].

Armaduras de reforgo transversais e longitudinais foram utilizadas
na regido de momento negativo. O carregamento é da forma como
indicado para o ensaio de flexao. Nas Figuras 17 e 18 estao indi-
cados, respectivamente, um detalhe das armaduras negativas e
um esquema de um vao da laje continua.

L 1200

6 x N10 L=2000 7xR6L =1120

Figura 17
Detalhe da armadura negativa [10]
(dimensdes em mm)

I'@F(-hl.l.a de cargs
840 | 835 | 835 | 340
-+ -+

Figura 18
Esquema da laje continua [10] (dimensdes em mm)
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Tabela 1
Dimensdes da laje KF-70

Largura Comprimento total

Espessura total Vdo de cisalhamento

Laje Vdo (mm
' (m) (m) (mm) (mm) (mm)
KF-70 1,2 6.9 150 3350 L/4=8375
Tabela 2
Propriedades dos materiais
Laie f. E. f, E, Espessura da forma
) (MPa) (MPa) (MPa) (GPa) (mm)
KF-70 47,9 33050 532 203 075

Na Tabela 1 estédo apresentadas as dimensoes e o vao de cisalha-
mento da laje avaliada nesse exemplo. S&o realizadas duas anali-
ses (casca4) e (casca9+casca4), as descricdes dessas analises ja
foram feitas nos exemplos anteriores.

Assim como no exemplo anterior, a separagao vertical e o desliza-
mento transversal sdo desconsiderados, ja a conexao longitudinal
é representada por uma curva tensao cisalhante versus desliza-
mento no contato ago-concreto da laje mista como apresentada na
Figura 19. Essa curva foi determinada a partir da resposta experi-
mental da curva carga-deslizamento da laje continua fornecida por
Gholamhoseini et al. [10].

Os materiais concreto e agco da féorma sdo caracterizados pe-
las suas curvas tensdo-deformacao sendo para isso utilizados
os valores indicados na Tabela 2. Para as barras de reforgo a
tenséo de escoamento do aco & fy = 495 MPa e o moddulo de
elasticidade E_= 205 GPa.

Os resultados numéricos de Gholamhoseini et al. [10] foram ob-
tidos com o programa ATENA 3D. A féorma de ago e a laje de
concreto foram modeladas com elementos sélidos tetraédricos,
as barras de reforgo foram modeladas como barras discretas
dentro da laje de concreto, e a conexao entre o ago e o concreto
foi simulada através de um material de interface que é baseado
no critério de falha de Mohr-Coulomb. Nas Figuras 20 e 21 séo
apresentados os resultados numéricos obtidos nesse trabalho e
os resultados numérico e experimental de Golamhoseini.

Nas Figuras 20 e 21 sao apresentadas, respectivamente, as
curvas carga-deslocamento e carga-deslizamento da laje mista.
Observa-se que as analises numéricas forneceram uma boa apro-

15 1
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0 T T T T T T
0 1 2 3 4 5 6 7

Deslizamento (mm)

Figura 19
Curva tensdo cisalhante x deslizamento

ximagao com a analise experimental. Na Figura 21 néo é apresen-
tada a analise numérica de Golamhoseini por néo ter sido forne-
cida pelo autor.

4.3 Exemplo 3: laje com forma reentrante
Assim como as férmas de ago trapezoidais, as formas de ago
reentrantes sao bastante empregadas em lajes mistas. Nes-

se caso nao sao utilizadas mossas, pois a geometria da féorma
gera um efeito de confinamento do concreto, que contribui para a
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Geometria da férma [9] (dimensdes em mm)

Figura 23
Discretizacdo da laje P1-2
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resisténcia ao cisalhamento na interface ago-concreto. Nesse
exemplo é feita a modelagem de duas lajes mistas com a forma de
aco reentrante indicada na Figura 22. As lajes em questao foram
estudadas experimentalmente por Marciukaitis et al. [32] e avalia-
das numericamente por Chen e Shi [9].

Na Tabela 3 estdo apresentadas as dimensdes e o vao de ci-
salhamento das lajes avaliadas nesse exemplo. As lajes pos-
suem duas cargas aplicadas simetricamente conforme o ensaio
de flexdo (Figura 1). Sao realizadas duas anadlises (casca4) e
(casca9+casca4d), as descrigdes dessas analises ja foram feitas
nos exemplos anteriores.

Tabela 3
Dados das lajes

Na Figura 23 é apresentada a discretizagdo da laje P1-2. Como
pode ser observado nessa discretizagdo e nos outros exemplos,
o elemento de barra que representa o concreto na nervura néo é
localizado no centro geométrico de sua secgao transversal. Isso
porque, o elemento de interface que faz a ligagéo entre o ele-
mento de barra e o elemento plano de casca deve formar um
angulo de 90° como o plano de deslizamento, que nesses exem-
plos, é paralelo ao elemento plano de casca. Nessa figura tam-
bém sao apresentadas as condigdes de apoio e a posigao de
aplicagédo da carga. Os trés nds da extremidade esquerda que
estdo marcados, tem os deslocamentos de translagao ao longo
do eixo x e rotagdo em y liberados e os nds da extremidade direi-
ta tem apenas a translagéo em z livre.

Assim como nos exemplos anteriores foram desconsideradas as pos-
sibilidades de separagéo vertical e deslizamento transversal. Para a
conexao na diregdo longitudinal é utilizada a curva tensdo de cisa-
Ihamento versus deslizamento longitudinal dada na Figura 24. Essa
curva foi obtida de forma semelhante a sugerida por Marciukaitis et
al. [32]. As propriedades dos materiais séo apresentadas na Tabela 4.
Os resultados numéricos de Chen e Shi [9] foram obtidos com o
programa comercial ANSYS. A forma de ago foi discretizada com
elementos planos de casca, a laje de concreto com elementos
soélidos e a conexao foi modelada por um par de elementos de
contato, permitindo apenas o deslizamento longitudinal. Nas Figu-
ras 25 e 26 sao ilustrados os resultados numéricos obtidos nesse
trabalho, o resultado numérico de Chen e Shi [9], e o resultado do
modelo experimental apresentado por Marciukaitis et al. [32].
Observa-se das Figuras 25 e 26 que nas duas analises o compor-
tamento obtido para os modelos numéricos implementados nesse
trabalho foi préximo ao comportamento do modelo experimental.
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Figura 25

Carga x Deflex@o no meio do vao

Laje Vdo Largura Espessura da forma de ago Espessura total do concreto Vdo de cisalhamento
(m) (m) (mm) (mm) (m)
P1-2 1.8 0,77 0,9 75 0.6
p2-2 1.8 0,77 0,9 98 0.6
Tabela 4
Dados dos materiais
. f E, f. E.
Laje (MPa) (GPa) Vs (MPa) (GPa) Ve
P1-2 317 205 0.3 21,6 40,5 0,2
p2-2 317 205 0,3 28,6 41,5 0,2
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Laje P2-2 - Carga x Deflexdo no meio do vao

De forma geral, os modelos numéricos desenvolvidos nesse tra-
balho apresentaram resultados que representam melhor o com-
portamento carga-deflexdo para a laje P1-2 e P2-2 que o modelo
numeérico de referéncia.

5. Conclusdes

EE

Neste artigo é sugerido um modelo de analise e elementos finitos
para analise numérica ndo linear de lajes mistas submetidas a sua
capacidade ultima. Nesse modelo sugerido a laje de concreto acima
das nervuras € simulada por elementos finitos planos de casca con-
siderando o comportamento ortotrépico do concreto apds a fissu-
ragao e do aco apds o escoamento. A conexao deformavel entre a
forma de ago e o concreto € modelada com elementos de interface
e as nervuras da laje mista sdo modeladas com elementos de barra.
A eficiéncia do modelo utilizado, bem como dos elementos finitos
apresentados para simulagdo numérica de lajes mistas foi devida-
mente comprovada com resultados obtidos em exemplos numéri-
cos e experimentais encontrados na literatura. O modelo numéri-
co sugerido permite a obtengdo das cargas maximas suportadas
pelas lajes mistas com a vantagem de apresentar menor custo
computacional comparada aquela que utiliza de discretizagao tri-
dimensional da parte de concreto da laje mista. Como observa-
do nos exemplos o elemento de casca espesso pode gerar erros
numeéricos em algumas analises sendo, dessa forma, sugerida a
simulagéo da laje de concreto acima da nervura por elementos de
casca fino.
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Abstract

The aim of this paper is to carry out a nonlinear static analysis using a case study of a pile-supported wharf in a new oil tankers port. The seismic
activity in this area is very intense with the peak ground acceleration of 0.55 g; for this reason, it is very important to analyse the structural behav-
iour of the nonlinear situation. The analysis of the wharf, modelled in 3D by finite element method, serves to calculate the structure vibration peri-
ods (the structure’s first period is 1.68 s) and the capacity curve. The design of the structure follows traditional criteria by international guidelines,
and its procedure is in accordance to classic theoretical methods and codes. For the selection of adequate characteristic earthquake input for the
pushover analysis European and Venezuelan codes have been used. Besides being important to study the seismic influence on the body of the
wharf and on critical elements, as well as and the interaction fluid-structure-soil, it is also important to analyse the consequences of structure failure
and to estimate the maximum allowed displacement. The results show that the ultimate displacement is 18,81 cm. A port is an extremely strategic
work, which needs to be carefully designed to avoid environmental damage and maintain human safety.

Keywords: nonlinear static analysis, pushover analysis, pile-supported wharf, earthquake engineering.
Resumo

O objetivo deste artigo é desenvolver uma analise estatica nao-linear através de um estudo de caso de um cais sobre estacas situado em uma
nova area portuaria para petroleiras. A atividade sismica da area € muito intensa com uma aceleragdo maxima do solo de 0.55 g. Por esta razao,
€& muito importante analisar o comportamento estrutural na situagao nao-linear. A analise do cais, modelada em 3D pelo método dos elementos
finitos, é usada para calcular os periodos de vibragdes da estrutura (o primeiro periodo da estrutura é de 1.68 s) e a sua curva de capacidade.
O projeto da estrutura segue critérios tradicionais preconizado por normas internacionais e o seu procedimento esta de acordo com os métodos
classicos e as normas. Foram utilizadas as normas europeia e venezuelana para obter a caracteristica adequada do terremoto para ser utilizada
na analise de pushover. Além de ser importante estudar a influéncia sismica da estrutura do cais e dos seus elementos criticos, bem como a
interacao fluido-estrutura-solo, também é importante analisar as consequéncias de falha estrutural e estimar o deslocamento maximo permitido.
Os resultados mostram que o deslocamento final é de 18.81 cm. Um porto para petroleiras € uma obra extremamente estratégica, que precisa
ser cuidadosamente projetada para evitar danos ambientais e para manter a seguranga humana.
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1. Introduction

EE

The uncertain nature of the hazards which can be manmade or
natural along with the complex dynamics of infrastructure systems
impose significant challenges in decision making regarding alloca-
tion of investments. These are related to two aspects: identifying
potential risks to life safety, which is typically the focus of the seis-
mic design of the geo-structures (e.g. the bridges, tunnels, wharf
structures and various air-transportation structures), and estimat-
ing costs. These two aspects, mostly uncertain, are added to other
ones as the seismic hazard, the material’s nonlinear behaviour,
the damage and the structural response [23]. Here the nonlinear
static analysis, which is commonly known as “pushover analysis”,
has been defined.

The pushover analysis is used for different methodologies and dif-
ferent types of structures, as for the inelastic dynamic analysis for
shear buildings [12,28], the spatial reinforced concrete studying
the effect of the infills on failure pattern of the reinforced concrete
frames [19], the reinforced concrete by using a fibre model [20],
the estimation of the yielding and the ultimate displacement to de-
fine the level of damage for dams [17], the energy-based adaptive
pushover analysis for buildings through a series of nonlinear analy-
sis under strong ground motions [22], the bridges with elevated
pile foundation system by dynamic pushover analysis [24], and the
pile-supported wharves [23].

The cited cases rely on advanced methods of pushover analyses.
In general, pushover analysis is used where a structure is subject-
ed to gravity loading and a monotonic displacement-controlled lat-
eral load pattern, which continuously increases through elastic and
inelastic behaviour until an ultimate condition is reached. There-
fore, the choice of a reliable method is important. The conventional
pushover analysis by using the response spectrum is often an at-
tractive choice for its simplicity and ability to identify component
and system-level deformation requirements with comparable accu-
racy to the dynamic analysis. Some problems like defining ductility,
base shear and formation of plastic hinges lead to the choice by
engineers of a more reassuring and already used method.

This paper describes the nonlinear (inelastic behaviour) static
analysis through modelling the pile-supported wharf of a new oil
tankers port. It will be introduced geotechnical aspects and the
seismic context to define the area of study. The seismic activity
in this area is very high, therefore it is important to carry out a
performance verification of this new structure and to study its vul-
nerability. The comparison between the Venezuelan code [7] and
Eurocode [6] has been made, and it will be defined the technical
data of the structure.

The pushover procedure will be shown step by step. The pushover
curve analysis evaluates the structure capacity whereas the elas-
tic spectrum curve evaluates its demand; the intersection between
both curves is the maximum response in terms of displacements.
Points in the pushover curve represent the plastic hinge forma-
tions. To consider the non-linear inelastic behaviour of the struc-
ture, the viscous damping ratio are applied to the elastic response
spectrum, which becomes to an inelastic response spectrum [1].
The nonlinear analysis is needed to identify the sources of energy
dissipation and to quantify the energy absorption capacity.
Push-over analysis monitors the progressive stiffness degradation

of structure as it is loaded into the post-elastic range of behaviour
[21]. This analysis account for material inelasticity, type of member
(beam, piles, connections), geometric nonlinearity and the redistri-
bution of internal forces [25].

The wharf will be modelled in three dimensions by using Finite
Element Method (FEM), software [16], and the results will be pre-
sented. The modal analysis to calculate the vibration periods and
modal participating mass have been carry out to assure reliable
results, it is recommended that an effective modal mass of at least
90% of the total mass of the structure is considered in the analysis.
The analysis and the design of the structure have been carried out
by using the latest construction techniques, and the verifications and
calculations have been carried out by modern codes and criteria.
This paper originates from technical work and it intends to encourage
a closer connection between researchers and practical structural en-
gineering professionals to resolve potential controversial issues.

2. Case study

EE

The case study is a pile-supported wharf in ports. In this section,
geotechnical and seismic aspects will be described because it is
well known that earthquakes affect many elements of the buildings
in the region near the port.

2.1 Geotechnical aspects

The region studied has high seismicity with an important liquefac-
tion potential [9,18]. Liquefaction is the process by which the sedi-
ments immersed suffer a loss of resistance and stop behaving as a
solid to become a viscous liquid. Sediment types more susceptible
to liquefaction are sand and silt. The liquefaction depends primarily
on intensity of earthquake, Peak Ground Acceleration (PGA), mag-
nitude, soil density, presence of silt and limitation of the drainage.
If the liquefaction occurs the effects can be: (i) lateral displace-
ments of blocks of land. These lateral displacements occur with
low slopes and move to sea-side; (ii) ground displacement which
usually cause internal ruptures (fissures, cracks and scarps) that
can damage the foundations; (iii) vertical movements which can be
developed as a result of the readjustment of liquefied soil. These
displacements can be rigid or differential. To prevent these prob-
lems important treatments have been adopted, for example: soil
changing, drain putting, and mix of the cement and grouting.

2.2 Seismic context

For the evaluation of the elastic response spectrum, the Venezu-
elan code Covenin [7] and the Eurocode [6] have been used.

The Venezuelan code Covenin is used with the following input
data: A, = 0.4, a = 1.3 and spectrum form S2. A, a and S2 cor-
respond respectively to: horizontal acceleration coefficient for high
seismic risk (for zone 7), importance factor which depends on the
importance of building classes, and the soil type. In Figure 1 it is
possible to see the curve with the corresponding structural damp-
ing. The elastic design spectrum with a 5% damping (§) is used
generally for reinforced concrete.

For the horizontal elastic spectrum by Eurocode the date used are:
a,=048g (design ground acceleration. This parameter has been

IBRACON Structures and Materials Journal * 2019 « vol. 12+ n° 5

s 999



Nonlinear static analysis of a pile-supported wharf

1.6

14 F =

1.2

= = BEurocode

— Covenin

§ 0.8
0.6
0.4

-

-~ - -
02 t T~
0 L I L
] 1 2 3 4
T(s)

Figure 1

Design response spectra with return period TR of 475 years and € = 5%

Figure 2

Cross section of the pile-supported wharf (data are shown in Table T)

calculated with a specific study due to the importance of the struc-
ture and the high seismicity), S = 1.15 (soil factor), T, = 0.20 s (low-
er limit of the period of the constant spectral acceleration branch
where the spectral velocity is linear), T, = 0.60 s (upper limit of the
period of the constant spectral acceleration branch) and T = 2.00
s (value defining of the constant displacement response range of

Figure 3
Concrete slab (LP: prefabricated slab)

the spectrum). The PGA is 0.55 g (55% of gravity).

For frequencies lower than 1.56 Hz (T > 0.64 s), in Figure 1 it is
possible to notice that the code Covenin spectrum is higher there-
fore it is more conservative. This would not be very relevant be-
cause, for flexible structures (T > 1.50 s), the accelerations are not
transmitted totally to the structure.

In Figure 1 it is possible to see that the spectral shape of code
Covenin has only three branches, instead the Eurocode has four
ones. In the Eurocode, the fact of putting another branch is an ad-
justment made not to overestimate structures with period between
0.6 — 2.0 s. The Covenin maintaining three branches is consistent
with the tripartite format of spectral velocity [10].

2.3 Pile-supported wharf
The structure studied has an area of 6520 m2. The length of

the wharf in the transversal direction is 40 m and in the longi-
tudinal direction (parallel to the sea) is 163 m (see Figure 2 by

oo @ _______________________________
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software [29]). The deck of the wharf is made of reinforced
transversal beams with height of 1.95 m and concrete slab with
average thickness of 0.85 m, as shown in Figure 3.

The wharf level is 3.40 m above the Mean Sea Level (MSL),
with a minimum and maximum flood respectively of -0.40 m
and +0.875 m.

The wharf is supported by six piles. The beams supported by
the piles have a metal jacket to prevent the deterioration due to

CH. 12.5mm~ - . 8120

N12=-52 # 12.5 C=438

1=1
[
[

corrosion of reinforcement, weathering and chemical attacks.
The metal jacket tends to isolate the concrete from chemical
constituents present in the environment, to isolate against freez-
ing and to keep the reinforcing free of oxygen. Table 1 shows the
data of the structure.

The cross sections have the same cross-sectional geometry for all
piles and they include the longitudinal reinforcement bars, metal
jacket, and confined and unconfined concrete material. In Figure

@ 05

N13=7 @ 16 C=331

Figure 4

?113

7 7
N11-12 @ 16 C=425

Cross section at top (a), middle (b) and bottom (c) of the piles (the dimension is in mm)

(C: reinforcing length in cm)

Table 1
Data summary of the pile-supported wharf
Description for the pile Value Description for the wharf Value
Pile length (m) 30.0 Number of piles 6.0
Pile external diameter ¢ (mm) 120/130 Wharf longitudinal length B (m) 40.0
Pile internal diameter ¢ (mm) 103/113/120  Wharf fransversal length LL (m) 163.0*
Pile thickness CH. (mm) 12.5 Deck area (m?) 163.0 x 40.0 = 6520.0
TS NE 16 N7 (16). N3 (325 () 320 Whart level (m) 34-040.3.4 40875
Pile reinforcing diameter: N9 (1), N12 (52) (mm) 12.5 Deck thickness (m) 1.05
Pile reinforcing diameter: N11 (12), N13 (7) (mm) 16.0 Deck transversal slope (%) 0.5
Jacket external diameter D.E ¢ (mm) 130/132.5 Soil slope 3:1
Jacket internal diameter D.I (mm) 127.5 - -
Jacket thickness CH. (mm) 12.5/25 - -

*The wharf transversal length is defined as (2 x 8.0) + (3x6.3) + 3.0+ 2.1 =163.0 m.

**The value in the brackets indicates the quantity of the reinforcing.
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Cross section of the metal jacket at top (a), middle (b) and bottom (a) of the piles (the dimension is in mm)

Figure 5

Definition of elastic spectrom:
PGA and A4 {T. 5%}

Determination of the structure capacity:

curve force-displacement (V vs. d

Convers:on capacity curve and elastic
spetrucm to spectrzl doma:za:

(Agvs. T and Vws. d) — (Agvs. S

Selection of the displacement as trigger
vzlue for the iterative procedure. Plot of
the bi-knear capacity curve

Reduction of eleastic spectrum by:

- { 10 .
ﬁ:!‘. =kﬁc '—).T] = ST; 20‘))

Intersection of the curves and convergence:
maximum displacement of the structuze

h J

Definition of the DAF to
consider the torsional effects.

Figure 6
Flow chart of the procedure

4, the cross sections of the piles by software [29] are represented
by (a), (b) and (c) from top to bottom of the piles. Figure 5 shows
the cross section of the metal jacket of the piles by software [29].
The reinforced concrete of the piles plus the great thickness of
the reinforced deck provides a high increase of the rigidity in the
horizontal plane.

3. Pushover analysis step by step
EE

The pushover analysis is a Nonlinear Static Procedure (NSP) usu-
ally used for nonlinear issues. In this analysis, the method used is
the Capacity Spectrum Method (CSM) that is a performance-based
seismic analysis that relates the capacity with the demand of the
structure. The CSM uses Response Spectrum Analysis (RSA) and
it is computationally easy for routine application in structural engi-
neering practice. The iterative procedure of this method was given
by [3]. Figure 6 shows the flow chart of the procedure.

3.1 Seismic demand

The CSM is based on finding a target point on the capacity spec-
trum — that also lies on the appropriate demand response spec-
trum — reduced for nonlinear effects. The spectral reduction factor
is the viscous damping ratio, which affects the seismic demand
displacement and the hysteresis loop. The elastic response spec-
trum, in terms of acceleration A, for 5% damping and return period
T, of 475 years, is shown in Figure 1.

3.2 Determination of the structure capacity

It is convenient to draw the force-displacement curve by tracking
the base shear V and the roof displacement d.. The force-displace-
ment curve (V vs. d ) is representative of the structure capacity by
the pushover analysis.

The centre of the mass of the structure may be equal to the control
displacement (control point) during the analysis.

In the model, it is necessary to apply the lateral forces to the struc-
ture in proportion to the mode shape. It is also important to apply the
uniform lateral forces to consider the effects of other mode shapes.
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The capacity curve is generally constructed by using the first mode
as it is the predominant mode of the structure. In this case the
structure is flexible, therefore in the analysis the higher mode ef-
fects [26] should be considered. Neglecting them in the analysis
the shear forces will be significantly underestimated [27].

This analysis is carried out under constant gravity loads and mono-
tonically increasing horizontal loads. The forces considering the
combination of the vertical load and lateral load must be calcu-
lated. The lateral loads are defined by the inertia forces, which are
distributed for each mode and are applied to the deck of the struc-
ture where the mass is concentrated.

For the vertical loads in the elements, zero initial condition stiffness
is used. For the horizontal loads, no zero-initial condition is used,
this means that the nonlinear deformations are carried forward
from a previous step to the end.

The more new increments of lateral loads are applied the more
additional pushover curves are created. The creation of more
pushover curves is important to define the accuracy of degrada-
tion points as each pushover step involves the formation of new
plastic hinges.

3.3 Conversion to spectral domain

In this step, the capacity pushover curve and the demand curve
are converted to spectral domain. That is, the elastic response
spectrum and the capacity curve are transformed in ADRS (Accel-
eration-Displacement Response Spectra) domain. The equations
to transform the response spectrum follow below:

17474
Sy = dr 2
T @

where S is the spectral displacement, W is the dead weight plus
live loads, and ¢, is the amplitude of mode one at level deck. The
modal participation factor and the modal mass coefficient for the
first natural mode are respectively:
¥V, widin

i=
yN wids

i=1 g

(o)

ERERE

where N is the level which is the uppermost in the main portion
of the structure, w/g is the mass assigned to level i, and ¢, , is the
amplitude of mode one at level i. Y

Every point on the response spectrum is associated with a unique
A, S, and spectral velocity S,. An interesting use of these curves is
to estimate dynamic amplification factor by dividing spectral values
by ground motion values [10]. The equations to transform the pe-
riod T from the standard format (A, vs. T) to spectral displacement
(A,vs. S,) for each point i, is:

PF, =

@

Q=

7 )
Sqi = m&ug

On the response spectrum, every point is also associated with a
unique structural period, which, in the ADRS domain, is defined
by the line of constant period radiate from the origin. When a line
with a greater slope (i.e. lower period) changes to a line with a
lower slope (i.e. greater period) the structure undergoes inelastic
displacement as the period grows.

3.4 Selection of the displacement

To establish the target, point the methodology called “equal dis-
placement approximation” is used. This methodology assumes
that the inelastic spectral displacement is the same as the one
which would occur if the structure remained perfectly elastic. The
elastic displacement is calculated extending initial stiffness line up
to intersect elastic response spectrum. This displacement acts as
a trigger value to carry out the iterative procedure. A possible itera-
tive procedure is represented in section B.5 in Eurocode [6].

Displacements refer to the single-degree-of-freedom system.

3.5 Plot of the bi-linear capacity curve

The plot of the bi-linear curve is needed to estimate the viscous
damping ratio and the appropriate reduction of the spectral de-
mand. The approximation of the capacity spectral curve is in ac-
cordance with the criteria of equal elastic energy (or work) [26].
To define the bi-linear curve it is necessary to know two points:
the first point represents the yield displacement and the second
represents the estimation to define the reduced spectrum. Besides
that, it is necessary to define the elastic and post-elastic stiffness.

3.6 Reduction of the spectral demand

The effective viscous damping can be considered as a combination
of the viscous damping (i.e. internal friction in the material) and the
hysteretic damping. The effective viscous damping is defined by:

63.7K(aydpi - dyapi)
ayd

©)

Bogp = KB, + 5= ”
where d and a, are the yield point coordinates, d ; and a are the
point coordinates, which are estimated to carry out the reduced
spectral demand. The hysteretic damping B depends on energy dis-
sipated by strains (i.e. during the inelastic phase the energy will be
absorbed by hysteretic damping). The factor k depends on structural
behaviour, quality of element materials and duration shaking. If the
factor k increases, the effective viscous damping increases and the
capacity of the structure to dissipate energy is greater. With a lower
k there are strong degraded hysteretic cycles. The hysteretic behav-
iour is ideal when it is stable and has large hysteretic cycles.

B, defined by (6) is used to calculate the spectral reduction factor
n, which multiplied by the elastic spectrum reduces the spectrum
itself. According to the Eurocode [6], n is assumed:

10
1= G120 0

In this analysis ¢ becomes B = 10%, k = 0.5, B, = 10% and
n =0.816.
The choice of reducing response spectrum is often complex (even
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in the codes it is “guessed”), therefore it should be based on obser-
vations of existing structures and laboratory studies.

3.7 Intersection of the curves and convergence

When the displacement, at the intersection of the demand spec-
trum and the capacity spectrum, is within 5% of the displacement
of the target point, the convergence finishes. If this does not oc-
cur, the process must be repeated. The target point represents the
maximum top displacement expected from the structure.

3.8 Dynamic Magnification Factor (DMF)

Most of the seismic lateral resistance of marginal wharves is provided
by landward piles due to long embedment in soil. The seaward piles
are mainly used for gravity loads and might provide about 10% of the
overall seismic lateral resistance. This configuration creates eccen-
tricity between the mass centre and the effective centre of rigidity for
the wharf, which will induce torsional response in the structure under
longitudinal excitation. Displacement demand of the critical piles at the
end of a segment can be determined by multiplying the displacement
demand calculated under pure transverse excitation by DMF, which
accounts for torsional response and simultaneous longitudinal and
transverse excitations, and interaction across expansion joints [5,30].

4. Analysis by FEM
—

FEM has been used to model the pile-supported wharf. The mass-
es present in the model to carry out the pushover analysis, in ac-
cordance to [2,5,15], are: superstructure mass, accidental mass, a
third of the mass piles and hydrodynamic mass. The masses are
placed at the top of the piles.

The focus of the verification of the structure is to define the resis-
tance capacity under a design seismic. It is admitted that the piles
suffer plastic mechanisms, before the collapse, in the connection
with the superstructure.

The structural analysis approach is called “displacement based de-
sign”, which evaluates the structural performance in function of the
displacement and rotation capacity of the piles. Thus, the analysis
evaluates the formation of the plastic hinges.

To model the soil, elastic springs based on the Winkler model [2,14]
have been used. The piles are discretized into several segments
with a length of 1.0 m and each node on the pile is connected to a
horizontal spring.

The profile of the soil at the location of pile-supported wharf con-
sists of three layers: marine sediments of sandy soil and clay with a
thickness of 15.0 m, “coche”-formation with a thickness of 10.0 m,
and “manicuare”-formation with a thickness of 5.0 m. The values of
the elastic springs are for the three layers 4905 kN/m?, 39240 kN/
m? and 49050 kN/m?, respectively.

To consider the variation of the soil stiffness during the earthquake,
two models are analyzed. The first model considers the elastic
spring stiffness K as K’ = 0.5 K, whereas the second model consid-
ersKasK' =1.5K.

4.1 Modal analysis

To carry out the modal analysis, the lumped masses were assigned
on the deck of the wharf. All masses represent all the loads on the
structure, except for the self-weight as the software itself considers it.
Table 2 shows the first six vibration modes: period of oscillation T,
frequency of oscillation f and the Modal Participating Mass Ratio
(MPMR) U, U, U,, R, R and R,. MPMR provides a measure of
how important computing the response of the structure in each of
the three global directions (x, y, z) is, and of how the modes are
required to achieve a given level of accuracy for the analysis.

In Table 2 it is possible to notice that the structure is flexible, i.e.
T,>1.50s.

Due to structure flexibility, displacement of the centre of the mass
and the centre of the stiffness, it is important to consider the tor-
sion effects that can produce significant relative eccentricity. Fortu-
nately, the pile-supported wharf is regular.

For the first three modes of vibration, considering each of the three
directions (x, y, z), the sum of the MPMR is: U_+ Uy +U +R + Ry
+R_=100%.

Itis advisable to carry out the pushover analysis along the direction
where MPMR is high [11], i.e. in this analysis, U, for the second
mode is very high (U, _= 99.77%), therefore the most critical push-
over analysis is possible to be done in this direction.

To understand the output data of Table 2, it must be considered that
the modelled structure is only one module of a whole wharf. How-
ever, the interaction with the other modules have been considered.

4.2 Nonlinearity of the material
Two important analyses must be carried out to consider the nonlin-

ear behaviour: (i) assignment of the plastic hinges and (ii) definition
of material properties.

Table 2

Modal analysis output
T (s) fi (Hz) U, (%)™ U, (%)* U, (%R)* R, (%)** R, (%)** R, (%)**
1.684 0.594 0.15 63.51 0.0 0.0 0.0 36.33
1.478 0.677 99.77 0.22 0.0 0.0 0.0 0.00
1.239 0.807 0.07 36.26 0.0 0.0 0.0 63.66
0.138 7.258 0.0 0.0 19.20 0.40 21.89 0.0
0.132 7.574 0.0 0.0 48.17 1.26 27.88 0.0
0.127 7.872 0.0 0.0 0.10 27.15 0.11 0.0

*Modal participating mass ratio in the horizontal planes x and y, and vertical plane z (tfranslation).
**Modal participating mass ratio in the horizontal planes x and y, and vertical plane z (rotation).
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Figure 7
Pile-supported wharf model by FEM

In the model 44 lumped plastic hinges to describe the nonlinear
behaviour of structural elements have been applied. Plastic hinges
were put at the points where the bending moment has the maxi-
mum value. In particular, for K’ = 0.5 K the maximum moment is
16539 kN m whereas for K’ = 1.5 K the maximum moment is 16438
kN m. These points correspond to the top and bottom of the piles.
The plastic rotations at the connection of the piles and the wharf,
and the plastic rotations in the connection of the pile with the bed-
rock, had been established by literature [4]. In the analysis the
formation of plastic hinges begins from the top of the piles in the
second row, parallel to y-axis, starting from the right (see Figure 7).
Then the plastic hinges are extended in all the heads of the piles.
Procedure steps to define the input data in the software to obtain the
pushover curve are summarized below: (i) application of masses in
the joints. The masses can be applied in the joint or the mass can
be transformed in loads; (ii) if necessary, the stiffness reduction of
the elements due to the cracks must be considered; (iii) definition of
the plastic hinge sections. The geometry of the concrete, steel and
metal jackets must be drawn (e.g. diameter, shape, width); (iv) defi-
nition of the constitutive law of the concrete and steel (e.g. modulus
of elasticity, stress, strain); (v) assignment of the plastic hinges in the
model; (vi) application of the load patterns and results of the push-
over curve. Figure 8 shows the flow chart of these steps.

Application joint masses: as

mass or 25 loads.

A J
Consziderztion of the reduction of the stiffness,

:if necessary, for reinforced cracked concrete

Definition of the concrete, steel and metal jacket
section of the plastic hinges: geometry, draw. ..

h 4
Definition of the materizl characteristics of
the plastic hinges: concrete Mandel’s model

[8]. steel and metal jacket. ..

¥
Application of plastic hinges for
concrete, steel and metal jacket

¥
Application of the initial loads and
pushover loads. Definition the parametess
for base shear vs. monitored displacement.
Demonstration of the pushover curve.

Figure 8
Pushover analysis step-by step by using software

The properties of the plastic hinges include the section rein-
forcement and the strength expected values of the steel and
confined concrete.

The capacity of the structural element materials to resist all seis-
mic actions must be since their properties provide a more realistic
estimate for designing strength. The used stress-strain model for
confined concrete, applicable to circular shaped transverse rein-
forcement, is the Mander’s model [8]. Table 3 shows the properties
of the plastic hinges.

4.3 Pushover analysis results

Figures 9 and 10 show the analysis results through the response
spectrum and the pushover curve. It is possible to see the point

Table 3
Properties of the plastic hinges
Description Value
Pile concrete Comprgsswe strength f_, (MPa) 50.99
Elastic modulus E, (GPa) 29.52
. Yield strength f _ (MPa) 269.68
Metal jacket ve
etatjacke Elastic modulus E, (GPa) 205.94
; ) Yield strength f , (MPa) 539.36
Pile reinforcement Elastic modulus E, (GPa) 205.94
Longitudinal compressive strain €__ (%) 0.56
, Compressive strength ' (MPa) 72.92
Confined concrete by [8] Longitudinal compressive strain €_, (%) * 3.57
Compressive strength ', (MPa) * 43.81

*These parameters refer to the first hoop fracture of the confined concrete pile.
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Figure 9
Response spectra, linear curve, bi-linear curve and pushover curve.The pushover analysis refers to the second
mode on the x direction for K" = 0.5 K.The maximum allowed displacement is 13.74 cm (infersection between

pushover curve and response spectrum for 10% damped)

where the pushover curve changes inclination, which represents  when the pushover curve reaches the last point (ultimate strength),
the first degradation of the structure (yield strength). Before, the  the structure has instability and excessive distortions, and the ele-
structure remains linear-elastic with a well energy reserve capac-  ments (primary and/or secondary) reach a lateral deformation level
ity. The point when the pushover curve intersects the inelastic  at which loss of gravity load occurs. It is possible that the ultimate
spectrum represents the maximum allowable degradation. Finally,  strength is lower, therefore the structure will collapse beforehand.
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Figure 10
Response spectra, linear curve, bi-linear curve and pushover curve.The pushover analysis refers to the second
mode on the x direction for K" = 1.5 K.The maximum allowed displacement is 12.54 cm (infersection between

pushover curve and response spectrum for 10% damped)
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Table 4
Pushover analysis results for K'=0.5 K
Base shearV Displacement d, Elastic stiffness Curve area PSA/g=V/M
(MN) (cm) (kN/m) (MN cm) (m/s?)
. 4.42 6.69 66068.76 14.78 0.33
Bi-liner curve
6.63 13.74¢ 31347.52° 53.74 0.50
8.00 11.60 0.60
Liner curve® 9.51 14.40 66068.76 132.10 0.72
13.21 20.00 0.99
6.63 13.74° 0.50
Pushover curve 7.42 18.00 66068.76 151.17 0.56
8.53 28.00 0.64

@ The bilinear and pushover curve has the same limit displacement value, therefore the approximation of the bi-linear curve has been made correctly. The global ductility
demand is defied by 13.74/8.66 = 1.586, where 8.66 cm is the displacement defined on the pushover curve that represents the creation of the first plastic hinge;

° The slope of the linear curve represents the elastic stiffness of the structure;
¢ Plastic stiffness of the bi-linear curve.

The dynamic instability phenomenon is also affected by the char-
acteristics of the earthquake time-history [13].

Figures 9 and 10 show the demand spectra for damping 5% and
10%, the linear-elastic capacity curve, bi-linear elastic curve and
pushover curve for K’ = {0.5 K; 1.5 K}. The base shear is calculated
multiplying the total mass of the structure (M = 135.42 x 10° kg)
for the Pseudo-Spectra Accelerations (PSA). Table 4 shows some
important results of the analysis regarding some important points
of the curves for K’ = 0.5 K.

In Table 4, it is possible to compare the linear curve with the push-
over curve and to do some observations. If the advantage of the
material ductility is ignored, that is if the nonlinear analysis is not
carried out, the maximum allowed displacement is 11.60 cm, which
is about 16% less than 13.74 cm. The corresponding base shear is
8.00 MN, which is greater than 21% of 6.63 MN.

The first point of the pushover curve is the maximum allowed dis-
placement (elastic plus inelastic) of the structure, which is 13.74
cm. It corresponds to base shear 6.63 MN.

It is possible to see also that designing the structure by using linear
curve one can obtain a greater shear base of 9.51 MN with the dif-
ference of 2.88 MN respect to 6.63 MN. By doing so, the structure
is over-estimated and could bring financial disadvantages.

For the analysis shown in Figure 10 it is possible to raise the same
considerations. Most important values for K’ = 1.5 K are the maxi-
mum allowed displacement 12.54 cm that corresponds to the base
shear of 7.27 MN and the global ductility demand 12.54/6.67 = 1.88.

4.4 Torsional effects — Dynamic
Magnification Factor (DMF)

To consider the torsional effects of the longitudinal seismic stress,

Table 5
Dynamic Magnification Factor for
K'=05KandK'=1.5K

0.5 K 15K
Dynamic
Magnification Factor DMF 1.30 1.45
Performance point d* 13.74cm 1254 cm
Amplified d*,, 17.86cm 18.81cm

performance point

the DMF, which increases the transverse displacement is applied.
DMF according to POLB [5,30] is defined by:

DMF = 1,50 - 0,05- LEL = 1,10 for spring stiffness K’ = 0.5 K (8)

DMF = 1,65- 0,05 '% > 1,10 for spring stiffness K’ = 1.5 K ()]

where L, and B are the length and the width of the wharf, respec-
tively. Table 5 shows results of the DMF. In this way, the rotational
capacity of the joint must be sufficient for the structure to support
a transverse displacement relative to the maximum performance
point. Table 6 shows the verification of the rotational capacity of the
joint according to Eurocode [6].

Since prd > Gp_E the plastic hinge has sufficient rotation capacity to
withstand the seismic action.

5. Conclusion
E—

In this paper a nonlinear static analysis applied to a pile-supported
wharf is carried out. The pile-supported wharf has an area of 6520 m?,

Table 6
Verification of the rotational capacity of the joint in according to Eurocode [6]
Verification of the rotational capacity of the joint 0.5 K 1.5K
Axial force N= -2615 kN N= -291.0 kN
Curvature of the idealized M-C diagram Pyicea =  0.00459 1/m yiceat = 0.00461 1/m
Distance of the pile/lsupersTrucTu're irﬂersgcfion L= 4 m L= 4 m
up fo zero bending moment in the pile
Plastic hinges length L, = 0.87 m L, = 0.87 m
Ultimate curvature in the idealized M-C diagram ¢,= 0.05200 1/m ¢,= 0.05210 1/m
Ultimate capacity of the plastic rotation 6,,= 0.03676 rad 6,,= 0.03682 rad
Security factor Yrp = 1.4 - Yrp = 14 -
Capacity of the design plastic rofation Bpq= 0.02626 rad 6,q= 0.0263 rad
Plastic rotation in the target displacement 6,:= 0.0086 rad 6,.= 00116 rad
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the length in the transversal direction is 40.0 m and the length in the
longitudinal direction is 163.0 m.

The seismic activity in this area where the port is placed is very
intense, with a value of 0.55 g PGA. For periods greater than 0.64
s, the code Covenin is higher than the Eurocode, which means that
the code Covenin is more conservative in respect to Eurocode.
Geotechnical characteristics have been studied and the areas
have been divided in three principal parts: valley-area, hill-area
and sea-area. The latter has marine sediments of more com-
pressible silt-clay with a thickness of 10.00 m and conglomerates
“coche”-formation.

The NSP using CSM has been explained step-by-step as fol-
lows: the seismic demand, capacity of the structure, conversion to
ADRS, selecting displacement, bi-linear curve, reduction of seis-
mic demand and convergence. The procedure is consistent to the
literature [3].

The 3D analysis of the pile-supported wharf is useful to calculate
the vibration modes, the loads and the interaction fluid-structure-
soil. In this analysis, the MPMR for the second mode in x direction
is predominant (99.77%), therefore the choice of the direction of
the pushover analysis is the x direction.

In the modelling, the nonlinear behaviour of the material is fun-
damental; 44 plastic hinges in accordance to literature [4] have
been assigned and the constitutive equations refer to the Mander’s
model [8].

Since the structure has strategic importance, it is important to
analyse the consequences of the structure failure and to estimate
maximum allowed displacement. The most severe wharf damage
corresponds to failure of piles along an extended length of the
wharf structure.

The final results have been shown in the graphic base shear vs.
displacement. The base shear is calculated by multiplying the total
mass by the PSA. The allowed displacement is 18.81 cm.

It is interesting to note that, for the elastic curve, the allowed dis-
placement is up to 7.2 cm less than the inelastic curve’s displace-
ment. This difference represents the advantage of the material
ductility. With the pushover analysis it is possible “to push over”
the structure.

If in the pushover analysis the continuous change of the dynamic
parameters is considered, the result of the pushover analysis is
very close to the results of the dynamic analysis.
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Abstract

An experimental program on reinforced concrete masonry beams was conducted aiming to better understand the behavior of reinforced masonry
beams. The beams were designed to fail in flexure, assessing cracking patterns, maximum displacement, ultimate bending moment, and maxi-
mum flexural and axial compression strain. The experimental program included 12 reinforced masonry beam tested under flexure and built with
bond-beam and hollow concrete blocks. Also, two type of prism were built and tested; one type stacked into the block greater dimension allowing
testing with compression in the same direction as in the beams; and the second type as standard grouted prisms. Results indicate an average
masonry compression strength parallel to bed joint 25% lower than the masonry compression strength in the other direction (perpendicular to bed
joints). There was a significant increase on the beam stiffness due to the construction of one more block course. The model used to calculate the
ultimate bending moment led to values close to the experimental result (difference of about 15%). Finally, the ultimate average shortening strain
of masonry at axial compression was 50% lower than at flexural compression.

Keywords: beam, masonry, reinforced masonry, bending, ultimate strain, compressive strength.

Resumo
E———

Com objetivo de contribuir com o melhor entendimento do comportamento de vigas de alvenaria estrutural armada, foi realizado o estudo ex-
perimental de vigas de alvenaria armada com blocos de concreto. Essas foram projetadas para ruptura a flexdo, sendo analisando o modo de
fissuragao, a flecha, o momento fletor ultimo, a deformagao por encurtamento médio Ultimo da alvenaria na compressao simples e na flexdo. Foi
desenvolvido um programa experimental no qual foram ensaiadas, a flexdo simples, 12 vigas de alvenaria estrutural armada confeccionadas
com canaletas e blocos de concreto. Para comparagéo entre resisténcia & compressao da alvenaria paralela e perpendicular as juntas hori-
zontais, foram confeccionados e ensaiados dois tipos de prismas; 4 prismas grauteados, confeccionados com a maior dimensao dos blocos na
vertical, simulando a ocorréncia das tensdes de compressao nas vigas (paralelas as juntas horizontais), e 4 prismas convencionais grauteados.
Resultados mostraram que, em média, a resisténcia a compressao da alvenaria paralela as juntas horizontais foi 25% menor comparada com a
outra diregéo (perpendicular as juntas horizontais). Houve um aumento significativo da rigidez das vigas devido a insercéo de mais uma fiada. O
modelo utilizado para o calculo do momento fletor Gltimo conduziu a valores proximos dos experimentais (diferenga de aproximadamente 15%).
E em média, o encurtamento ultimo da alvenaria na compressao simples foi 50% menor do que na flexao.

Palavras-chave: viga, alvenaria, alvenaria estrutural armada, flexdo, deformagao na ruptura, resisténcia a compresséo.
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1. Introduction

EE

Beams are horizontal elements used to overcome spans over

openings. When made in masonry can be constructed with bricks,

blocks or with hollow blocks. They are usually reinforced, simi-

larly to concrete beams, allowing expressive increase in flexural

strength [1].

Recently, reinforced structural masonry beams were used in the

structure of transition floors, called pilotis. However, its use is still

limited, perhaps due to lack of knowledge. Thus, knowing more

about the behavior of reinforced structural masonry beams, they

can be safely more frequently used. Some advantages of the use

of reinforced masonry beams are:

B Reduction of formwork, since the beam blocks allow building
beams from blocks;

B Cost reduction of the carpenter labor to produce structural ma-
sonry beams, and;

B Decrease in the final cost of the work if the above items are
considered in the costs.

1.1 Bending behavior and design

According to [1], [2], [3], [4] and [5], thes following hypotheses are

adopted to design reinforced structural masonry:

B In any section, the internal forces are in balance with exter-
nal forces;

B Strain varies linearly through the depth of the member;

Tension stress in the concrete is equal to zero after cracking;

B Both Steel and masonry have linear elastic behavior for service
loads, leading to neutral line passing through the centroid of
the cracked section;

B Acomplete bond exists between the steel and the grout.

Different behavior stages observed, as the loading increases in a

reinforced structural masonry beam:

My~
2 My -
I
)
£
[+]
=
8
§ Msr
Elgr
Curve B
™\ Elastic-postcracking
M er (E3|urve A
Elg _— Elastic-precracking
‘i""—‘g/

Secondary compression failure
for under-reinforced section.

CuveD ——w ——— &

—_/l__/) Yielding of reinforcement

\;Compression controlled failure

for over-reinforced section.

B Uncracked Masonry Stage (stage I): the tensile stresses in
the maximum tensile section fiber is less than the masonry
flexural strength (M < M_), with moment-curvature diagram as
Figure 1. Before cracking, the stress and deformation distribu-
tions along the section are linear, as shown in Figure 2 (a). The
section properties can be calculated by the equivalent section,
where the steel area is transformed into a masonry area that
produces the same deformation, considering the steel and ma-
sonry elastic modulus ratio;

B Masonry Cracked-Elastic Stresses Stage (stage Il): after
exceeding the masonry flexural strength, cracks occur on the
tension face and propagates towards the neutral axis until it
is possible to restore the section equilibrium. At this stage, in
most cases, the compressive at the masonry are small, and
the steel still does not yield. As the two materials continue to
deform, the curvature increase of the section is linear but with
stiffness being continually reduced, as curve B in Figure 1.
The service load moment value, M, shall be in stage. Up to
a certain M limit, the cracked section will continue with elastic
behaviour, as illustrated in Figure 2 (b). Ignoring the tensile ma-
sonry section area, the force binary (compression and tension
forces) are calculated using the section compressed masonry
area (C) and “n” times the steel area in the tension area (T).
Thus, stresses and strains can be calculated;

B Ultimate-Strength Stage (stage lll): close to the failure, ma-
sonry stresses are plastic and non-linear, as curve C of Figure
1. Depending on the reinforcement ratio, steel yielding (With M
= My) does not occur before the masonry compression-failure.
If the section is over reinforced, the masonry will suddenly fail
in compression (fragile behavior); if the section is under rein-
forced, the steel yield strength defines the section maximum
moment, and it is possible to calculate the maximum compres-
sive stress in the masonry at this point, balancing the section.
Thus, masonry under compression is at a nonlinear behavior

—

for under-reinforced section.

Py

Curvature, ¢

Figure 1
Moment-curvature curve for masonry beams [1]
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Figure 2
Reinforced beam analysis of [1]

and the maximum deformation in the upper compressed fiber
is limited by the maximum deformation of the masonry *, as
illustrated in Figure 2 (c). The design requirements must also
meet the section ductility condition, guaranteeing the steel
yielding. The tensile force will be equal to:

Ag i
¥s
Where:
fyk = steel reinforcement yield strength;
v, = steel material resistance safety coefficient.

——

M

€,=0,0035
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x
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As /

, | o e
] e

Cross Section Strain True

Figure 3
Section at the ultimate limit state [1]

After steel yielding (M > M,), for every moment increase the sec-
tion equilibrium is established moving the neutral axis line towards
compression face increasing the force-binary lever arm and the
compression stress. When the beam is over reinforced, the steel
does not reach the yield strength before the masonry compression
strength and deformation limit, causing a brittle and sudden failure
to occur with small displacements, situation to which the designer
should avoid. For this reason, the ductile behavior of under rein-
forced sections is desirable because of the possibility of load redis-
tribution to less loaded members after the reinforcement yielding
and, mainly, the possibility of perceiving beam-failure warnings,

yif Vifg
—I P
0,4x
08x - ' c
T=
b T | T=2s'ya
Distribuition Rectangular Distribuition
Stresses
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characterized by large displacements and crack openings before
its rupture. At the limit between the under-reinforced and over-re-
inforced section, one can calculate the balanced moment, where
steel yielding and masonry crushing occurs at the same. This point
allow the best use of both materials [1].

The masonry stress-strain diagram is not linear and depends on
various factors and properties of the materials. Figure 3 Shows the
actual distribution of stresses in the masonry in a flexural section
and the approximate rectangular diagram used for dimensioning
it, like a reinforced concrete model [6] and [7]. Differences for re-
inforced concrete include substitution of concrete strength by ma-
sonry strength (f,) and the introduction of the coefficient “y,” which
considers the direction of the compression.

1.2 Codes specifications

Unlike a wall member, where the compressive stresses act per-
pendicularly to the horizontal joints, in the reinforced structural ma-
sonry beams stresses are parallel to the bed joints, as illustrated
in Figure 4.

To estimate the masonry strength and its modulus of elasticity, it
is common to test two-block prims loaded perpendicularly to the
horizontal joints, due to easy assembly and handling of this speci-
men type. From the result obtained for the test specimen described
above, one can obtain the masonry strength in the other direction
(parallel to the horizontal joints) [2], [4] and [9].

Wong and Drysdale (1985) [10] state that the compressive strength
of the masonry parallel to the horizontal joints is approximately
25% less than the compressive strength of the masonry perpen-
dicularly to these joints. The CSA Standard 304.1-04 (2004) [5]
recommends that this reduction to be 50%, as well as the NBR
15961-1 (2011) [4], if the compressed region of the element is not

Table 1

Compression perpedicular to the bed joints

Wall compression

AR EEER

<= Compression parallel to the bed joints
4= Beam compression
g
=
s
i
1\ il =
Head joint | Bed joint
Figure 4

Compression load directions [8]

fully grouted. Ring, Das and Stubbs (2012) [8], when analyzing the
resistance of grouted prims (compressive strength of masonry par-
allel to horizontal joints) and reinforced structural masonry beams
(compressive strength of masonry perpendicularly to horizontal
joints), stated that the compressive strength of the masonry parallel
to the horizontal joints was approximately 53% higher, compared
to the compressive strength of the masonry in the other direction.

Table 1 shows the equations specified by international coded AS
3700-2001 (2001) [2], BS 5628-2 (2005) [3] and NBR 15961-1
(2011) [4] to design reinforced structural masonry beams and Table
2 shows the material and load coefficients adopted by each code.
In NBR 15961-1 (2011) [4], in addition to using the coefficient of
reduction of the steel strenght (y,), the standard reduces the steel
yield strength by 50%. In a simplistic way, this specification can be
understood as an extra safety factor to the flexural design. Accord-
ing to Parsekian et. Al (2012) [1], this reduction not present in inter-
national codes as 3700-2001 (2001) [2], BS 5628-2 (2005) [3] and

Expressions for the lever arm (z) and design bending moment (M,) for reinforced structural masonry
beams design from the codes AS 3700-2001 (2001) [2], BS 5628-2 (2005) [3] and NBR 15961-1 (2011) [4]

Code Lever arm Design bending moment (M)
AS 3700-2001 _ 060.454.f, of 4 dl1e 06.f5y 4,
(2001 (13.f,,)-b.d Vs (13.£,,).b.d
BS 5628-2 ( _ 050.45.f y-me> < 095.4 Aty <1 _05.4..1 y-me) _O&fybd
(2005) b.df Ve |~ Yoo bdf Ve )= Vom
NBR 15961-1 _ 0,504 f, _05.4,.f, 5
(2011) (1 hdf, <095.d Asfod(1————== ) s 04.f,.b.d
Note: According to NBR 15961-1 (2011): f , = }{—" and fo = 0,5.%

Table 2

Values of the material reduction or safety coefficients from the codes AS 3700-2001 (2001) [2],

BS 5628-2 (2005) [3] and NBR 15961-1 (2011) [4]

AS 3700-2001 (2001) BS 5628-2 (2005)

NBR 15961-1 (2011)

¢ Yenm
0.75 2.3

Ym s
2.0 1.5
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Figure 5

Specimens tested

CSA S304.1-04 (2004) [8]. Itis considered in the Brazilian code due
to the limited number of researches on structural masonry beams
and because of questioning on the perfect adhesion condition be-
tween the grout and masonry interfaces.

In relation to the maximum masonry strain at ultimate moment,
the standards AS 3700-2001 (2001) [2], BS 5628-2 (2005) [3] and
NBR 15961-1 (2011) [4] specify its value as 3.5%o, while CSA S
304.1-04 (2004) [5] adopts the value of 3.0%o. In the work carried
out by Suter And Fenton (1986) [7], the authors obtained the aver-
age masonry flexural compression as 3.4%o.

Table 3
Grout and mortar mix proportions

On the cracking pattern of reinforced structural masonry beams,
when analyzing the contribution of the transverse reinforcement
to the shear strength, Fereig [11] concluded that the cracks are
spread along the horizontal and vertical joints, also observed by
Landini (2001) [12] and Ramos (2012) [13].

2. Materials and experimental program
EE—

Twelve reinforced structural masonry were tested to pure bending,
with varying heights - beams of 2 and 3 courses — and longitudinal
reinforcement. The first course was always built with beam-blocks
and the other courses with hollow blocks. Seven beams had the
transversal section of (14x39) cm and five beams had the trans-
versal cross section of (14x59) cm.

Four special prims specimens with the grouted blocks laid by the
largest lateral face, here called “lateral prism”, and four conven-
tional grouted prims were also tested. Each type of prism was two-
block high. The lateral prims had a total height of 59 cm and the
conventional prims were 39-cm high. Figure 5 shows the types of
beams and prims specimens at the research program.
Beam-blocks and regular hollow-blocks (concrete blocks) of di-
mensions (14x19x29) cm and (14x19x14) cm were used to manu-
facture the structural masonry beams. The lateral prisms and the
regular prisms were assembled using regular hollow-concrete
blocks (14x19x29) cm. According to NBR 6136 (2014) [14], the
concrete blocks were classified as class A.

Grout, mortar, block and prism specimens, illustrated in table 3,
were tested to axial compression, after 28 days of the specimens
molding, obtaining the compression strength of each.

Grout

Mortar

Cement: Lime: Fine Aggregate: Coarse Aggregate

Mix proportion by volume: 1:0.10:1.50 : 1.60
Mix proportion by mass: 1:0.05:2.40:2.30
Water/Cement ratio = 0.65

Cement: Lime: Fine Aggregate

Mix Proportion by Volume: 1 :2.50 : 4.50
Mix Proportion by Mass: 1:1.34:7.19
Water/Cement Ratio = 1.70

Figure 6
Prism construction

[ 2
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Table 4
Data of the reinforced structural masonry beams
. b h d As
Beam specimen (cm) (cm) (cm) (cm?)
V2F1 29.20
10. =0. 2
V2ED 31.00 ¢ 10.0mm =0.80cm
V2F3 31.00
— 2
VOF4 30 3050 $20.0mm =3.15¢cm
V2F5 30.80
V2F6 14 31.20
V2F7 31.00 ¢ 25.0 mm = 5.00 cm?
V3F1 53.00
V3F2 52.40
V3F3 59 51.60
V3F4 51.60 ¢ 32.0 mm = 8.00 cm?
V3F5 52.80

2.1 Specimens naming

When showing the resullts, the reinforced structural masonry beams will
are described using 4 characters: The first is the letter V, abbreviation of
beam (“Viga” in Portuguese), the second character if number 2 or 3 pur-
sued depending on the number of coursed of beam (2 or 3 courses), the
third character of the letter F (meaning “Fiada” as course in Portuguese),
and the fourth character is the beam specimen numbering, from 1 to 7 for
the 2-course (2F) beams, and from 1 to 5 for the 3-course (3F) beams.

2.2 Prism construction

The blocks used to build the lateral prims were positioned and wet
before grouting, and after consolidated with an immersion vibrator. In
the curing process, the grouted blocks were covered with a plastic film
at the top for 5 days and, within this period, frequently wetted. After the
curing period, they had one of the surfaces regularized with gypsum
capping, the other was left without the regularization to receive the
bedding mortar. The assembling sequence is illustrated in Figure 6.

o 2 3 =
(o]
w \i
14 g ¥ 0
14 A
e 2-course beams 0 3-course beams
Figure 7

Cross section of the 2 and 3 course beams -
dimensions in centimeter

2.3 Reinforced structural masonry
beams construction

Firstly, the beam-block first course was assembled, uniting them
with by the head joint bedding mortar throughout the beam-block
transversal area. After 2 days of mortar curing, the reinforcement
steel bars were mounted inside the beam-block channel. The struc-
tural masonry beams were reinforced with one positive longitudinal
bar, with one negative longitudinal bar (stirrup-hold bar) and with
one-leg stirrups along its length. The stirrups had end-hooks in-
volving the top and bottom longitudinal reinforcement. Figure 7 (a)
and 7 (b) detail the transversal cross section of each beam type.
In all beams, the stirrup diameter was 6.3 mm and the transverse
reinforcement area equal to 4.4 cm #m, which was dimensioned
to avoid shear failure. Table 4 summarizes the reinforced structural
masonry beams data.
With the positioning of the frame within the channel, the remain-
ing courses were full-bedded laid with mortar. Grouting occurred
after 2 days of mortar curing, when the beams were wet to reduce
grout shrinkage problems, and the grout was consolidated with an
immersion vibrator. The curing process consisted of covering the
region of the exposed grout with a plastic film for 7 days and, dur-
ing this period, they were frequently wetted.
To facilitate cracks visualization during the test, the beams were painted

Figure 8
Structural masonry beam to be tested
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e Prism testing

Figure 9
Lateral prism testing and instrumentation

with acrylic-resin-based paint (water-based acrylic paint) dissolved in
water, into two coats so that it would not form a thick layer of the paint-
ing. The final result of the beams assemblage is shown in Figure 8.

2.4 Test instrumentation

In the prism’s simple compression testing, a hydraulic testing ma-
chine with a maximum capacity of 1,000 kN with spherical seat com-
pression plates for loading application was used. In each prism, the
shortening of the masonry in the axial compression was obtained by

Figure 10
Regular prism festing

o Instrumentation— dimensions in centimeters

the mean of the deformation of the 5 LVDTs fixed along the speci-
mens, 4 on the sides and 1 in the front face. For the regular prims
testing, a hydraulic machine with a maximum capacity of 2,000 kN
was used to obtain the compression strength. Figures 9 (a), 9 (b)
and 10 show the test instrumentation scheme using during the lat-
eral prism testing and during the regular prism testing, respectively.
For pure bending testing of the beams, a simple supported span of 300
cm was designed to the 359-cm long beams, into four-point loading.

In the case of the 2-course beams, wood beams were used to spread the
load to each loading point. For the 3-course beam testing steel I-section
were used to spread the load. Each load point was at a 30-cm distance
center of the span, obtaining a 60-cm long region with pure bending
moment, as illustrated in Figures 11 (a) and 11 (b). In each beam, one
displacement transducer was placed at the mid-span at the top face of
the beam to the masonry flexural shortening strain. One strain-gage was
glued to the positive reinforcement bar, also at mid-span. Also, two dis-
placement gages were placed on each of the beam face.

3. Results and discussions
E——

3.1 Average compressive strength of blocks,
mortar and grout

Table 5 summarize the average compressive strength of the mor-
tar, grout and blocks used.

Table 5
Average compressive strength

Average

- Coefficient
Material compressive of variation
strength (%)
(MPa) °
Concrete block* 12.64 15.07
Grout 23.23 4.63
Mortar - (6 x 10) cm 6.68 4.88
Mortar - (4 x4 x 4) cm 8.46 2.63

* Block strength related to the gross area

e
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300

359

200

o Test set-up for the 2-course beams —

dimensions in centimeter

Figure 11

Q Test set-up for the 3-course beams —
dimensions in centimeter

Four-point pure bending testing of the 2 and 3-course beams
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Figure 12

Stress vs Strain curve of the lateral prism

Table 6

Results from the lateral prism and regular prism testing

3.2 Results of the lateral prism
and regular prism testing

The lateral prism and regular prism testing results, as well as
the relationship between these two resistances, are shown in
Table 6.

Using the loading data obtained by the load cell and the de-
formation data through the LVDT'’s, it was possible to plot
the stress vs strain curve for the lateral prism specimens, as
shown in Figure 12. In these curves it is noted that the curves
for the 3 specimens (Prisma 2, Prisma 3 and Prisma 4) reach
the stress of 15 MPa, which does not correspond with the
maximum strength of each prism shown in Table 6. This occur
because the LVDTs lost their reading after this loading level.
Thus, the curves include values only values up to 15 MPa.

On the average, the compressive strength of the lateral prims
was 15.40 MPa, and that of the regular prims of 20.37 MPa,
with the mean ratio between these two resistances equal to
0.75. To calculate the ultimate theoretical bending moment,
the average compressive strength of the lateral prims was
used. The ultimate masonry shortening strain of each lateral
prism was also measured, and from that the average ultimate
masonry strain into axial compression was calculated equal
to 1.65%o.

The mode of rupture of the prims was the result of the lateral
deformation of the stressed grout pressing the lateral walls of

Lateral prism

Regular prism

Test specimen Compre(sl\s;ligz)strength Test specimen Compre(shs;ligz)sirength Ratio!
1 13.31 1 18.53 0.72

2 14.87 2 19.16 0.78

3 15.66 3 21.03 0.75

4 17.73 4 22.75 0.78
Average 15.40 2 20.37 0.75

'Ratio: relation between the compressive strength of the lateral prism to the regular prism.
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9.000
——V2F1

Figure 13
Lateral prism after testing

the block, causing the rupture of the assemble, as shown in
Figure 13.

3.3 Results of the reinforced structural
masonry beams testing

The bending moment vs beam displacement at mid-spam curves
obtained from the four-point testing on the 2 and 3-course beams
are illustrated in Figures 14 (a) and 14 (b).

The increase in the number of the beams courses was the main
factor for increasing the beam stiffness. Looking at the plot, the
change in the curve slope at the beginning of the test indicates the
moment that each beam started to crack. Table 7 show the aver-
age cracking moment for each set of beams teste. Those values
where estimated from the data readings and visual observation.
From the instrumentation used in the beams, it is also able to plot

Table 7
Average values of the cracking moment for each
beam type

Cracking
Beam specimen moment - average values
(kN-cm)
V2F1
V2F2 465
V2F3
V2F4 720
V2F5
V2F6 1,195
V2F7
V3F1
V3E2 2,070
V3F3
V3F4 2,670
V3F5

| ——V2F2 |
—i—V2F3

8.000

s
=

=
g

g

s
2

Bending moment (kN.cm)
b
g

2.000 |

1.000

10,00
Mid-Span displacement (mm)

0,00 5,00 15,00 20,00

e 2-course beam

18.000
—+—V3iFl
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8.000

6.000

Bending Moment (kN.cm)

4.000

0,00 5,00

10,00
Mid-span displacement (mm)

15,00 20,00

Q 3-course beam

Figure 14
Bending moment vs mid-span displacement curve
for the 2 and 3-course beams

the bending moment vs masonry strain curve and the bending mo-
ment vs steel strain curve, shown at Figures 15 and 16. It is ob-
served that in Figure 16 there is no V3F3 beam curve because, for
this specimen, the longitudinal reinforcement has not been instru-
mented with the strain gage.

The ultimate masonry deformation strain in the pure flexure region
ranged from 1.55%. to 5.90%0 and, on average, this ultimate strain
was 3.35%0. The strain deformation of the steel at failure ranged
from 1.74%o to 3.98%0, showing that in none of the cases the steel
reached 10%o, which is the limit allowed by NBR 15961-1 (2011) [4].
From masonry ultimate results in the axial compression testing (prism
test) and in the pure bending testing (beam test), and from the strain
of the steel at the ultimate load in the beam tests, it was adopted
the values of 1.5%o, 3%0 and 5%. for the each of those strain values,
respectively, to determine the neutral axis position of reinforced struc-
tural masonry beams ultimate load, as shown in Figure 17.

To calculate the ultimate bending moment of the reinforced
structural masonry beams, Eg. (2) was used, obtained

1018
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18.000,00
16.000,00 [ i
through the balance of forces for the model illustrated in Figure 18.
14.000,00 - 0,5. 4. f
. Mu,teo = As-fyk- d. <1 - #) (2)
g, 12.000,00 - 4
E Thus, with the data in Table 1, using the steel characteristic yield
E 100000 1 strength fyk =500 MPa and masonry average compression strength
;.0 i fpm = 15.40 MPa, it was possible to perform the comparison
giu T between the ultimate experimental and theoretical bending
"E 6.000.00 i moments, illustrated in Table 8. No reduction in steel yield strength,
£ . , —+—V2F1I ——V2F7 - .
P as specified by the NBR 15961-1 (2011) [4], was considered be-
4.000,00 - T — cause it was not verified the occurrence of the any separation at
—-—vzr:; V3F3 the grout/block interface or at the reinforcement bar /grout inter-
2.000,00 e VOF5  —8—V3F4 faces after the beam’s failure. From Table 8, one can note that
—e—VIF6 —+—V3F5 the results of the predicted theoretical values are close to those
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reinforcement steel bar strain at the mid-span Figure 18
section curve for the 2 and 3-course beams Flexural section design model
Table 8
Comparison between the ultimate experimental and theoretical bending moments
. M, o' M, 1002 Ratio?
Specimen (kN.cm) (KN-cm) (%)
V2F1 1,316.40 1,130.87 85.91
V2F2 1,186.04 1,202.87 101.42
V2F3 5,360.44 4,306.84 80.34
V2F4 5,404.80 4,228.09 78.23
V2F5 7.727.40 6,249.61 80.88
V2F6 7,830.60 6.349.61 81.09
V2F7 7,202.40 6.299.61 87.47
V3F1 12,333.57 11,799.61 95.67
V3F2 13.576.06 11,649.61 85.81
V3F3 16,391.97 16,927.01 103.26
V3F4 14,617.20 16,927.01 115.80
V3F5 17,184.60 17,407.01 101.29

! Ultimate moment obtained experimentally; 2 Ultimate moment obtained theoretically; * Ratio: relationship between the ultimate experimental and theoretical bending moment.
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Figure 19

Reinforced structural masonry beams cracking history

obtained in the tests. The values theoretically calculated results
between 22% lower (conservative) and 3% higher (practically
equal) to those of the test results. Therefore, there is no reason to
reduce the yield strength in steel in concrete block beams and is
worth the same theory of reinforced concrete beams.

Regarding the cracking pattern of the beams, it was observed, in
most cases, cracks at the vertical and horizontal joints. With in-
creasing loading, the cracks propagated in the direction of the load
points. In the 3-course beams (V3F4, V3F5 and V3F6), that had
the highest reinforcement rate, cracking occurred closer to the
supports, indicating some influence of the shear stresses to the
cracking, and probably those beams behavior is closer to the truss
model than to the adopted bending model. The cracking history of
each beam group is illustrated in Figures 19 (a) up to 19 (e).

4. Conclusions
HEE
Based on the results obtained, it was concluded that:

1. From the axial compression testing, on average, the com-
pressive strength of the masonry parallel to the horizontal

joints corresponds to 75% of the compressive strength of the
masonry in the other direction (perpendicular to the horizon-
tal joints);

2. With the insertion of more block course, there was an increase
in stiffness of the structural masonry beams;

3. During the flexural testing, the cracks emerged predominantly
in the vertical and horizontal joints;

4. The design-model used for the dimensioning of the reinforced
structural masonry beams section is satisfactory, providing val-
ues close to the experimental results;

5. There is no reason to reduce the steel yield strength in the
flexural design of reinforced concrete block masonry beams
and the same theory for reinforced concrete beams can be ad-
opted; and

6. The ultimate masonry axial compression strain was 50% lower
than ultimate masonry flexural compression strain.
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Abstract

An experimental program on reinforced concrete masonry beams was conducted aiming to better understand the behavior of reinforced masonry
beams. The beams were designed to fail in flexure, assessing cracking patterns, maximum displacement, ultimate bending moment, and maxi-
mum flexural and axial compression strain. The experimental program included 12 reinforced masonry beam tested under flexure and built with
bond-beam and hollow concrete blocks. Also, two type of prism were built and tested; one type stacked into the block greater dimension allowing
testing with compression in the same direction as in the beams; and the second type as standard grouted prisms. Results indicate an average
masonry compression strength parallel to bed joint 25% lower than the masonry compression strength in the other direction (perpendicular to bed
joints). There was a significant increase on the beam stiffness due to the construction of one more block course. The model used to calculate the
ultimate bending moment led to values close to the experimental result (difference of about 15%). Finally, the ultimate average shortening strain
of masonry at axial compression was 50% lower than at flexural compression.

Keywords: beam, masonry, reinforced masonry, bending, ultimate strain, compressive strength.

Resumo
E———

Com objetivo de contribuir com o melhor entendimento do comportamento de vigas de alvenaria estrutural armada, foi realizado o estudo ex-
perimental de vigas de alvenaria armada com blocos de concreto. Essas foram projetadas para ruptura a flexdo, sendo analisando o modo de
fissuragao, a flecha, o momento fletor ultimo, a deformagao por encurtamento médio Ultimo da alvenaria na compressao simples e na flexdo. Foi
desenvolvido um programa experimental no qual foram ensaiadas, a flexdo simples, 12 vigas de alvenaria estrutural armada confeccionadas
com canaletas e blocos de concreto. Para comparagéo entre resisténcia & compressao da alvenaria paralela e perpendicular as juntas hori-
zontais, foram confeccionados e ensaiados dois tipos de prismas; 4 prismas grauteados, confeccionados com a maior dimensao dos blocos na
vertical, simulando a ocorréncia das tensdes de compressao nas vigas (paralelas as juntas horizontais), e 4 prismas convencionais grauteados.
Resultados mostraram que, em média, a resisténcia a compressao da alvenaria paralela as juntas horizontais foi 25% menor comparada com a
outra diregéo (perpendicular as juntas horizontais). Houve um aumento significativo da rigidez das vigas devido a insercéo de mais uma fiada. O
modelo utilizado para o calculo do momento fletor Gltimo conduziu a valores proximos dos experimentais (diferenga de aproximadamente 15%).
E em média, o encurtamento ultimo da alvenaria na compressao simples foi 50% menor do que na flexao.

Palavras-chave: viga, alvenaria, alvenaria estrutural armada, flexdo, deformagao na ruptura, resisténcia a compresséo.
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1. Introducgao

EE

Vigas sdo elementos horizontais utilizados para vencer vaos so-
bre aberturas. Quando feitas em alvenaria podem ser construidas
com tijolos, blocos canaletas ou ainda com blocos vazados. Usual-
mente sao armadas, de maneira semelhante a vigas de concreto,
permitindo expressivo aumento na resisténcia a flexao [1].
Recentemente, vigas de alvenaria estrutural armada foram empre-
gadas até mesmo na estrutura dos pavimentos de transigéo, cha-
mados de pilotis. Entretanto, sua utilizagao ainda é limitada, talvez
pela falta de conhecimento. Assim, conhecendo-se mais sobre o
comportamento de vigas de alvenaria estrutural armada, as mes-
mas poderdo ser empregadas com seguranga com maior frequén-
cia. Algumas vantagens do uso de vigas de alvenaria armada s&o:
B Redugédo de férmas, uma vez que os blocos de concreto do
tipo canaleta utilizados nas vigas de alvenaria estrutural ser-
vem como tal;

Reducao do custo com mao de obra (carpinteiro) para a fabri-
cagao das vigas de alvenaria estrutural e;

Diminui¢éo no custo final da obra se os itens acima forem con-
siderados nos custos.

1.1 Comportamento e dimensionamento a flexdo

Segundo [1], [2], [3], [4] e [5], as seguintes hipdteses sdo adotadas
para o dimensionamento de alvenaria estrutural armada:

B Em qualquer secgéo, as forgas interna estdo em equilibrio com
as forcas externas;

Secgoes planas antes da flexdo permanecem planas apos, con-
siderando que as deformagdes ao longo da se¢ao sao linea-
res, proporcionais a distancia até a linha neutra;

A resisténcia a tragdo da alvenaria é considerada nula, apos
sua fissuragao;

B Tanto o aco quanto a alvenaria tem comportamento elastico

Ruptura a compressao secundaria
para secdo sub-armada T
My - C“"ﬂ&_ﬂ e ———
__f-”f__—_'_ "'“——_______‘__h_h
M y — ®="__ __ Escoamento da armadura
para secdo sub-armada
CurvaC \
= - Ruptura a compresséo
= / para secdo super-armada
]
w
5
= M s %
| Eler I
~ CurvaB
Elastica apds fissuragéo M ( j M
M cr __Curva A
Elastica antes da fissuracéo
e e e e . o |

by

linear para cargas de servico, levando a linha neutra a passar

pelo centroide da segao transversal fissurada equivalente e;
B Perfeita aderéncia entre o graute e a armadura.
Diferentes estagios de comportamento (conhecidos com estadios)
sdo observados, conforme o aumento do carregamento em uma
viga de alvenaria estrutural armada:
B Estadio | (Secdo nao fissurada): quando a tens&o na fibra
do bordo tracionado é inferior a resisténcia de tragao da fle-
x&o da alvenaria (M < M_), com diagrama momento-curvatura
indicada na curva A da Figura 1. Antes do aparecimento de
fissuras, as distribuicdes de tensdes e deformagdes ao longo
da segao sao lineares, conforme a Figura 2 (a). As proprieda-
des da segao podem ser calculadas pela segao equivalente,
onde a area de ago é transformada em uma area de alvenaria
que produz a mesma deformagéo, levando em conta a relagdo
entre os médulos de elasticidade do ago e da alvenaria;
Estadio Il (Secao fissurada): ao exceder o limite de resis-
téncia a tragdo da alvenaria, ocorrem fissuras no bordo tra-
cionado que se propagam em direcdo a Linha Neutra (L.N.)
até que seja possivel se restabelecer o equilibrio da secao.
Nesta fase, na maioria dos casos, as tensdes de compressao
na alvenaria ainda serdo muito pequenas, e 0 aco ainda nao
escoa. Como os dois materiais continuam a se deformar, o
aumento de curvatura da segao € linear porém com rigidez
sendo continuamente reduzida, conforme curva B da Figura
1. O momento da seg&o para cargas de servico, M_, deve
estar nessa regido. Até um certo limite de M, a segéo fissu-
rada ira continuar com comportamento elastico, como ilustra
a Figura 2 (b). Ignorando a regido da segdo composta pela
alvenaria sujeita a tragao, o binario de forgas (compressao
e tragdo) sdo calculados utilizando a segdo composta pela
regido de alvenaria comprimida (C) e “n” vezes a area de ago
na regido tracionada (T). Desta maneira, pode-se calcular as
tensdes e deformagoes.

Curvatura, ¢

Figura 1

Diagrama momento-curvatura para vigas de alvenaria [1]
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m Estadio lll (Estado Limite Ultimo): préximo ao momento de
ruptura, as tensdes na alvenaria passam a ser plasticas e um
comportamento ndo-linear é observado, conforme curva C da
Figura 1. Dependendo da quantidade de armadura, o escoa-
mento da mesma (com M = My) pode ou nao ocorrer antes do
rompimento da alvenaria a compresséo. Se a secgéo for su-
perarmada, a alvenaria irda romper a compressao de maneira
repentina (comportamento fragil); entretanto, se a segao for
subarmada, a tensdo de escoamento do ago define o momen-
to maximo da segéo, podendo-se calcular a maxima tensao de
compressao na alvenaria nesse ponto, fazendo o equilibrio da
segao. Assim, alvenaria sob compressao esta com comporta-
mento ndo-linear e a deformagdo maxima na fibra do bordo
mais comprimido € limitada pela maxima deformagéo da al-
venaria ¢, conforme ilustrado na Figura 2 (c). Os requisitos
do projeto devem atender a condi¢do de ductilidade da segao,
garantindo a condi¢do de escoamento da armadura. A forga de
tracdo sera igual a:

r-2n U

Vs

Onde:

f, = Tens&o de escoamento da armadura €;

v, = Coeficiente de minorag&o da resisténcia do ago.

Apods o escoamento da armadura (M > My), para cada aumento de

momento aplicado, o equilibrio da secéo transversal é estabeleci-

do considerando o deslocamento da linha neutra em diregéo do
bordo comprimido e, consequentemente, aumentando o brago de
alavanca e tensdo de compressao. Quando a viga é superarmada,

a armadura nao atinge a tenséo de escoamento antes do limite de

resisténcia e de deformagéo da alvenaria, fazendo com que a ruptu-

ra ocorra sem aviso, com pequenos deslocamentos, situagédo a qual

o projetista deve evitar. Por este motivo, o comportamento ductil

obtido em se¢des subarmadas € desejavel por conta da possibilida-

de de redistribuicdo de esforgos para elementos menos solicitados
apds escoamento da armadura e, principalmente, pela possibilida-
de de se perceber avisos na viga, caracterizado por grande deslo-
camentos e aberturas de fissuras, antes de sua ruptura. No limite
da segao subarmada, pode-se determinar o momento balanceado,
onde ocorre ao mesmo tempo o escoamento da armadura e ruptura
por esmagamento da alvenaria. Esta situagéo se caracteriza pelo

melhor aproveitamento de ambos materiais [1].

O diagrama tensado-deformacéo da alvenaria ndo € linear e depen-

de de varios fatores e propriedades dos materiais. A Figura 3 mostra

a real distribuicdo de tensdes na alvenaria em uma secgéo fletida e o

diagrama retangular aproximado utilizado para o dimensionamento,

Tabela 1

Compressio perpendicular as juntas horizontais

Compressio nas paredes
. ‘ ‘ ' ‘ ’ " Compressao paralela as juntas horizontais
- Compressiio nas vigas
s
s
g
E
1\ | -
Junta vertical | Junta horiontal
Figura 4

Sentido de atuacdo das tensdes de compressdo [8]

de maneira semelhante a se¢des de concreto armado [6] e [7]. As
diferengas para o concreto armado incluem a substituigéo da resis-
téncia do concreto pela resisténcia da alvenaria (f,) e a introdugéo

“, o n

do coeficiente “y,” que leva em conta a direg&o da compressao.
1.2 Prescri¢ées de normas

Diferente das paredes, onde as tensbes de compressao atuam
perpendicularmente as juntas horizontais, nas vigas de alvenaria
estrutural armada estas tensdes atuam paralelamente a estas jun-
tas, conforme ilustracédo da Figura 4.

Para estimar a resisténcia da alvenaria e o0 moédulo de elasticida-
de, € comum a realizagdo do ensaio de prismas de 2 blocos com
as tensdes atuando perpendicularmente as juntas horizontais, de-
vido a facil montagem e manuseio deste tipo de corpo de prova. A
partir do resultado obtidos para o corpo de prova descrito anterior-
mente, pode-se obter a resisténcia da alvenaria na outra direcao
(paralelamente as juntas horizontais) [2], [4] e [9].

Wong e Drysdale (1985) [10] afirmam que a resisténcia a compres-
sdo da alvenaria paralelamente as juntas horizontais é aproxima-
damente 25% menor que a resisténcia a compressao da alvenaria
perpendicularmente a estas juntas. A norma CSA 304.1-04 (2004)
[5] recomenda que esta redugao seja de 50%, assim como a NBR
15961-1 (2011) [4], caso o a regido comprimida do elemento nao
esteja totalmente grauteada. No trabalho realizado por Ring, Das
e Stubbs (2012) [8], ao analisarem a resisténcia de prismas grau-
teados (resisténcia a compressao da alvenaria paralelamente as
juntas horizontais) e vigas de alvenaria estrutural armada graute-
adas (resisténcia a compressao da alvenaria perpendicularmente
as juntas horizontais), os mesmos afirmaram que a resisténcia
a compressao da alvenaria paralelamente as juntas horizontais

Expressoes do braco de alavanca (z) e momento fletor de cdlculo (M) utilizadas para o
dimensionamento de vigas de alvenaria estrutural armadas, segundo as normas AS 3700-2001 (2001) [2],

BS 5628-2 (2005) [3] e NBR 15961-1 (2011) [4]

Norma Braco de alavanca (z) Momento fletor de cdlculo (M,)
AS 3700-2001 060454 £, of A |- 0.6.f5A
(2001) (13.f,,)-b.d P sd (13.f,,)-b.d
BS 5628-2 ( B 0.50-As-fy-ymm> <0954 Asf, ( 054, fy.ymm> 04 fyb. a?
(2005) bodfiVm /7 ms bdfiVms /7 VYum
NBR 15961-1 _ 050.4,.f, _ 054 f, 2
2011) (1 bdf, <0,95.d Ag.f.d(1 bdf, <04.f,.b.d
Observagdo: Na NBR 15961-1 (2011): f, = ;—" and f = 0,5.%

IBRACON Structures and Materials Journal * 2019 « vol. 12+ n° 5

messssssssss—— | 025



Experimental study of reinforced masonry beams

Tabela 2

Valores dos coeficientes de minoracdo utilizadas pelas normas AS 3700-2001 (2001) [2].

BS 5628-2 (2005) [3] e NBR 15961-1 (2011) [4]

AS 3700-2001 (2001) BS 5628-2 (2005)

NBR 15961-1 (2011)

¢ Yrnm
0,75 2,3

Ym s
2,0 1.5

foi aproximadamente 53% maior, comparada com a resisténcia a
compressao da alvenaria na outra diregéo.

Para o dimensionamento das vigas de alvenaria estrutural arma-
da, a Tabela 1 mostra as equagdes utilizadas pelas normas AS
3700-2001 (2001) [2], BS 5628-2 (2005) [3] e NBR 15961-1 (2011)
[4] e a Tabela 2 mostra os coeficientes de minoragdo adotados
pelas normas citadas.

Na NBR 15961-1(2011) [4], a(éym)je utilizar o coeficiente de mino-
ragéo da resisténcia do ago *’ */, a norma reduz em 50% a ten-
séo de escoamento de calculo. De uma maneira simplista, pode
ser entendida como um fator extra de seguranca no dimensiona-
mento a flexdo. Segundo Parsekian et. al (2012) [1], esta redugao
ndo encontrada em normas internacionais, como AS 3700-2001
(2001) [2], BS 5628-2 (2005) [3] e CSA S304.1-04 (2004) [5], foi
atribuida devido ao numero limitado de pesquisas sobre vigas de
alvenaria estrutural e também sobre a condigéo de aderéncia per-
feita entre o graute e a alvenaria.

Com relagéo ao encurtamento maximo da alvenaria na flexao, di-
ferente das normas AS 3700-2001 (2001) [2], BS 5628-2 (2005) [3]
e NBR 15961-1 (2011) [4] onde este valor é adotado em 3,5%o, a
CSA S304.1-04 (2004) [5] adota o valor de 3,0%o.. No trabalho rea-
lizado por Suter e Fenton (1986) [7], os autores obtiveram o valor
do encurtamento médio ultimo da alvenaria na flexao de 3,4%o.
Sobre 0 modo de fissuragao de vigas de alvenaria estrutural armada,
ao analisar a contribuigdo da armadura transversal na resisténcia ao
esforgo cortante, Fereig [11] concluiu que as fissuras, em sua maioria,

Figura 5
Elementos estudados no trabalho

Tabela 3
Tragcos de graute e argamassa

se propagam ao longo das juntas horizontais e verticais, fato observa-
do também por Landini (2001) [12] e Ramos (2012) [13].

2. Materiais e programa experimental
EE

Foram ensaiadas a flexao simples 12 vigas de alvenaria estrutural
armada, com variadas alturas — vigas de 2 e 3 fiadas — e taxa de
armadura longitudinal. Estas foram confeccionadas com a primei-
ra fiada de canaleta de concreto e as demais fiadas com blocos
de concreto. Do total de vigas, 7 possuiam secéo transversal de
(14x39) cm e 5 possuiam secdo transversal (14x59) cm.

Foram ensaiados também 4 prismas especiais onde os blocos
grauteados foram assentado sobre a face lateral, confeccionados
com a maior dimenséo dos blocos na vertical — o qual serdo de-
nominados por prismas laterais- e 4 prismas convencionais grau-
teados. Cada tipo de prisma continha 2 blocos de concreto. Os
prismas laterais possuiam uma altura total de 59 cm e os prismas
convencionais altura total de 39 cm. A Figura 5 mostra os tipos de
vigas e de prismas estudados no trabalho.

Canaletas e blocos de concreto de dimensdes de (14x19x29) cm
e (14x19x14) cm foram utilizados para a confecgéo das vigas de
alvenaria estrutural armada. Os prismas e prismas convencionais
foram montados utilizando os blocos de concreto (14x19x29) cm.
Segundo a NBR 6136 (2014) [14], os blocos de concreto foram
classificados como Classe A.

O trago de graute e argamassa, ilustrados na Tabela 3, assim
como os blocos de concreto utilizados na confecg¢éo das vigas, os
prismas e os prismas convencionais foram ensaiados a compres-
sao simples, apos 28 dias da montagem de cada tipo de corpo de
prova, obtendo a resisténcia média a compressao.

2.1 Nomenclatura adotada

Na apresentacao dos resultados, as vigas de alvenaria estrutural
armada serao descritas utilizando 4 caracteres: o primeiro ¢ a letra
V, abreviagéo de viga; o segundo e o terceiro serdo o niumero 2
ou 3 prosseguido da letra F, dependendo do tipo de viga (2 ou 3
Fiadas); e o quarto € a numeracao da viga que, para as vigas de 2
fiadas varia de 1 a 7 e para as vigas de 3 fiadas de 1 a 5.

2.2 Confecgao dos prismas
Os blocos utilizados para a confecgao dos prismas laterais foram

posicionados e molhados para entdo receber o graute, o qual,
apos seu langamento nos vazados dos blocos, foi adensado com

Graute

Argamassa

Cimento : Cal : Agregado middo : Agregado graddo

Trago em volume: 1:0,10:1,50 : 1,60
Trago em massa: 1:0,05:2,40 :2,30
Relagdo Agua/Cimento = 0,65

Cimento : Cal : Agregado miudo

Traco em volume: 1 :2,50 : 4,50
Trago em massa: 1:1,34:7,19
Relagdo Agua/Cimento = 1,70
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Figura 6
Confecgdo dos prismas

vibrador de imers&o. No processo de cura, os blocos grauteados
foram cobertos com filme plastico por 5 dias e, neste periodo, mo-
lhados constantemente. Passado o periodo de cura, os mesmos
tiveram uma das superficies regularizada com gesso, a outra foi
deixada sem a regularizagao para receber a argamassa de as-
sentamento. A sequéncia seguida para a montagem dos prismas
laterais esta ilustrado na Figura 6.

39

2.3 Confecgao das vigas de alvenaria
estrutural armada

Primeiramente fez-se a montagem da primeira fiada de canaleta,
unindo-as com argamassa disposta por toda a area transversal. i.
Apos 2 dias de cura da argamassa, a armacao foi montada dentro =< )

da fiada de canaleta. As vigas de alvenaria estrutural foram arma- L 14
das com uma barra compondo a armadura longitudinal e estribos
de 1 perna em formato de gancho, envolvendo assim a armadura
longitudinal e o porta estribo. As Figuras 7 (a) e 7 (b) detalham, em
corte, a segdo transversal de cada tipo de viga. 0 Vigas de 2 fiadas Q Vigas de 3 fiadas
Em todas as vigas, o diametro utilizado no estribo foi de 6,3 mm e

a taxa de armadura transversal de 4,4 cm2/m, a qual foi dimensio- ~ Figura 7

nada para evitar a ruptura pelo esforgo cortante. A Tabela 4 resu- ~ Corte da secdo transversal das vigas

15

= e]
—

14

me os dados das vigas de alvenaria estrutural armada. de 2 e 3 fiadas - cotas em centimetro
Tabela 4
Dados das vigas de alvenaria estrutural armada
. b h d As
Viga (cm) (cm) (cm) (cm?)
V2F1 29,20
10, =0, 2
V2ED 31.00 ¢ 10,0 mm =0,80 cm
V2F3 31.00
— 2
V2F4 39 30,50 $20,0mm=3,15¢cm
V2F5 30,80
V2F6 14 31,20
V2F7 31,00 ¢ 25,0 mm = 5,00 cm?
V3F1 53.00
V3F2 52,40
V3F3 59 51,60
V3F4 51,60 ¢ 32,0 mm = 8,00 cm?
V3F5 52,80
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Figura 8
Viga de alvenaria estrutural apds sua confecgdo

¥4
e '-;_;_'\*g.‘:
it L8 S5

e Ensaio do prisma

Q Instrumentacgao utilizada — cotas em centimetros

Com o posicionamento da armacgao dentro da fiada de canaleta,
as demais fiadas foram levantadas com o preenchimento total da
argamassa. O grauteamento ocorreu apoés 2 dias de cura de arga-
massa, quando as vigas foram molhadas para evitar a retragéo do
graute eo graute foi langado e adensado com um vibrador de imer-
sd0. O processo de cura consistiu em cobrir a regido do graute
exposta com um filme plastico por 7 dias e, durante este periodo,
as mesmas foram molhadas constantemente.

Para melhorar a visualizagao das fissuras durante o ensaio de fle-
xao, as vigas foram pintadas com tinta a base de resina acrilica
(tinta acrilica base d’agua) dissolvida em agua, em 2 demaos para
que nao se formasse uma camada espessa. O resultado final da
confecgao das vigas € mostrado na Figura 8.

2.4 Esquema de ensaio e instrumentagao

No ensaio de compresséo simples dos prismas utilizou-se uma
prensa hidraulica com capacidade maxima de 1.000 kN, uma roé-
tula e uma chapa de transi¢cao para aplicagdo do carregamento.
Em cada prismas, o encurtamento da alvenaria na compressao
simples foi obtido pela média das deformagéo dos 5 LVDTs fixa-
dos, 4 nas laterais e 1 na regiao frontal. Para o ensaio dos prismas
convencionais, utilizou-se uma prensa hidraulica com capacidade
maxima de 2.000 kN, obtendo somente a resisténcia a compres-
sdo. As Figuras 9 (a), 9 (b) e 10 mostram o esquema de ensaio e
de instrumentagao adotados nos prismas laterais e o ensaio reali-
zado nos prismas convencionais, respectivamente.

Para o ensaio de flexdo simples das vigas, adotou-se o esquema
estatico biapoiado, sendo o comprimento total e o vao tedrico das
vigas com dimensoées de 359 cm e 300 cm, respectivamente.

O carregamento foi aplicado em 2 pontos: nas vigas de 2 fiadas,
utilizou-se 2 elementos retangulares de madeira; enquanto nas vi-
gas de 3 fiadas foram utilizado 2 perfis | metalicos. Cada ponto de
transferéncia de carga estava a uma distancia de 30 cm do centro
do vao, obtendo uma regido de momento fletor constante de 60

Figura 10
Esquema de ensaio utilizado
para os prismas convencionais

Figura 9
Esguema de ensaio e instrumentacdo adotados
para os prismas
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300
359

200

Esquema de ensaio adotado para as vigas
de 2 fiadas — cotas em centimetro

Figura 11

Q (a)Esquema de ensaio adotado para as vigas
de 3 fiadas — cotas em centimetro

llustracdo do ensaio de flexdo simples nas vigas de 2 e 3 fiada

cm, conforme ilustram as Figuras 11 (a) e 11 (b). Em cada viga,
para obter o encurtamento da alvenaria na flexado, o alongamento
da armadura longitudinal e a flecha, foi utilizado 1 LVDT no topo,
1 strain gage na armadura longitudinal e 2 relégios comparadores
situados 1 em cada lateral da viga, respectivamente.

3. Resultados e discussoes

N

3.1 Resisténcia média a compressao dos blocos,
argamassa e graute

A Tabela 5 mostra a resisténcia média a compressao da argamas-
sa, do graute e dos blocos utilizados.

3.2 Resultados obtidos para os prismas
e prismas convencionais

Os resultados de resisténcia a compressédo dos prismas laterais
e prismas convencionais, assim como a relagéo entre estas duas
resisténcias estédo indicadas na Tabela 6.

Tabela 5
Resisténcia média & compressdo
Resisténcia
. média a cv
Material compressdo (%)
(MPa)
Bloco de concreto* 12,64 15,07
Graute 23,23 4,63
Argamassa - (6x10) cm 6,68 4,88
Argamassa - (4x4x4) cm 8,46 2,63

* Resisténcia dos blocos obtida em rea¢do a drea bruta

Tabela 6

Utilizando os dados de carregamento obtidos pela célula de
carga e os dados de deformagdo por meio dos LVDT'’s, foi
possivel desenvolver o grafico Tensdo x Deformagado para os
primas laterais, conforme a Figura 12. Desse grafico, nota-se
que as curvas em trés casos (Prisma 2, Prisma 3 e Prisma 4)
chegam até a resisténcia de 15 MPa, o que nado corresponde
com a resisténcia maxima de cada prisma mostradas na Tabela
6. Este fato ocorria pois os LVDTs perdiam a leitura apds este

20

15

10 +—

Tensio (MPa)

1~ =—a—Prisma 1 —|
Prisma 2
| —#—Prisma3

| ~#—Prisma 4

0 L
0,0 0,5 1,0 L5 2,0
Deformacgio (%e)

Figura 12
Grdéfico Tensdo x Deformacdo dos prismas laterais

Resultados obtidos dos ensaios dos prismas e prismas convencionais

Prisma laterais

Prisma convencional

Corpo de prova Resis’rénci?N?ch))mpressao Corpo de prova ReSi31é“°i?|V?P:;>mpreSSa° Ratio!
1 13,31 1 18,53 0,72

2 14,87 2 19,16 0,78

3 15,66 3 21,03 0,75

4 17,73 4 22,75 0,78

Média 15,40 - 20,37 0,75

'Relacdo: relacdo entre a resisténcia & compressdo do prisma e do prisma convencional
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Figura 13
Prismas apds o ensaio de compressdo simples

nivel de carregamento, devido a ruptura dos prismas. Assim,
para compor as curvas foi utilizado os dados de deformacao até
o valor de tenséo citada.

Em média, a resisténcia a compressao dos prismas laterais foi
de 15,40 MPa, e a dos prismas convencionais de 20,37 MPa,
sendo a razdo média entre estas duas resisténcias de 0,75.
Para o calculo do momento fletor ultimo tedrico foi utilizada a
resisténcia média a compressao dos prismas laterais. Com o
encurtamento ultimo da alvenaria de cada prisma lateral, péde-
-se obter que encurtamento médio ultimo da alvenaria na com-
pressao simples, igual a 1,65%o.

O modo de ruptura dos prismas se dava pelo encunho das ten-
sdes, sendo que o graute pressionava as paredes laterais do
bloco, ocasionando a ruptura do conjunto, conforme mostra a
Figura 13.

Tabela 7
Valores médios de momento fletor de fissuracdo
para cada conjunto de viga

Momento de

Viga fissuragcdo - valores médios
(kN.cm)

V2F1

V2F2 405

V2F3

V2F4 720

V2F5

V2F6 1.195

V2F7

V3F1

V3ED 2.070

V3F3

V3F4 2.670

V3F5

9.000

——V2F1
8.000 - —m—V2F2

¢ 25mm

7.000

cm)

6.000

5.000

4.000

3.000

Momento Fletor (kN.

2.000

¢ 10mm

1.000

0,00 5,00

10,00
Flecha (mm)

15,00 20,00

6 2-course beam

18.000

——V3Fl
16.000 — —®—=V3F2
——V3F3

V3F4
| —*—V3FS

e’ = L

14.000 —

._
{ne
=
=

10.000

8.000

6.000

Momento Fletor (kN.cm)

4.000

2.000 -

0,00 5,00 10,00

Flecha (mm)

0 3-course beam

15,00 20,00

Figura 14
Gréfico Momento Fletor x Flecha para as vigas de
2 e 3 fiadas

3.3 Resultados obtidos para as vigas de alvenaria
estrutural armada

As curvas Momento Fletor x Fecha obtido do ensaio de flexdo
simples realizado nas vigas de 2 e 3 fiadas estdo ilustradas nas
Figuras 14 (a) e 14 (b).

O acréscimo de fiada foi o fator preponderante para o aumento da
rigidez das vigas. Nos graficos, a mudanga de curvatura no inicio
indica 0 momento em as vigas comegaram a fissurar. Na Tabela
7 estao elucidados os valores médios do momento de fissuragao
para cada conjunto de vigas ensaiadas, os quais foram calculados
utilizando os valores de momento fletor de fissuragéo de cada viga
ensaiada, obtidos por meio da observacédo da formacéo das pri-
meiras fissuras e a carga aplicada pela célula de carga, lida pelo
sistema de aquisi¢cdo de dados.

Com a instrumentacédo utilizada nas vigas, pode-se também

foxtem@ ______
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Figura 15

Grafico Momento Fletor x Deformacdo da

Alvenaria para as vigas de 2 e 3 fiadas
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16000 | —m—V2F2
——V2F3
14000 +——V2F4 .

= —#—V2F5 //

£ 12000 +—e—V2F6 7 =

E ——V2F7 ‘ /

2 ——V3F2

s 8000 T_g varg ’.(’d" e

g = |

S 6000 -

- f__’_,._..—-—-—'-"'_'_'_'_.___,_._..
4000 | G| .
2000

0 ?
000 050 100 1,50 200 250 300 350 4,00
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Figura 16

Grafico Momento Fletor x Deformagdo do Ago
para as vigas de 2 e 3 fiadas

desenvolver os graficos Momento Fletor x Deformacgéo da Alvena-
ria e Momento Fletor x Deformagdo do Ago, conforme ilustrados
nas Figuras 15 e 16. Observa-se que na Figura 16 ndo ha a curva
da viga V3F3 pois, para este corpo de prova, a armadura longitu-
dinal nao foi instrumentada com strain gage.

O encurtamento ultimo da alvenaria na flexdo variou de 1,55%0
até 5,90%0 e, em média, este encurtamento foi de 3,35%.. Ja o
alongamento do ago variou de 1,74%. a 3,98%., mostrando que
em nenhum caso o ago chegou a 10%o, que € o limite imposto pela
NBR 15961-1 (2011) [4].

Com base nos resultados do encurtamento da alvenaria na com-
pressao simples e na flexdo, e do alongamento do ago na flexao,
adotou-se os valores de 1,5%o, 3%o e 5%o, respectivamente, para
entdo propor os dominios de deformagéo para as vigas de alve-
naria estrutural armada, como mostra a Figura 17, indicando a

profundidade da Linha Neutra em funcdo dos Dominios de Defor-
macao pela letra x.

Para o calculo do momento fletor resistente das vigas de alvenaria
estrutural armada, utilizou-se da Eq. (2) obtida através do equi-
librio de forgas para o modelo de calculo ilustrado na Figura 18.

05.4,.f,,
b.d.f

Assim, com os dados da Tabela 1, utilizando a resisténcia caracteris-
tica de ago ao escoamento f, = 500 MPa e a resisténcia média da
alvenaria a compressao fprn = 15,40 MPa, foi possivel realizar a compa-
ragdo entre os momentos fletores Ultimos experimentais e tedricos, a
qual esta ilustrada na Tabela 8. Nao foi considerada nenhuma redugéo
de tensdo do ago, conforme prevé a NBR 15961-1 (2011) [4], pois pe-
las observagoes realizadas, nao fora verificada a ocorréncia do desco-
lamento nas interfaces do graute/bloco ou da armadura/graute apés o
rompimento das vigas. Conforme a Tabela 8, os resultados dos valores
tedricos previstos sdo proximos aos obtidos nos ensaios. Os valores
teoricamente calculados resultados entre 22% menor (conservador)
e 3% superior (praticamente igual) aos dos ensaios. Portanto ndo ha
motivo para redugéo da tensao no ago em vigas de blocos de concreto
e vale a mesma teoria de vigas de concreto armado.

Sobre o modo de fissuragéo das vigas, foi observado que, em sua
maioria, as fissuras apareceram nas juntas verticais e horizontais e
com o aumento do carregamento as mesmas se propagaram na di-
regdo dos pontos de aplicagdo de carga. Nas vigas de 3 fiadas que
possuiam a maior taxa de armadura (V3F4, V3F5 e V3F6), a fissu-
ragao ocorreu mais préximas aos apoios e, como consequéncia do
esforgo cortante de maior intensidade, provavelmente as mesmas

Mu,teu = As-fyk- d. (1 - (2)

Tragdo 0 Compressdo
1,5% 3.0%
% 2 77 B
> 4 i //
/:|_=0 e - 5 o ,;; a=l h
1 7 o L
d @ O | LW
T i | s
P S
e v /7B
A / r/'?,\rﬂ
Sikg Eyi | %a=h
1,5%:
x2a=0,213.d
%26 =0,375.d
,-_ 0003
€, +0,003
Figura 17
Dominios de deformacdo proposto para
as vigas de alvenaria estrutural armada
2.0%0 £ Ems3.5% ’v-.rn,...
! '__}l:_v Bix q?—,
h i y z A
Lo AN
€y 5E:210.0% b

Deformagies Tensées Se¢do ransversal

Figura 18
Modelo utilizado para o cdlculo do momento
fletor resistente
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Tabela 8
Comparagdo entre os momentos fletores Gltimos experimentais e tedricos
1 2 Aan3

Viga (kMN"jf:an) (le".’E?n) Relg’/ff °
V2F1 1.316,40 1.130,87 85,91
V2F2 1.186,04 1.202,87 101,42
V2F3 5.360,44 4.306,84 80,34
V2F4 5.404,80 4.228,09 78,23
V2F5 7.727,40 6.249,61 80,88
V2F6 7.830,60 6.349,61 81,09
V2F7 7.202,40 6.299,61 87,47
V3F1 12.333,57 11.799,61 95,67
V3F2 13.576,06 11.649,61 85,81
V3F3 16.391,97 16.927,01 103,26
V3F4 14.617,20 16.927,01 115,80
V3F5 17.184,60 17.407,01 101,29

Momento Gltimo obtido experimentalmente; 2 Momento Gltimo obtido tedricamente; ® Relacdio: relagdo entre o momento fietor Gitimo experimental e tedrico.

tenham trabalhado mais préximas do modelo de trelica do que do
modelo de flexdo adotado. O histérico de fissuragdo de cada grupo
de vigas estao ilustrados nas Figuras 19 (a) até 19 (e).

4. Conclusoes
E——

Baseado nos resultados obtidos, concluiu-se que:
1. A partir dos ensaios de compressao simples, em média, a

'

il L |
PNfF T 1 [ |

B0 - 25% (0 - 329,10kN.cm)

25 - 50% (329,10 - 658,20kN.cm)
50 - 75% (558,20 - 987,30kN.cm)

75 - 100% (987,30 - 1.316,40kN.cm)

© Vigas V2F1 e V2F2

I - 25% (0 - 1.957 65kN.cm)

25 - 50% (1.957,65 - 3.915,30kN.cm)
50 - 75% (3.915,30 - 5,872 95kN.cm)

75 - 100% (5.872,95 - 7.830,60kN.cm)

© v2rs, V26 e V2F7

Figura 19

L —

resisténcia a compressdo da alvenaria paralelamente as
juntas horizontais corresponde a 75% da resisténcia a com-
pressdo da alvenaria na outra direcdo (perpendicular as
juntas horizontais);

Com a insergdo de mais uma fiada, houve um aumento de
rigidez das vigas de alvenaria estrutural armada;

Durante o ensaio de flexao, as fissuras surgiam predominante-
mente nas juntas verticais e horizontais;

b

felede b | | |

_ . 2T, ], 1 1
[N 7 O O
O - 25% (0 - 1.351.20kN.cm)
I 25 - 50% (1.351,20 - 2.702,40kN.cm)

50 - T5%(2.702,40 - 4.053,60kN.cm)
75 - 100% (4.053,60 - 5.404 B0kN.cm)

@ vigas V2F3 e V2F4

(O - 25% (0 - 3.394,02kN.cm
25 - 50% (3.394,02 - 6.788.03kN.cm)

50 - 75% (6.788,03 - 10.182,04kN.cm)
7S - 100% (10.182,04 - 13.576.08kN.cm)

© vsFievsr2

}

l/‘t’r I}

Fey

- - 25% (0 - 3 541, 8KkN em)

5 - 50% (3 5418 - 7 308 6kN cm)
50 - 75% (7 308,6 - 10,962 kN cm)

75 - 100% (109629 - 14 817 2kN.cm)

© V3F3, V3F4 e V3F5

Historico de fissuragdo das vigas de alvenaria estrutural armada

1 (032 1
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4.

5.

O modelo de calculo utilizado para o dimensionamento das
vigas de alvenaria estrutural armada é satisfatorio, fornecendo
valores proximos dos obtidos experimentalmente;

Nao ha motivo para redugdo da tensdo no ago em vigas de
blocos de concreto e vale a mesma teoria de vigas de concreto
armado; e

O encurtamento médio ultimo da alvenaria na compressao
simples foi 50% menor do que na flexao.
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Abstract
E——

This work aims to investigate the floors number influence on the instability parameter limit o, of reinforced concrete frame-braced buildings; it
succeeds another work in this field of knowledge, in which the same question was investigated for wall- and core-braced buildings. Initially, it is
showed how the ABNT NBR 6118:2014 (Brazilian code for concrete structures design) defines when a second order analysis is needed. Topics
concerning to physical nonlinearity consideration and to the lateral deflection components of frames are also presented. It follows an analytical
study that led to the derivation of a method for determining the limit o, as a function of the floors number and the relation between bending and
shear stiffness. Finally, some examples are presented and their results are used for checking the method accuracy.

Keywords: instability, bracing structures, second order analysis.

Resumo
E——

Este trabalho investiga a influéncia do nimero de pavimentos no limite o, do pardmetro de instabilidade de edificios contraventados por porticos
de concreto armado; trata-se da sequiéncia de uma linha de estudos, na qual esta mesma questao foi investigada em edificios contraventados
por paredes e/ou nucleos. Inicialmente, mostra-se como a ABNT NBR 6118:2014 (norma de projeto de estruturas de concreto) define a neces-
sidade ou nédo de se realizar uma analise de segunda ordem. Apresentam-se também tépicos relativos a consideragéo da néo linearidade fisica
€ as componentes da deformagéo lateral dos porticos. Segue-se um estudo analitico que resultou num método de determinag&o do limite o, em
funcé@o do nimero de andares e da relagéo entre as rigidezes a flexdo e ao corte. Na seqiiéncia, sdo apresentados exemplos cujos resultados
servem para aferir o grau de precisao do método investigado.
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1. Introduction
E———

1.1 Second order effects and the instability parameter

When acting simultaneously on a building bracing structure, grav-
ity and wind loads can induce additional effects to those usually ob-
tained in a linear or first order analysis. They are the second order
effects, in whose computation (second order analysis) the material
nonlinear behavior and the structure deflected shape (physical and
geometric nonlinearities) must be considered.

Ellwanger [1] and Ellwanger [2] give a summary of the development
of tall buildings stability analysis theory and practice, based on the
Beck and Konig discrete model, shown in figure 1. In this model,
with equally spaced floors, all bracing substructures are grouped in
a single column, while all braced elements (bearing elements that
don’t belong to the bracing system) are replaced by an assemblage
of hinged bars. W denotes the wind load applied on each floor, while
P and V are the floor vertical loads, applied on the bracing substruc-
tures and braced elements, respectively. The loads W, P and V are
considered with their characteristic values.

The above mentioned articles also show that, in order to compute
the global bending moments on the building structure, including sec-
ond order effects, the vertical loads acting on the bracing system
are given by its own P loads added to the braced elements V loads.
The development of the above mentioned stability analysis theory
originates a constant o, as a function of the building height, its
total vertical load and the bracing system horizontal stiffness. This
constant is defined as the instability parameter, being expressed
by equation (1). Another contribution of the aforesaid theory was
to define a criterion according to that the second order effects may
be neglected, provided that they don’t represent an increase more
than 10% on the first order effects. When applying this criterion
to the global bending moment at the bracing system support, the
instability parameter becomes limited to particular values.

The present Brazilian code for concrete structures design (ABNT
NBR6118:2014, ABNT [3]) adopted the just mentioned criterion,
determining in its section 15 that second order global effects are
negligible when lower than 10% of the respective first order effects.
In order to verify this possibility, the code presents two approximate
procedures, being one of them based on the instability parameter;
the code determines that in a symmetrical framed structure the
second order effects may be neglected provided that its instabil-
ity parameter o will be lesser than the value of «,, according to
the expressions:

a:Htat\/Nk/(Ecslc) (])

a; =02+01n forn<3 A a;=0.6forn=>4 2

n is the number of floors above the foundation or a slightly dis-
placeable subsoil level. H,, is the structure height, measured from
the same level. N, is the summation of all vertical loads acting on
the structure (along the height H, ), with their characteristic values.
E_ I, represents the summation of all columns stiffness values in
the bracing direction. /; is the moment of inertia considering the
columns gross sections. E_ is the secant elasticity modulus, ex-

pressed by:

Ecs = rE¢; = (0.8 +0.0025f,,)E; < Eci ®)

f, is the concrete compressive characteristic strength. E_, is the
tangent elasticity modulus, being dependent of f, and the gravel
material, according to the equations presented by item 8.2.8 of
ABNT [3]. ris a coefficient relating E_ with E ; it is expressed by
the second equality of equation (3) and is represented by a, in the
code. E, E, and f, are given in MPa.

Furthermore, the code determines different a, values, depending
on the bracing structure type: the limit value o, = 0.6, prescribed for
n>4,is generally applicable to building usual structures. It must be
adopted for wall-columns assemblages and for rigid frames associ-
ated to wall-columns. It has to be increased until 0.7 in the case of
bracing systems composed exclusively by wall-columns and must
be reduced to 0.5 if there are only rigid frames.

Although not belonging to this work purpose, a mention deserves
to be done to a computer aid method, based on the moment am-
plification factor g,. Presented in 1991 by Franco and Vasconcelos
[4], it also applies the criterion of 10% increase in relation to first
order effects, to define if a second order analysis is or not needed.
Furthermore, a great variety of powerful structural analysis soft-
wares is nowadays available, allowing an accurate modeling of
building structures.

In spite of the disposal of more advanced analysis tools, the insta-
bility parameter preserves its importance. On using it, the building
structure is modeled as a single column, according to Ellwanger
[1]. The utmost simplicity of this model facilitates the understanding
of the system global behavior, specially the influence of the system
total weight and lateral stiffness on its stability. In this way, the in-
stability parameter has proved to be well fitted for the early stages
of design, as the structure initial definition. Furthermore, I, can be
isolated in equation (1), originating a very simple way of determin-
ing, at the stage of pre-dimensioning, the minimum horizontal stiff-
ness needed for second order analysis exemption.

In the specialized literature, the instability parameter has been

o L !

SN B I

Y lP lV h

N 1 I

vk ¥
ho

Braced
elements

Bracing
substructures

Figure 1
Discrete model of Beck and Konig
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approached in several articles that deal with building structures
global stability. Concerning this, some articles may be mentioned,
as Alves e Feitosa [5], about structures with prestressed slabs;
Cicolin e Figueiredo Filho [6], about structures consisting of slab
bands and inverted border beams; and Freitas et ali [7], about the
influence of columns compressive stress.

1.2 Reasons and targets of this work

Ellwanger [1] searched a way to define the limit a, of the instabil-
ity parameter of bracing systems formed by assemblages of rigid
frames and shear walls or cores, variable with the relation between
their horizontal stiffness coefficients. The equation derived for this
purpose revealed a good accuracy only for buildings with a great
number of floors, resulting in significant errors for less than 30
floors. One of the search conclusions was that the formulation for
performing such a prediction had necessarily to take into account
the building floors number.

In a subsequent work, Ellwanger [2] searched a way to predict the
limit o, for buildings braced exclusively by shear walls and cores,
variable with the floors number. The investigation led to an equa-
tion that provided a very good accuracy for the analyzed examples.
Succeeding the studies about this subject, the present work fo-
cuses on bracing systems constituted exclusively by rigid frames.

Concerning to the instability parameter as a function of the floors
number, ABNT [3] determines variable limits only for buildings with
less than four floors. In its turn, the prescription of fixed limits (0.5,
0.6 or 0.7, depending on the bracing structure type) for a greater
number of floors is questionable. For example, Ellwanger [1] found
differences of about 15 % between the limit coefficients o, of a
building braced exclusively by rigid frames, with the number of
floors varying from 5 until 30. Considering that the instability pa-
rameter computation requires a square root extraction, the differ-
ence between the corresponding vertical load/horizontal stiffness
ratios reaches 32 %. Consequently, on verifying the exemption of
performing a second order analysis, the error on determining the
required horizontal stiffness can become significant.

This work aims to research a way of defining the instability pa-
rameter limit o, for buildings braced by rigid frames, variable with
the number of floors. At first, topics concerning to physical non-
linearity consideration and to the lateral deflection components of
frames are presented. These topics are useful for the next section
of the work, in which a computer aid method, based on the discrete
model of Beck and Konig, shown in figure 1, is developed in order
to determine the o, limits for buildings with any number of floors.
The method is then applied for a sequence of floors numbers, gen-
erating various series of o, values, which are arranged in tables.
Thereafter, the accuracy of these values is checked in two exam-
ples of buildings braced by rigid frames; 10 tests are performed,
with the number of floors varying from 5 until 50.

2. Consideration of physical nonlinearity
EE

In a second order analysis, the effects of both physical and geomet-
ric nonlinearities must be considered. In its item 15.7.3, the ABNT
NBR 6118:2014 code allows to consider the physical nonlinearity
in an approximated manner. This is done by means of a reduction

of the structural members stiffness factors (El), in function of E
I, orof E.. I if equation (3) is used. Although the code restricts this
procedure to four or more floors structures, in this work it will also
be adopted for buildings with three or less floors. Therefore, this
fact must be kept in mind when results of examples with few floors
are analyzed. Considering r as defined by equation (3) and rep-
resenting the tensile and compressive longitudinal reinforcement

areas respectively by A_and A, it may be written:

- beams:

(ED),,,= 04E¢l; = 0.4Ecslc/r (As # Ay) 1)
(ED),,,= 0.5E¢l; = 05Ecsl/r  (As = Af) 5)
- columns:

(ED),,,= 0.8Ecl; = 0.8Eslc/r (6)
This study requires the determination of the ratio (El) ../ E_/ of the

rigid frame members assemblage. It is in fact a merely representa-
tive value, because this relation cannot be considered constant,
since it can vary in function of many factors, as the number and
height of stories, number and length of spans, relation between the
dimensions of beams and columns cross sections etc. Pinto and
Ramalho [8] proved that the physical nonlinearity influence on rigid
frames lateral stiffness relies mainly on the loading magnitude and
reinforcement rates, having obtained relations (El), /E (/. varying
from 0.51 to 0.75.

Taranath [9] states that the shear mode of deformation accounts for
up to 80% of the total sway of a rigid frame, being 60% due to beam
flexure and 20% due to column bending. The cantilever deflection
due to column axial deformations accounts for up to 20%; in its turn,
Smith and Coull [10] asserts that this contribution is usually less than
10% of the shear deformation, except in very tall and slender rigid
frames. Due to these considerations, in the subsequent study, the
contribution of beams and columns flexibility for the total sway of a
rigid frame will be assumed as 65% and 35%, respectively.

In a slender frame, the beam reinforcements A, and A tend to
be the same, due to the predominance of wind effects. Thus, in
this case, equations (5) and (6) may be employed to relate the
contributions of beams and columns flexibility for the horizontal
displacements, resulting from physical nonlinear analysis, with the
corresponding contributions resulting from linear analysis. At the
same time, applying the above mentioned proportions of 65% and
35% of these contributions for the total horizontal displacements
and performing the same algebraic transformations presented in
section 4 of Ellwanger [1], it can be proved that:

sec

(ED),,,= 0.5755Ecslc/r 0

3. Lateral distortion components
of a rigid frame

EE

In bracing substructures of the rigid frame type, the deflections due
to bending of the individual beam and column members are pre-
dominant. When the frame is subject to horizontal loads, the global
bending moment is mainly carried to the columns as axial forces,
for which the structure has a high stiffness. Thus, the frame hori-
zontal deflections are mostly caused by global shear.

1036 m——
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Furthermore, there exists another factor inducing lateral distor-
tions, whose importance increases with the frame height and slen-
derness. This factor is related to the just mentioned global bend-
ing moment and consists of column axial deformations, inducing
bending of the frame as a whole. Thus, according to Taranath [9],
rigid frames can be modeled as vertical cantilever bars in which
bending and shear distortions occur simultaneously.

Figure 2-a shows a rigid plane frame subject to a uniform horizon-
tal load of ratio w, as well as a vertical bar with a constant cross
section, equivalent to the frame; the horizontal displacements y(x)
of the bar axis points and its derivatives ¢(x) can be expressed
by the sum of the components due to bending and shear effects,
denoted by sub-indexes F and C, respectively:

y(®) = y,(0) +y.(0) ®

¢(x) = dp(x) + P (x) ®)

The component ¢.(x) corresponds to the bar cross sections ro-
tations induced by bending, while ¢.(x) represents the deflected
shape slope due to shear. The bar behavior under bending is ex-
pressed by:

EJ d*y,/dx? = —M(x) = w(f — x)?/2 (10)

{ is the bar length, E is the material longitudinal elasticity modu-
lus and M(x) is the global bending moment, considered negative
when inducing tension on the bar left side; J is the bar cross sec-
tion moment of inertia, that can be determined from the cross sec-
tions areas of the frame columns and the distances between their
axes and the centroid of these areas.

The behavior of the structure under shear will be expressed, mak-
ing use of a proportionality factor S between the global shear force
Q(x) and the deflected shape slope given by ¢.(x). Thus, S rep-
resents the system (plane frame) stiffness to global shear. It is
verified that the factor S is in fact subjected to variations along the
frame height, which are greater next its support. Smith and Coull
[10] present an approximate expression for S at a generic floor i
@i>1):

12E

Si=hase +1/c)

m
h. is the height of floor i. G, denotes the summation of the ratios
IIL, being | the moment of inertia and L the length of each beam
member of floor /; C, has the same meaning of G, concerning to the
column members. For the first floor, in the case of all the columns
being rigidly connected at support, S is given by:

_ 12E(1+ C1/6Gy)

VGG + 170 ™

The examples presented in section 5 are characterized by keep-
ing the same geometry of beams and columns at all the floors.
Thus, applying equations (11) and (12) will give, for each example,
a single value of S,(i > 1), besides a value of S,. Inits turn, the rela-
tions S,/S, computed for the examples, vary significantly, showing
a median value of 2.17. In the present study, in order to simplify the
formulation, an experience will be made, adopting a single value
for the relation S,/S.. The value 2 will be adopted, since it is the hi-

thermost integer to the just mentioned median value. Since it is an
approximation based on a mere sample, its effects in the analysis
results remains to be estimated, not only for the examples of this
work, but also for any other ones in which the present method will
be investigated.

In this way, applying the condition of proportionality between Q(x)
and ¢.(x), the behavior of the frame equivalent bar, due to shear,
may be expressed by:

b () = QCx)/mS = w(€ — x)/mS (13)

Considering that was explained in the penultimate paragraph, m
will be considered equal to 2 for the first floor and equal to unity for
the remaining ones. Integrating (10) and (13), applying the appro-
priate boundary and continuity conditions, leads to the functions
¥:(x) and y(x). Replacing them into (8) determines y(x); applying
this function for x = {, gives:

wet wetN
= =— 14
Ar = y(£) 8E]+45{J2 (14)
where
N=1+(1-1/n)? (15)

In its turn, figure 2-b shows a vertical cantilever bar that is also
equivalent to the rigid frame of figure 2-a. It is subject to the same
loading, but in this case the distortion due to shear is neglected.
Representing by / the moment of inertia of the bar cross section,
the top horizontal displacement will be given by:

B = y(£) = we*/8EI (16)

On dealing with the instability parameter, item 15.5.2 of ABNT NBR
6118:2014 code determines a procedure for evaluating the E (/.
stiffness factor of a constant cross section column, equivalent to a
given rigid frame. According to this procedure, this stiffness factor
should be obtained computing initially the horizontal displacement
on the bracing structure (frame) top, under the horizontal loading,
which is just D given by equation (14). The next step is to obtain
the stiffness factor of an equivalent column with constant cross
section such that, under the same loading, undergoes the same
top horizontal displacement which, in this case, is A; given by

AT
T
-+ — -+
|
— (hye”.
I
w [ i
AN N |
[4 — | £
N |
[ *
s
—
+ —l - >y -

Stiffiess factors 2J and S €7

Stiffness factor ET

a) Bending and shear dellections b) Bending deflections only

Figure 2
Columns equivalent to a rigid plane frame
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(16). This implies in equality between these expressions, resulting:
2 2NEI]
= an

4. Second order effects

on the discrete model
EE
According to the Beck and Konig model, described in subsection
1.1, a bracing system composed by rigid frames may be modeled
by a simple bar, behaving as a column. Figure 3 shows a cantilever
bar of length H, ,, modeling the bracing system of a building with n
floors of the same height h. It is subject to gravity loads F (given by
the sum of actions P and V of figure 1) and wind loads (W/2 at top
and W on the remaining floors). The loads are considered with their
characteristic values. The bar has a constant moment of inertia J
along its length; the stiffness to shear is 2S on interval n and S on
the remaining ones.

4.1 Interaction between successive bar intervals

Taking the bar deflections into account (geometric nonlinearity),
the behavior of a generic interval i under shear is expressed by:

mSp(x) = Q,(x) = W(i —1/2) + iF¢,(x) 18
Applying equation (9) for interval i, replacing it into (18) and isolat-
ing ¢.(x), results:

¢p () = (1 = iF/mS),(x) — (W/mS)(i — 1/2) 19
Deriving equation (19) in relation to x, gives:

do,/dx = d°y, /dx* = (1 — iF/mS)dy,/dx? (20)
The behavior of the same interval j under bending is expressed by:

E] d’yp/dx® = —M(x) @)

fot

Figure 3
Column equivalent fo a bracing system with n floors

Introducing (20) into (21) and expressing M(x) in function of the
loads, results:

EJ(1 — iF /mS)d%y,/dx? = W{(nh —x)/2+ Zi_l[(n —Dh— x]}
=1

i1 (22)
—Fiiy.(x) — . —Dh
{zy,(x> DIEAICED) ]}
The solution of (22) and its derivative are given by:
1 i1
y,(0) = —.Z Vi1l = DR + Coi_ysen(Viax) + Coicos(Viax) +
=0 @3)

W (nh—x i-1 .
+l_F{ > +Zj=1[(n—])h—x]}

dy, w 1
d_}:cl =¢,(x) = Via,[Cyi_qycos(Viax) — Cysen(Viax)] — l—F<1 - 5) (24)

C,., and C, are integration constants and the coefficient a, is given by:
a? = F/EJ(1—iF/mS) (25)

Applying equation (23) for the system top (x = nh and i = 1), gives:
C, = —Cqtan (nah) (26)

Having a relation between C, and C, been obtained, it will now be
shown how the integration constants concerning to a given bar
interval can be expressed in function of the constants regarding
to the preceding one. The function y,,(x) is obtained, replacing i
by i + 1 in equation (23). Then, expressing successively y(x) and
Y.(x) for x = (n — i)h (transition between intervals j and j + 1) and
performing the same algebraic transformations presented by ElI-
wanger [2], it can be proved that:

Coirrsen[Vi+ 1(n — Dag1h] + Cyyacos[Vi+ 1(n — a1 k] = By (27)

where
i

B =——
17+

{Cyi1sen[Vi(n — D)a;h] + Cycos[Vi(n — i)a;h]} (28)
At the transition between two generic bar intervals, the sudden
change of shear force causes a discontinuity in the component
¢.(x) of the bar deflected shape slope; in its turn, the components
¢.(x) at the end of an interval and at the beginning of the following
one are the same. Replacing (24) into (19), gives:

iF w 1
¢p () = (1 - %) Via[C2i—qcos (Viax) — Cysen(viax)] — 7 (i - E) 29

Replacing i by i + 1 in equation (29) determines ¢,,.,(X). The condi-
tion of ¢, continuity implies in equality between the functions ¢,,(x)
and ¢,,,(x) for x = (n = i)h, resulting:

C2i+1cos[\/i +1(n— i)al-+1h] - CZH,zsen[\/i +1(n— i)al-+1h] =B, (30)

where

B — Vi J1I—iF/mS (Cy_scos|vi(n — i)a;h] — N
2 vit+1/1—(i+1)F/mS CZisen[\/f(n — i)al-h] @1)
Wh

- 3/2 —
2i(i+ 1)°"“a; 1 hF[1 — (i + 1)F/mS]

1038 E——
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Modifying equations (27), (28), (30) and (31) adequately, C, .. and

C,.,become expressed in function of C

2i+1

.., and C,, as follows:

Caiy1 = Bycos[Vi+ 1(n— Day1h] + Bysen[vi+ 1(n — D)a;y1h] (32)

Caivz = Bycos[Vi+ 1(n — D)ag1h] — Bysen[Vi+ 1(n — D)a;41 k] (33)

4.2 Determination and comparison between
support bending moments

Having a relation between the integration constants concerning to
two successive bar intervals been determined, an expression for
the bending moment at the bar support will now be deduced. The
condition of null ¢, rotation at support is imposed, canceling equa-
tion (29) for x = 0, i = n (last interval) and m = 2. Thereafter, C, |
can be isolated, giving:

(n—1/2)W

m/na,F(1 —nF/2S 34)

Con-1=
Ellwanger [2] shows that, combining equations (20) and (21) with
the derivative of (24), leads to the following expression for the
bending moment at support:

M(0) = M, (0) = nFC,, (35)

The deduction of the expression of M(0) for buildings with a ge-
neric number n of floors starts with the application of equation (26),
so that C, results expressed in function of C,. Thus, applying equa-
tions (32) and (33) for the transition between the first and sec-
ond intervals (i = 1) determines expressions for C, and C, having
C, as the only integration constant. The same will happen to the
other constants, when applying those equations for the remain-
ing intervals. Furthermore, due to the last term of the expression
of B, given by (31), the successive applications of (32) and (33)
generate expressions for the integration constants having a term
multiplied by Wh/F that is independent of C,. Hence, this procedure
generates expressions for C, ,and C, (interval n)that may be put
into the form:

CZn—l :A161+D1Wh/F (36)

Con = AyCy + D,Wh/F (37

The terms A, A,, D, and D, arise from the successive applications
of (32) and (33). Combining equations (34), (35), (36) and (37),
leads to the following expression for the support bending moment,
including second order effects:

Wha,(n—1/2) A,Dq

VrahA, (1 —nFy2s) T W2 == 38)

M" = Mm(0) =

Considering (25), the term a_h present in equation (38) may be put
into the form:

aih = [(F/9)/( - nE/25) 39)
where
K = EJ/Sh? (40)

In its turn, the terms ah and a,_h, mentioned several times along
this work, will have expressions similar to (39), just replacing the
quotient nF/2S by iF/S or (i+1)F/S, respectively. On the other hand,
the support bending moment, including only first order effects, is
given by:

Ml = —Wh (n/Z + Z:li> @1

In order to verify the exemption of second order effects consid-
eration, the 10% increase criterion, mentioned in subsection 1.1,
will be applied for the support bending moment, with the modules
of M' and M" given respectively by (41) and (38) (with changed
signs, since these equations generate negative values for both
the moments). Furthermore, according to the item 11.7.1 of ABNT
NBR6118:2014 code, the loads W and F of equations (38), (39)
and (41) must be multiplied by 1.4, seeing that this criterion is ap-
plied for the ultimate state. Consequently:

A;Dq
—1.4Whn(D, —
Ay

—1.4WhA,(n — 1/2)
Vna,hA; (1 — 1.4nF/2S)

n—1
<11x14Wh <n/2 + Z i)
i=1

It is implied that the term a_h, present in equation (38), will have
been obtained, applying (39) with 1.4F in place of F. The same
change should be done in determining the terms ah and a, h
present in equations (28), (31), (32) and (33), with the purpose
of obtaining A,, A,, D, and D,. Performing the required algebraic
transformations, inequality (42) changes to:

—Ay(n—1/2) A,Dy n1
VranhA (1= LanFjzs) "2 g s 11 (n/ 2 Zi:l l) @)

@)

4.3 Determination of o,

For a small number of floors, it is feasible to derive expressions of
A,, A,, D, and D, as functions of F/S and then to replace them into
the left member of (43). Thereafter, inequality (43) can be solved
by trials, obtaining F/S. However, for a greater number of floors, it
is necessary to apply equations (32) and (33) many times, leading
to very long expressions for A, and A,, causing the procedure to
be impracticable.

In face of this circumstance, an alternative method was developed
in order to determine F/S for buildings with any number of floors.
Through this method, the solution is also obtained by means of tri-
als. However, instead of deducing longer and longer expressions
forA,, A,, D, and D,, successive trials are done, assigning an initial
value to F/S and determining numerical values for those variables.
In each trial, the abovementioned formulary is applied in such a
way to obtain numerical values for the right and left members of
inequality (43). When these values result close enough to be con-
sidered identical, then the quotient F/S will have been determined.
Furthermore, in order to apply this method, the value of £X | given
by (40), must be defined.

Due to the great quantity of calculations, the method is computer
aid. With the purpose of illustration, figure 4 shows a flow chart
with the sequence of operations for determining F/S by means of
trials. Representing by b the solution of inequality (43) obtained by
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CTART

Input 7 (number M =1.1(n/2 + X1 0)
of floors) and K
e
— Input value (trial) of F/S

|

A1 = 1, AZ = _tan(v 14na1h), Dl = DZ =0

|

Loop processing the floors: i=2 > n

.

a:h and a; ;h € obtained acc. to remarks after egs. (39) and (40)
0, = Vi(n — i)V1.4a;h
B, = [i/(i + 1)](A,;senb, + A,cos6,)
B, = {/[i/(i + 1)](A;cos6, — A,senb;)

BWl = [l/(l + 1)](D15‘en91 + D260591)

By, = /[i/({ + 1)](D;cos6, — D,senb;) +
+1/{2i(i + 1)*?a;,1h[1 — (i + DF/S]}
0, =i+ 1(n—i)WI4a;,.h
A, = B,cos0, + Bysenf, A, = Bycos0, — B,senb,

D, = By,,co0s0, + By,15enb, D, = By,1c0s6, — By ,senf,

A

WhA,(n—1/2 A,D
1 _ 2( / ) +Whn(D2— 2 1) Wh (_ 21
Vna,hA;(1 —nF/2S) Ay A
Yes Display M!
and M" for
compariso

Figure 4
Sequence of operations for the solution of inequality (43)
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Table 1
Values of a, independent of K
Number of floors %
1 0.42
2 0.47
3 0.49
> 200 0.65

this method and introducing successively equations (40) and (17),
it may be written:

F F¢?
= 44
S EIN +n2/K) <b 4

It can be observed in figure 3 that {=H _/n and F=N/n, with N, as
defined in subsection 1.1. In its turn, the physical nonlinearity may
be considered, replacing EJ by (El),, given by (7). Introducing these
relations into inequality (44) and extracting the square root of both

the members, results:

Hyoes/Ni/Ecslc/ \/ 0.5755n(2N + n2/K/r < Vb (45)

Comparing (45) with equations (1) and (2) leads the limit o, of the
instability parameter to be expressed by:

a = J0.5755bn(2N +n2/R/r (46)

Therefore, introducing the desired number of floors (n) into the se-
quence of operations of figure 4, determines b; then, the limit coef-
ficient o, can be obtained, applying equation (46). This was done
for a series of floors quantities and for several values of K . A con-
crete strength f, = 20 MPa was considered for effect of study, lead-
ing to r = 0.85, according to equation (3). Consequently, the ratio
(El)./Ecslc gives 0.677.

It was verified that, for less than four and more than 200 floors, the
variation of o, in function of K is negligible. Thus, these values of

0,65 4

0,60 -

055

050 - —a
A —s—K=100

045 - K =500
“ TIiiae s

number of floors ——

Figure 5

Graphs a, x number of floors

a,, that may be considered independent of K , are presented on
table 1. For more than three and less than 200 floors, a, changes
with K . Table 2 shows a summary of the research results, where
every column contains o, values relative to a fixed value of K.In

:. 0m +

Figure 6
Transversal bracing system: examples 1, 3,5, 7 and 9

Table 2
Values of a,, varying K and the number of floors
Number Values of K
of floors 500 300 250 200 150 100 80 60 40 20
4 0.493 0.494 0.494 0.494 0.495 0.496 0.497 0.498 0.500 0.506
5 0.498 0.499 0.499 0.499 0.500 0.502 0.503 0.505 0.509 0518
6 0.501 0.502 0.503 0.503 0.505 0.507 0.509 0.512 0516 0.528
8 0.505 0.507 0.508 0510 0.512 0516 0519 0.523 0.531 0.548
10 0.509 0.512 0513 0516 0519 0.525 0.529 0.535 0.545 0.564
12 0.512 0516 0518 0.521 0.526 0.534 0.539 0.546 0.557 0.578
16 0519 0.526 0.529 0.533 0.540 0.551 0.557 0.566 0.579 0.598
20 0.526 0.535 0.540 0.545 0.553 0.566 0.573 0.582 0.595 0.611
25 0.535 0.548 0.553 0.560 0.569 0.582 0.590 0.598 0.609 0.622
30 0.544 0.559 0.565 0.573 0.582 0.596 0.602 0.610 0.619 0.629
40 0.563 0.580 0.586 0.594 0.603 0.614 0.619 0.624 0.631 0.638
50 0.579 0.596 0.602 0.609 0.616 0.625 0.629 0.633 0.637 0.642
100 0.623 0.633 0.636 0.639 0.642 0.645 0.646 0.647 0.649 0.650
150 0.639 0.644 0.645 0.647 0.648 0.650 0.650 0.651 0.652 0.652
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Table 3
General information about examples 1 to 10
Example 1 2 3 4 5 6 7 8 9 10
N. of floors 5 5 10 10 20 20 30 30 50 50
Height (m) 15 15 30 30 60 60 90 90 150 150
N. of frames 3 3 5 3 5 5 9 7 13 11
Spacing (M) 10 7.5 7.5 7.5 7.5 4 3.75 5 2.5 3
N. of bays 1 3 1 3 1 3 1 3 1 3
Dimension I, (m) 12 16 12 16 12 18 12 23 20 23
Dimension I, (m) - 10 - 10 - 12 - 17 - 17
+ the building height, was adopted, since it was an experience with a
g 8 formulation based on a model with uniform wind load.
+ Each of the 10 bracing systems was tested, aiming to determine
Sm the relation between vertical loads and horizontal stiffness that
3 5} 7\‘ B would result in a 10 % increase on the global bending moment at
£, 5m €, building support, concerning to the first order analysis; in this way,

TS5m 15m

- L L L
+

Figure 7
Transversal bracing system: examples 2,4, 6, 8
ond 10

order to cause this exposition to be not so long, the o, values are
presented for a series of floors quantities that represents the just
mentioned interval. In its turn, the set of K values written on table
2 represents the interval that includes the values of K found in the
examples described in the next section.

5. Examples
EE
5.1 Description of the tests

The plan of figure 6 shows the basic configuration of the transver-
sal bracing system of a rectangular on plane building; it is com-
posed by rigid frames spanning over a single bay of 7.5 m. In the
same way, figure 7 shows the basic configuration of the transversal
bracing system of a building with an oblong octagonal shape on
plane; it is also composed by rigid frames which, in this case, span
over three equal bays of 5 m. In both the cases, the frames are uni-
formly spaced and the spans are measured between column axes;
the bearing elements are not represented. Each of these systems
was employed in buildings having 5, 10, 20, 30 and 50 floors with
a 3 m height, originating examples 1 to 10, whose general informa-
tion is mentioned on table 3.

A concrete with f, = 40 MPa and basalt gravel was adopted, re-
sulting in an elasticity modulus E; = 38 000 MPa. A total vertical
load of 10 kN/m? per floor (characteristic value) was considered. A
wind pressure of 1.5 kN/m? (characteristic value), constant along

the limit a, of the instability parameter was determined. The proce-
dure applied in each test consisted in assigning initial dimensions
to the frame members cross sections and performing a second
order analysis, employing the P-Delta method with double preci-
sion processing. Due to the bracing double symmetry in plane, the
analyses were performed using a model composed by the trans-
versal frames arranged in the same plane and joined among them-
selves by hinged bars.

After, this second order analysis was successively repeated, ad-
justing the cross section dimensions until achieve the desired
10% increase on the support global moment. Table 4 shows the
cross section dimensions determined by this procedure.Rectan-
gular sections were adopted for all the frame members, except the
beams of examples 9 and 10, whose cross sections are T-shaped.
Although being inadequate for the examples with a great floors
number, the bracing systems consisting of single-bay and three-
bay frames were preserved for the purpose of comparison.
Determining the instability parameter by means of equation (1) re-
quires the previous evaluation of the moment of inertia | of a col-
umn equivalent to the transversal frames assemblage. This was
done performing the procedure prescribed by item 15.5.2 of ABNT

Table 4
Cross sections dimensions (cm)
Example Beams Columns
1 25 x 68 25x 47
2 19 x 47 19 x 47
3 25 x 68 25x 68
4 20 x 60 20 x 60
5 40x 76 40 x 100
6 23 x 60 30 x 89
7 33x78 40x 130
8 29 x 65 29 x 117
9 64 x 193 64 x 130
+edges 45x 12
10 32x125 32x82

+edges 30x 12
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Table 5
Inertia parameters of the examples

Example lc (M%) K (EDgeo / Ecsle
1 0.422 169 0.687
2 0.517 456 0.670
3 3.268 173 0.650
4 3.952 280 0.673
5 2217 175 0.700
6 35.15 449 0.641
7 66.81 244 0.727
8 133.4 375 0.696
9 299.7 19.5 0.986
10 342.5 69.5 0.967

NBR 6118:2014 code. Thus, the equivalent inertia was determined
for each example, by means of comparison between the top
horizontal displacements resulting from linear analyses of the
bracing system and the equivalent column under wind loading. The
I, values determined by this procedure are presented on table 5.
The coefficient K of each example was evaluated applying equa-
tion (40), with J and S determined as explained in section 3. The
values of K are also presented on table 5.

The physical nonlinearity was considered by means of the individ-
ual members stiffness reduction, expressed by equations (5) and
(6). Besides applying P-A method, a physical nonlinear analysis
of each bracing system subject exclusively to wind loading was
performed; it in fact consists of a linear analysis with the just men-
tioned members stiffness reduction. Afterwards, the (El)_,./ E /.
relation of the frame members assemblage of each example was
determined, comparing the top horizontal displacements resulting
from the analysis with the members stiffness reduction and from
the one without this reduction. The values of this relation are writ-
ten on last column of table 5.

5.2 Results discussion

Tables 1 and 2 show values of the o, limit coefficient, computed by
means of the operations sequence of figure 4, followed by applica-
tion of equation (46). In its turn, figure 5 shows graphs representing
the variation of o, with the number of floors, for three different val-
ues of K . It can be observed that the values of a, increase with the
floors number, varying from 0.42 (one floor) until 0.655 (for the
floors number tending to infinite). Nevertheless, as was empha-
sized at the end of section 4, these values were evaluated for a
relation (El),,./ E ¢l = 0.677; changing it, the o, values will change
proportionally to its square root.

Table 2 and figure 5 also show that, for the same number of floors, o,
increases as K decreases, in other words, as the frames bending
stiffness decreases in relation to the shear stiffness and, therefore, as
the frames bending flexibleness increases in relation to the shear
flexibleness. This is because a greater bending flexibleness tends to
induce a deflected shape with significant horizontal displacements oc-
curring only in the building upper region; on the contrary, in a structure
more flexible to shear, considerable horizontal displacements occur
directly from the building lower region. The decrease of the number of

floors with significant horizontal displacements causes the global
bending moment portion due to second order effects to decrease, in-
ducing an increase of the a., limit coefficient.

The graphs of figure 5 show that the variation of o, with K is more
accentuated in an intermediate interval of the floors number. For
example, for 25 floors, the difference between the values of o, re-
garding to K equal to 20 and to 500 is 16%, corresponding to a
difference of 35% between the respective vertical load/horizontal
stiffness ratios.

In its turn, the values of o obtained in the examples are presented on
second column of table 6. It can be verified that they also increase
with the floors number. For the same number of floors, the values of
o relative to the single-bay examples tend to be greater than the
three-bay ones, while the contrary occurs with the values of K, as
is written on table 5. This is coherent with that was previously ex-
plained, since in the single-bay frames the axial deformation on the
columns tends to be greater, because of the lower quantity of them,
leading to greater deflections due to global bending.

The third column of table 6 shows predictions of o, resulting from
interpolation of table 2 values, entering the floors number and the
K coefficient of each example. It was verified that these predic-
tions present, in some cases, expressive discrepancies in relation
to the o values found in the examples.

Afterwards, the predicted o, values were recomputed, chang-
ing the factor 0.5755/r of equations (7) and (46) by the relations
(E)../ Ecsl. mentioned on table 5. These recomputed a, values,
as well as the differences between them and the o values found in
the examples are presented on fourth and fifth columns of table 6,
respectively. It can be observed that these differences are lesser
than 1 % for all the examples. Figures 8 (single-bay examples)
and 9 (three-bay examples) show graphically the good accuracy
degree achieved on predicting the values of a.,.

The need of recalculating o, in function of the (El)__/ E_ I, factors
was mainly due to the difference between the value of f, consid-
ered in the computation of tables 1 and 2 (20 MPa) and the one
adopted in the examples (40 MPa). Therefore, this difference was
a determinant factor for concluding that it is necessary to evaluate
the physical nonlinearity accurately, in order to reach a good

Table 6
Values of a, resulting from the research
Example a' a, 2 a, 3 Difference 4

1 0.503 0.500 0.503 0
2 0.499 0.498 0.496 0.60%
3 0.511 0.518 0.508 0.59%
4 0.511 0.512 0.511 0
5 0.555 0.549 0.558 0.54%
6 0.517 0.528 0.514 0.58%
7 0.587 0.566 0.587 0
8 0.556 0.553 0.561 0.90%
9 0.770 0.642 0.775 0.65%
10 0.747 0.631 0.754 0.94%

! Values found in the examples;

2 values predicted from table 2;

o, (2) with (Bl / Eg4lc factor improvement;
4 Differences between o' and a,*.
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degree of precision in the prediction of the a., limit of a building with
a given number of floors and a K stiffness ratio.

It can also be observed that the values of o obtained in the ex-
amples vary from a minimum of 0.499 in example 2 until a maxi-
mum of 0.770 in example 9. The proportion between these ex-
treme values is close to 1.5:1. Since their computation includes a
square root extraction, the proportion between the radicands (verti-
cal load/horizontal stiffness relations) associated to these extreme
values is higher than 2:1.

The extent of this variability shows the importance of having a way

0,8-

0,71 @ predicted
m obhtained

0,6
0,5-
0,4
0,3
. 0,24

0,11

5 10 20 30 50
floors ——

Figure 8
Values of a,: single-bay examples

0,81
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@ obtained

0,71

0,61
0,51
0,41
0,31
0,21

0,11

[!.l g+

5 10

floors ———

20 30 50

Figure 9
Values of a,: three-bay examples

of predicting a limit o, appropriated to the floors number and the
K ratio of a given building to be designed, in place of the fixed
values prescribed by the ABNT NBR 6118:2014 code. For exam-
ple, regarding to the fixed value 0.5 (prescribed for more than three
floors), table 2 gives values ranging from 0.493 (four floors and K
= 500) until 0.652 (150 floors and K = 40 or 20). These values
were obtained for a constant relation (El), / E (/. = 0.5755/r. De-
termining this relation for each case, o, can achieve greater val-
ues further, as was verified in the examples.

6. Conclusions

EE

In the present work, a method based on the Beck and Konig dis-
crete model (Figure 1) was developed, considering equally spaced
floors and uniform wind load. The method consists in solving in-
equality (43) by means of trials and then to input its solution into
equation (46), obtaining a.,. Since the method is computer aid, o,
can be obtained for any number of floors and any value of K , as
can be seen in tables 1 and 2.

A study concerning bracing systems composed exclusively by walls
and/or cores, performed by Ellwanger [2], deduced expressions for
predicting the a., limit that depend only of the floors number. In its
turn, the framed systems, treated in this work, require the previous
definition of two additional parameters in order to determine o,.
The first of these parameters is the relation K between the sys-
tem bending and shear stiffness, expressed by equation (40), be-
ing J and S determined as explained in section 3. The second pa-
rameter is the relation (E/),,./ E/ of the bracing system (influence
of physical nonlinearity). A way to obtain it is to perform another
linear analysis, considering the cross sections reduction expressed
by equations (4) to (6). The relation (E/),,./ E/. is then determined
through the comparison between the system top horizontal dis-
placements resulting from the analyses with the reduced cross
sections and with the non-reduced ones.

A topic for continuity of research in this subject is to investigate the
viability of fixing lower limits of the relation (E/),,./ E / for par-
ticular cases (intervals of floors numbers, number of bays, build-
ing height/width relation, equality or inequality between A_and A’
beam reinforcement areas etc.) and introducing them into equa-
tion (46), through the change of factor 0.5755/r. In this way, the
structural designer could decide to analyze the structure with the
reduced cross sections or simply to adopt the just mentioned esti-
mation of (El) ./ E ..

In the study concerning wall- or core-braced systems, Ellwanger
[2] dealt with uniform wind loading as well as wind loads varying
according to the prescriptions of the ABNT NBR 6123:1988 code
(Buildings Wind Loads, ABNT[11]). It was verified that the o, val-
ues computed for these loading patterns are very close, with differ-
ences lower than 1.7%. Hence, this work didn’t deal with variable
wind load. However, on following the research in this topic, it is
advisable to check if the o, values of framed systems are also
close for the two wind loading patterns.

The good accuracy attained by the method proposed by Ellwanger
[2] and by the present study recommends its adoption in the re-
search of procedures for determining the limit o, of wall-frame and
core-frame bracing systems. Cases of unequally spaced floors and
horizontal stiffness varying along the building height can also be
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considered. Another topic of searching may be the feasibility of de-
riving interpolation functions that reproduce the values sequences
of tables 1 and 2. It must be emphasized that all of this has to be
done in such a manner to keep the formulation simplicity, just one
of the greater advantages of using the instability parameter.

It must be accentuated that the results obtained in this work refer to
structural systems consisting of repetitive and equally spaced rigid
frames. In order to the instability parameter with a variable limit
to be introduced into the structures design practice, it is neces-
sary the method developed in this work to be checked by a much
more diversified series of examples, including non uniform frames
as well as irregular arrangements of frames. Furthermore, it is rec-
ommended that a more realistic analysis model will be adopted
for the tests, modeling the structure as a three-dimensional frame,
considering the floors behaving as rigid diaphragms.
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Abstract
E——

This work aims to investigate the floors number influence on the instability parameter limit o, of reinforced concrete frame-braced buildings; it
succeeds another work in this field of knowledge, in which the same question was investigated for wall- and core-braced buildings. Initially, it is
showed how the ABNT NBR 6118:2014 (Brazilian code for concrete structures design) defines when a second order analysis is needed. Topics
concerning to physical nonlinearity consideration and to the lateral deflection components of frames are also presented. It follows an analytical
study that led to the derivation of a method for determining the limit o, as a function of the floors number and the relation between bending and
shear stiffness. Finally, some examples are presented and their results are used for checking the method accuracy.
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Resumo
E——

Este trabalho investiga a influéncia do nimero de pavimentos no limite o, do pardmetro de instabilidade de edificios contraventados por porticos
de concreto armado; trata-se da sequiéncia de uma linha de estudos, na qual esta mesma questao foi investigada em edificios contraventados
por paredes e/ou nucleos. Inicialmente, mostra-se como a ABNT NBR 6118:2014 (norma de projeto de estruturas de concreto) define a neces-
sidade ou nédo de se realizar uma analise de segunda ordem. Apresentam-se também tépicos relativos a consideragéo da néo linearidade fisica
€ as componentes da deformagéo lateral dos porticos. Segue-se um estudo analitico que resultou num método de determinag&o do limite o, em
funcé@o do nimero de andares e da relagéo entre as rigidezes a flexdo e ao corte. Na seqiiéncia, sdo apresentados exemplos cujos resultados
servem para aferir o grau de precisao do método investigado.
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1. Introducgao

EE

1.1 Efeitos de segunda ordem e o parametro
de instabilidade

A estrutura de contraventamento de um edificio, ao ser submetida
simultaneamente as agdes gravitacionais e do vento, pode desen-
volver efeitos adicionais em relagao aos que sdo usualmente de-
terminados em uma analise linear ou de primeira ordem. Tratam-
-se dos efeitos de segunda ordem, em cuja determinagdo (analise
de segunda ordem) o comportamento nao linear dos materiais e a
configuracdo deformada na analise do equilibrio (ndo linearidades
fisica e geométrica) devem ser considerados.

Ellwanger [1] e Ellwanger [2] apresentam um resumo da evolugao
da teoria e pratica da andlise da estabilidade global de edificios al-
tos, tendo por base o modelo discreto de Beck e Konig, mostrado na
figura 1. Neste modelo, com andares igualmente espagados, todas
as subestruturas de contraventamento sdo agrupadas num unico
pilar e os elementos contraventados (elementos portantes que nao
participam do contraventamento) sdo representados por um conjun-
to de barras bi-rotuladas. W representa as agdes devidas ao vento,
aplicadas em cada andar. P e V representam as cargas verticais
totais, por andar, transmitidas respectivamente as subestruturas de
contraventamento e aos elementos contraventados. As agdes W, P
e V séo consideradas com seus valores caracteristicos.

Os artigos recém citados também mostram que, para efeitos de de-
terminagéo dos momentos fletores globais da estrutura do edificio,
incluindo os efeitos de segunda ordem, tudo se passa como se as
cargas verticais atuantes no sistema de contraventamento fossem
dadas pela soma de suas proprias agdes P com as agdes V.

No desenvolvimento da ja mencionada teoria da analise de esta-
bilidade, surge uma constante o, em fungdo da carga vertical total
atuante no edificio, da altura e da rigidez horizontal do sistema de
contraventamento. Essa constante é conceituada como parametro
de instabilidade, estando expressa na equagéao (1). Outra impor-
tante contribuicdo da referida teoria foi o estabelecimento do crité-
rio segundo o qual a analise de segunda ordem é desnecessaria
quando, em relagao as solicitagdes mais importantes da estrutura,
os efeitos de segunda ordem nao excedem os 10 % dos de primei-
ra ordem. Ao aplicar esse critério ao momento fletor global na base
do sistema, resultam determinados limites de valores aos quais o
parametro de instabilidade fica sujeito.

O critério recém mencionado foi adotado pela ABNT NBR 6118:2014,
atual norma para projeto de estruturas de concreto (ABNT [3]), ao
estabelecer, em sua se¢ao 15, que os efeitos globais de segunda
ordem sao despreziveis sempre que inferiores a 10% dos respec-
tivos efeitos de primeira ordem. Para verificar esta possibilidade,
a norma apresenta dois processos aproximados, um dos quais é
baseado no parametro de instabilidade; é estabelecido que uma es-
trutura reticulada simétrica pode ter seus efeitos de segunda ordem
desconsiderados sempre que seu parametro de instabilidade o for
menor que o valor a,, conforme as expressoes:

a= Htat\/Nk/(Ecslc) (])

a1 =02+01n para n<3 A a;=0,6 para n=>4 2

n é o nimero de andares acima da fundagéo ou de um nivel pouco
deslocavel do subsolo. H,, € a altura da estrutura, medida a partir
deste mesmo nivel. N, é o somatorio de todas as cargas verticais
atuantes na estrutura (ao longo da altura H, ), com seu valor ca-
racteristico. E_¢ /. representa o somatorio dos valores de rigidez
de todos os pilares na diregéo do contraventamento. Por sua vez,
I, € o momento de inércia considerando as segdes brutas dos pila-

res e E. € o modulo de elasticidade secante, expresso por:

Ecs = 1Eg; = (0.8 + 0.0025f )Ec; < Egy ®)

f, € a resisténcia caracteristica do concreto a compresséo. £, €
o modulo de elasticidade tangente, sendo dependente de £, e do
tipo de agregado utilizado, de acordo com as férmulas apresen-
tadas no item 8.2.8 da ABNT [3]. r € um coeficiente que relaciona
E.; com E_, estando expresso na segunda igualdade da equagéo
(3) e sendo representado por a, na referida norma. E ¢ E, e f, s&o
dados em MPa.

A referida norma ainda estabelece diferentes valores de o, em
funcdo do tipo de estrutura de contraventamento: o valor limite
0,6, prescrito para n > 4, deve ser adotado para associagbes de
pilares-parede e para porticos associados a pilares-parede; deve
ser aumentado para 0,7 no caso de contraventamento constituido
exclusivamente por pilares-parede e deve ser reduzido para 0,5
quando so6 houver porticos.

Mesmo néo fazendo parte do escopo deste trabalho, merece men-
¢ao o método baseado no coeficiente de amplificagdo de momen-
tos g, o qual € empregado com o auxilio de computador. Apresen-
tado em 1991 por Franco e Vasconcelos [4], ele também aplica o
critério do acréscimo de 10% em relagéo aos efeitos de primeira
ordem para definir a necessidade ou ndo de uma analise de se-
gunda ordem. Além disso, encontra-se atualmente disponivel uma
grande variedade de sofisticados softwares de andlise estrutural,
permitindo uma simulagéo precisa das estruturas de edificios.
Apesar da existéncia de recursos mais avancados de analise,
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Figura 1
Modelo discreto de Beck e Kénig
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o parametro de instabilidade conserva sua importancia. Em sua
aplicagéao, conforme pode ser visto em Ellwanger [1], a estrutura
do edificio € modelada como uma simples barra. A extrema sim-
plicidade deste modelo facilita a compreensdo do comportamento
global do sistema, especialmente da influéncia do peso total e da
rigidez lateral na estabilidade do mesmo. Desta forma, o parame-
tro de instabilidade tem se mostrado bem apropriado na fase de
concepgéao inicial ou pré-definicdo da estrutura, principalmente
pela rapidez de sua aplicagédo. Além disso, pode-se isolar |, na
equacao (1), dando origem a uma forma bastante simples de se
determinar, na fase de pré-dimensionamento, a rigidez horizontal
minima necessaria para que possa ser dispensada a analise de
segunda ordem.

No meio cientifico, o parametro de instabilidade tem sido aborda-
do em diversos artigos que tratam da estabilidade global de estru-
turas de edificios. A esse respeito, cabe mencionar os trabalhos
de Alves e Feitosa [5], sobre estruturas com lajes protendidas, de
Cicolin e Figueiredo Filho [6], sobre estruturas formadas por faixas
de lajes e vigas invertidas nas bordas, e de Freitas et ali [7], sobre
a influéncia da tensdo de compressao nos pilares.

1.2 Justificativa e objetivos do trabalho

O trabalho de Ellwanger [1] teve por objetivo pesquisar uma for-
ma de definigdo do limite o, do parémetro de instabilidade para
sistemas de contraventamento formados por associagdes de por-
ticos com paredes e/ou nucleos, variavel com a relagédo entre as
rigidezes horizontais dos mesmos. Constatou-se que a formula
deduzida para esta finalidade se mostrou adequada apenas para
edificios com grande nimero de andares, resultando em erros sig-
nificativos para menos de 30 pavimentos. Uma das conclusdes
do trabalho é que a referida formulagao deveria necessariamente
levar em consideragdo o niumero de andares do edificio.

Em um trabalho subsequente, Ellwanger [2] pesquisou uma for-
ma de previséo do limite o, para edificios contraventados exclu-
sivamente por paredes e/ou nucleos, variavel com o niumero de
andares. A pesquisa resultou na dedugédo de uma férmula, a qual
proporcionou uma precisao muito boa para os exemplos testados.
Dando sequéncia a esta linha de estudos, o presente trabalho tem
como foco os sistemas de contraventamento formados exclusiva-
mente por porticos.

No que diz respeito ao parametro de instabilidade em fungéo do
numero de andares, a ABNT [3] da um tratamento diferenciado ape-
nas para edificios com menos de quatro andares. Para um ndmero
maior, a norma estabelece valores fixos (0,5, 0,6 ou 0,7, dependen-
do do tipo de sistema de contraventamento), o que € questionavel.
Por exemplo, Ellwanger [1], ao analisar um edificio contraventado
exclusivamente por poérticos, encontrou diferengas na ordem de
15 % entre os coeficientes limites o, fazendo variar o nimero de
andares de 5 a 30. Considerando que a determinacédo do parame-
tro de instabilidade envolve a extragdo de uma raiz quadrada, a
diferenga nas correspondentes razdes carga vertical/rigidez hori-
zontal atinge 32 %. Assim, ao se verificar a dispensa da necessi-
dade de uma analise de segunda ordem, o erro na determinagao
da rigidez necessaria pode tornar-se relevante.

O presente trabalho tem por objetivo pesquisar uma forma de
definico do limite o, do paréametro de instabilidade de edificios

contraventados por poérticos, variavel com o numero de andares.
Inicialmente, apresentam-se tépicos relativos a consideragao da
ndo linearidade fisica e as componentes da deformagao lateral
dos poérticos, os quais servem de subsidio ao desenvolvimento de
um método de obtengéo do limite a, para edificios com um nu-
mero qualquer de andares. O método, envolvendo computagéo, é
aplicado para uma série de quantidades de andares, gerando-se
séries de valores de o, 0s quais s&o organizados em tabelas. Na
sequéncia, a precisao destas séries de valores € avaliada através
da analise de dois exemplos de edificios contraventados por por-
ticos, realizando-se 10 testes, com o numero de andares variando
entre 5 e 50.

2 Consideragao da nao linearidade fisica

Em uma andlise de segunda ordem, devem ser considerados si-
multaneamente os efeitos das ndo-linearidades fisica e geométri-
ca. A ABNT NBR 6118:2014, em seu item 15.7.3, permite que a
nao-linearidade fisica seja considerada de forma aproximada, me-
diante uma reducgao das rigidezes dos elementos estruturais em
fungéo de E, I, ou de E_ I se for aplicada a equag&o (3). Apesar
de a norma limitar este procedimento a estruturas com quatro ou
mais andares, o mesmo sera adotado neste trabalho também em
edificios com trés ou menos andares. Portanto, deve-se ter este
fato em mente ao analisar resultados de exemplos com numero
reduzido de andares.

Considerando a variavel r definida na equacao (3) e representando
as areas das armaduras longitudinais de tragéo e de compresséo,
respectivamente, por A_ e A, resultam as seguintes expressoes
para as rigidezes reduzidas:

- vigas:

(ED),,,= 04E¢l; = 04Ecslc/r (As # Af) (@
(ED),,,= 0.5E¢l; = 0.5E¢slc/r  (As = Af) (5)
- pilares:

(EI)SL’C: O'8ECi1C = O.8Ecslc/r (6)

No desenvolvimento do presente estudo, surge a necessidade de
se determinar a relagéo (El) . / E_l. do conjunto de barras do por-
tico. Na verdade, trata-se de um valor meramente representativo,
pois esta relagdo ndo pode ser considerada fixa; ela pode variar
em fungéo de varios fatores, como niumero e altura dos andares,
numero e extensao dos vaos, relagéo entre as dimensoes trans-
versais de vigas e pilares etc. Pinto e Ramalho [8] mostram que a
influéncia da néo linearidade fisica na rigidez lateral dos pérticos
depende principalmente das taxas de armadura e da magnitude
do carregamento aplicado, tendo obtido relagdes (El)_, /E /. para
o estado limite ultimo variando entre 0,51 e 0,75.

Taranath [9] afirma que a deformacé&o global por corte de um porti-
co pode representar até 80 % de sua deformacao lateral total, sen-
do 60 % devidos a flexdo das vigas e 20 % devidos a dos pilares;
a deformacgao por flexao global do portico, devida as deformacgdes
axiais dos pilares, pode chegar a 20 %. Por outro lado, Smith and
Coull [10] limitam esta ultima componente a 10 % da deformagéo
global por corte, com excecao de pérticos muito altos e esbeltos.
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Com base nessas consideragdes, no estudo que segue, sera es-
timada em 65 % a contribui¢cdo da flexibilidade das vigas para a
deformacéo lateral do portico e em 35 % a dos pilares.

No projeto de um portico esbelto, a predominancia dos efeitos
do vento leva a uma tendéncia de igualdade entre as armaduras
A, e A’ das vigas. Assim, podem-se utilizar as equagdes (5) e
(6) para relacionar as parcelas dos deslocamentos horizontais,
relativas a flexibilidade de vigas e de pilares, resultantes da ana-
lise ndo linear fisica, com as correspondentes parcelas resul-
tantes da analise linear. Simultaneamente, aplicando as recém
mencionadas proporgdes de 65% e 35% de contribuigdo destas
parcelas para os deslocamentos horizontais totais e seguindo a
mesma linha dedutiva apresentada na segéo 4 de Ellwanger [1],
pode-se mostrar que:

sec

3. Componentes da deformacgao lateral

de um poértico
EE
Em subestruturas do tipo pértico plano, predominam as deforma-
¢oes por flexdo das barras individuais de viga e pilar. Quando um
portico é submetido a agdes horizontais, 0 momento fletor global
é predominantemente absorvido na forma de forgas normais nos
pilares, para as quais a estrutura proporciona uma consideravel
rigidez. Assim, é a forga cortante global que causa a maior parte
das deformacgdes horizontais do pértico.
Além disso, existe um fator causador de deformagdes, cuja impor-
tdncia aumenta com a altura e a esbeltez do portico. Associado
ao recém mencionado momento fletor global, ele consiste no en-
curtamento de alguns pilares e alongamento de outros, causando
flexdo no portico como um todo. Assim, segundo Taranath [9], os
porticos podem ser modelados por barras verticais, engastadas na
base e livres no topo, nas quais ocorrem simultaneamente defor-
magdes por flexao e por corte.
A figura 2-a mostra um portico plano submetido a uma acgéao hori-
zontal uniformemente distribuida de taxa w, bem como uma barra
vertical de segao transversal constante, equivalente ao portico. Os
deslocamentos y(x) dos pontos do eixo da barra e as respectivas
derivadas ¢(x) podem ser expressos pela soma das componentes
devidas aos efeitos de flexdo e de corte, identificados respectiva-
mente pelos subindices F e C:

y(x) = yF(x) + y(j(x) (8)

() = ¢ (x) + P (x) ®)

Convém observar que ¢.(x) corresponde efetivamente as rotagoes
das segOes da barra causadas pela flexao, enquanto ¢.(x) repre-
senta simplesmente a declividade da deformada causada pelo
efeito de corte. O comportamento da barra sob o efeito da flexao
& expresso por:

EJ d*y,/dx? = —M(x) = w(f — x)?/2 (10)

| € o comprimento da barra, E € o médulo de elasticidade longi-
tudinal do material e M(x) € o momento fletor global, considerado

negativo quando causar tracdo na face esquerda da barra; J é o
momento de inércia de sua segao transversal, o qual pode ser ob-
tido em fungao das areas das seg¢des dos pilares do portico e das
distancias entre seus eixos e o centroide dessas areas.

Para expressar o comportamento da estrutura sob o efeito de cor-
te, utiliza-se um coeficiente de proporcionalidade S entre a forga
cortante global Q(x) e a declividade da deformada, dada pela com-
ponente ¢.(x). Assim, o coeficiente S representa a rigidez do sis-
tema (pértico plano) a forgca cortante global. Constata-se que, na
verdade, ele pode sofrer variagdes ao longo da altura do portico,
as quais sado mais pronunciadas junto a base. Smith and Coull [10]
apresenta uma expressao aproximada para a obtengédo de S em
um pavimento qualquer i (i > 1):

12E

51 = h1/G, + 1/C) a

h, é a altura do pavimento i. G, representa o somatorio das raz6es
IIL, sendo | o momento de inércia e L o comprimento de cada
barra de viga do pavimento /; C, tem o mesmo significado de G,
em relagdo as barras de pilar. Para o primeiro pavimento, no caso
de todos os pilares serem engastados na base, a expressdo de S
assume a forma:

_ 12E(1+ C1/6G1)

P R@AG 1 o

Os exemplos deste trabalho, apresentados na segédo 5, ca-
racterizam-se pela repetigdo da geometria de vigas e pilares
em todos os pavimentos. Assim, aplicando as equagobes (11)
e (12), resulta, para cada exemplo, um valor Gnico de S, (i >
1), além de um valor de S,. Por sua vez, a relagéo S,/S, cal-
culada para cada exemplo, varia significativamente, apresen-
tando uma mediana de 2,17. No presente estudo, para fins de
simplicidade da formulagéo, sera feita uma experiéncia com a
adogao de um valor fixo para a relagéo S,/S,. Sera adotado o
valor 2, por ser o inteiro mais proximo da mediana recém men-
cionada. Por se tratar de aproximagao baseada numa simples
amostra, fica passivel de afericdo a repercussdo da mesma nos
resultados de exemplos, ndo s6 deste trabalho, como também
de quaisquer outros em que o método aqui proposto continue
sendo pesquisado.

> E
!
> — —
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>
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Rigidezes £J ¢ SE2 Rigidez BT

a) Deformagdes por flexdo e por corte b) Somente deformagdes por flexdo

Figura 2
Barras equivalentes a um pértico plano
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Desta forma, aplicando a condigdo de proporcionalidade entre
Q(x) e ¢.(x), o comportamento da barra equivalente ao portico,
devido ao efeito de corte, pode ser expresso por:

d.(x) = Q(x)/mS = w(£ — x)/mS (13)

Diante do que foi exposto no pendltimo paragrafo, m sera consi-
derado igual a dois para o primeiro pavimento e igual a unidade
para os demais. Realizando a integracdo das equagdes (10) e
(13), aplicando as condi¢des de contorno e de continuidade perti-
nentes, obtém-se as fungdes y,(x) e y(x). Substituindo-as em (8),
determina-se y(x); aplicando esta fungéo para x = |, resulta:

wet wetN
= =+ — 14
Ar = y(£) 8E]+4.5{2 (14)
onde
N=1+(-1/n)? (15)

Seja agora a barra mostrada na figura 2-b, também equivalente ao
portico da figura 2-a, submetida ao mesmo carregamento, porém
sem a consideragdo da deformagao por corte. Sendo / o momen-
to da inércia da segao transversal, o deslocamento horizontal no
topo sera dado por:

By = y(£) = we*/8EI (16)

Oitem 15.5.2 da ABNT [3], ao tratar do parametro de instabilidade,
estabelece uma metodologia de determinag&o do fator E_J/. de
um pilar de secdo constante, equivalente a um dado portico pla-
no. Segundo esta metodologia, a referida rigidez deve ser obtida
calculando-se, inicialmente, o deslocamento horizontal no topo da
estrutura de contraventamento (poértico) sob a agdo do carrega-
mento horizontal, que vem a ser o D, dado pela equagéo (14).
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Figura 3

Barra equivalente a um sistema de
contraventamento com n pavimentos

Em seguida, obtém-se a rigidez de um pilar equivalente de secao

constante tal que, sob a agdo do mesmo carregamento, sofra o

mesmo deslocamento horizontal no topo o que, neste caso, vem a

sero A; daequagéo (16). Isto implica na igualdade entre as duas

expressoes, o que leva a:
., 2NEI

S¢° = =1

a7

4. Os efeitos de segunda ordem no
modelo discreto
EE
De acordo com o modelo de Beck e Konig, descrito na subsecao
1.1, um sistema de contraventamento pode ser modelado por uma
simples barra de pilar. A figura 3 mostra uma barra engastada-li-
vre, de comprimento H, ,, simulando o sistema de contraventamen-
to de um edificio com n andares de mesma altura h, submetido a
acao de cargas gravitacionais F (dadas pela soma das agbes P
e V da figura 1) e de vento (W/2 no topo e W nos demais anda-
res); as agdes sdo consideradas com seus valores caracteristicos.
Considera-se que a barra tem momento de inércia J constante
ao longo de seu comprimento; a rigidez a forga cortante é 2S no
trecho n e S nos demais trechos.

4.1 Interacao entre trechos consecutivos

Levando em conta a deformagado da barra (ndo-linearidade geo-
meétrica), o comportamento de um trecho qualquer i sob o efeito de
corte é expresso por:

mS$,(x) = Q,(x) = W(i—1/2) + iFgp,(x) (18)
Aplicando a equagéo (9) para o trecho i, substituindo-a em (18) e
isolando ¢,(x), resulta:

¢p(x) = (1 = iF /mS),(x) — (W/mS)(i — 1/2) 19
Derivando a equacgéo (19) em relagéo a x, obtém-se:

d¢p,/dx = d*y,, /dx* = (1 — iF/mS)dy,/dx? (20)
O comportamento do mesmo trecho i sob o efeito da flexdo é ex-
presso por:

EJ d®y,, /dx* = —M,(x) (21

Introduzindo (20) em (21) e expressando M(x) em fungdo das
acgodes, resulta:

EJ(1 — iF /mS)d%y, /dx? = W{(nh —x)/2+ Zi_l[(n —Dh— x]}
=1

i1 22)
—Fiiy.(x) — . —jh
{zyl(x) DIRAICED) ]}
A solugao de (22) e sua derivada sdo dadas por:
1 -1
y,(x) = —_Z Vil = Al + CZi,lsen(\/faix) + CZicos(\/faix) +
o @3)

W (nh —x i-1 .
+§{ —+ ijl[(n ~jh~ x]}
dy. w 1
d—);‘ = ¢,(x) = Via;[Ci_1cos(Viax) — Cysen(Viax)] — ﬁ(i - 5) (24)

C,., e C,;séo constantes de integragéo e o coeficiente a, € dado por:
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a} = F/EJ(1 — iF /mS) (25)

Aplicando a equagéao (23) para o topo do sistema (x=nhei=1),
obtém-se:

C, = —Cytan (naih) (26)

Tendo sido obtida uma relagéo entre C, e C,, sera demonstrado
a seguir como as constantes de integracao relativas a um trecho
qualquer da barra podem ser expressas em fungdo das constan-
tes relativas ao trecho imediatamente anterior. Na equagao (23),
ao substituir / por i + 1, obtém-se a fungéo y,,(x). Expressando
sucessivamente y/(x) e y,,,(x) para x = (n — i)h (transig&o entre os
trechos i e i + 1) e seguindo a mesma linha dedutiva apresentada
por Ellwanger [2], pode-se demonstrar que:

C2i+lsen[\/i +1(n— i)ai+1h] + C2i+zcos[\/i +1(n— i)aH,lh] =B, (27)
onde

B, = H_;.l{(:z,',lsen[\/f(n - i)aih] + CZicos[\/f(n - i)aih]} (28)

Na transi¢cdo entre dois trechos quaisquer, a variagéo brusca da
forga cortante acarreta um salto na componente ¢(x) da inclina-
¢éo da deformada; por sua vez, a componente ¢.(x) no final de um
trecho é igual a componente no inicio do trecho seguinte. Substi-
tuindo (24) em (19), obtém-se:

1

¢ (0) = (1 - 1;—1;) Via][Cyi—qcos (Viagx) — Cysen(Viax)| — LKF(l - E) (29

Na equagcéo (29), ao substituir / por i + 1, obtém-se ¢,,,,(x). A con-
dicao de continuidade das rotagdes ¢.implica na igualdade entre
estas fungdes para x = (n—i)h, resultando:

Czl-+1cos[\/i +1(n— i)ai+1h] - Czl-+zsen[\/i +1(n— i)ai+1h] =B, (30)

onde

B, = Vi J1—1iF/mS Czl-_lcos[\/f(n - i)al-h] 1y
2= Vit+1ly1-(i+ 1F/mS Czl-sen[\ﬁ(n - i)al-h] (3])
Wh

+ . 372 .
2i(i + 1)"“a; 1 hF[1 — (i + DF/mS]

A partir das equagdes (27), (28), (30) e (31), podem-se expressar
C,.,e C,,,emfuncéode C, , e C,:

Criv1 = Bzcos[Vi +1(n— i)al-+1h] + Blsen[\/i +1(n— i)aH,lh] (32)
Coiyz = Blcos[\/i +1(n— i)ai“h] - sten[\/i +1(n— i)aH,lh] (33)

4.2 Obtencao e comparagao entre momentos
fletores na base

Uma vez obtida a relagdo entre as constantes de integragao re-
ferentes a dois trechos consecutivos da barra, sera deduzida a
seguir uma expressao para o momento fletor na base da mes-
ma. A condigo de rotag&o ¢, nula na base € imposta, aplicando a
equacao (29) para x = 0, i = n (dltimo trecho) e m = 2. Em seguida,
pode-se isolar C, _,:

(n—1/2)w

Con1 = e F(1 = nF /28 34)

Ellwanger [2] mostra que, combinando as equagdes (20) e (21)
com a derivada da (24), obtém-se a seguinte expressao para o
momento fletor na base:

M(0) = M, (0) = nFC,, (35)

A dedugéo da expressao de M(0) para um numero qualquer n de pa-
vimentos inicia com a aplicag&o da equag&o (26), ficando C, expresso
em fungéo de C,. Assim, ao aplicar as equagbes (32) e (33) para a
transicao entre o primeiro e 0 segundo trecho (i = 1), resultardo expres-
sbes para C, e C, contendo C, como Unica constante de integragdo. O
mesmo acontecera com as demais constantes ao aplicar essas equa-
¢Oes para os demais trechos. Além disso, em virtude da Ultima parcela
da expresséo de B,, dada por (31), as sucessivas aplicagbes de (32) e
(33) geram para as expressoes das demais constantes de integragao
um termo independente de C,, o qual aparece multiplicado por Wh/F.
Assim, ao final deste processo, teréo sido geradas expressdes para
C,,..e C,, (trecho n), as quais podem ser postas na forma:

Con_1 = A1C1 + D,Wh/F (36)

CZTL =A2C1 +D2Wh/F (37)

Os termos A,, A,, D, e D, resultam das sucessivas aplicagbes das
equagodes (32) e (33). Combinando as equacgdes (34), (35), (36)
e (37), obtém-se a seguinte expressdo para o momento fletor na
base, incluindo os efeitos de segunda ordem:

VrahA (1 —nFy2s) T WDz = =)

M"=M(©0) = (38)

Levando em consideragéo a equagéo (25), o termo a_h que apare-
ce em (38) pode ser posto na forma:

ayh = J (F/S)/(R(1 - nF/25) (39)
onde
K = EJ/Sh? (40)

Por sua vez, os termos ah e a, h que constam em varios trechos
deste trabalho terdo uma expressao semelhante a (39), apenas
alterando o quociente nF/2S para iF/S ou (i+1)F/S, respectivamen-
te. Por outro lado, o momento fletor na base, incluindo apenas os
efeitos de primeira ordem, é dado por:

M = —Wh <n/2 + Z::;) @)

Para a verificagdo da dispensa de consideragdo dos efeitos de se-
gunda ordem, o critério do acréscimo dos 10 %, mencionado na
subsecgdo 1.1, sera aplicado para o momento fletor na base, com os
modulos de M' e M" dados respectivamente por (41) e (38) (com
0s sinais invertidos, uma vez que a aplicagaéo destas equagoes re-
sulta em valores negativos para ambos os momentos). Além disso,
sendo este critério aplicado para o estado limite ultimo, de acordo
com o item 11.7.1 da ABNT NBR 6118:2014, as cargas W e F das
equagcoes (38), (39) e (41) devem ser majoradas por 1,4. Portanto:
—1.4WhAy(n —1/2) A;Dy
VranhA; (1 — LanFy2s)  -HWhn (DZ TTa )

n—1
<11x14Wh (n/Z + Z i)
i=1

(42)
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INfCTO

M'=1,1(n/2 + YD)

Entrar com n |
(numero
e
—> Entrar com o  valor
(tentativa)

|

Ay =1; A, = —tan(vVI4na;h); D; =D, = 0

|

Ciclo percorrendo os andares:

i=2 >

n

'

ah e airth & obtidos cfe. texto apos egs. (39) e (40)

6, = Vi(n — i)\/14a;h

B, = [i/(i + 1)](A,;senb, + A,cos6,)

By = /[i/(i + 1)](A cos0; — A,senb,)

By = [i/(i + 1)](Dysenb; + D,cos6;)

By, = /[i/(i + 1)](D;cos6, — D,senb;) +

+1/{2i(i + 1)32a;1h[1 — (i + 1)F/S]}

0, =vi+1(n—i)V14a;.1h
A, = B,cos0, + B;senf,

D; = By,c0s0, + By, senb,

Figura 4

A, = Bycosf, — B,senf,

D, = By,cos8, — By,senf,

A

y WhA,(n—1/2)
"~ Vna,hA, (1 —nF/2S)

+ Whn(D, —

A;Dy
4

) + Whn(—

AzDy
Ay

Exibir M

e M" para
comparaca

Sequéncia de operagdes para a solugcdo da inequagcdo (43)
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Tabela 1
Valores de a, independentes de K
Nidmero de andares %
1 0,42
2 047
3 0,49
> 200 0,65

E tacitamente assumido que o termo a h, que consta na equagéo
(38), tera sido obtido aplicando-se a equagao (39) com 1,4F no
lugar de F. A mesma alteracédo deve ser feita na obtengao dos ter-
mos ah e a, h que constam nas equagdes (28), (31), (32) e (33),
para fins de obtengéo de A,, A,, D, e D,. Efetuando-se os devidos
algebrismos, a inequagao (42) transforma-se em:

—A;(n—1/2) A;Dy n-1
Vranhay (1= LanFjzs) P2 g ) S <"/2 * Zi:1 l) ®)

4.3 Obtencgdo de o,

Para um pequeno numero de andares, podem-se deduzir expres-
sdes de A, A,, D, e D,, como fungdes de F/S, e substitui-las no
membro esquerdo de (43). Em seguida, a inequacéo (43) pode
ser resolvida por tentativas, obtendo-se F/S. Todavia, para uma
quantidade maior de andares, é necessario aplicar as equagdes
(32) e (33) por multiplas vezes, o que resulta em expressdes muito
extensas para A, e A,, tornando o procedimento inviavel.

Diante dessa situacéo, foi desenvolvido um método alternativo de
obtencao de F/S para edificios com um nimero qualquer de andares,
pelo qual a solugdo também é obtida por meio de tentativas. Porém,
no lugar de se deduzirem expressoes cada vez mais extensas para
A, A, D, e D, atribuem-se sucessivamente valores iniciais (tentati-
vas) ao quociente F/S e determinam-se valores numéricos para
aquelas variaveis. Em cada tentativa, aplica-se o formulario visto até
aqui, de forma a obter valores numéricos para os membros a direita

Tabela 2

Valores de a,, variando-se K e o nimero de andares

065

0,60

055 A

——K=

050 E 2¢
ry —=—K=100

045 K =500
M + e 295899 8 8

nimero de andares ———

Figura 5

Grdficos a, x nUmero de andares

e a esquerda da inequagao (43). Quando estes valores forem sufi-
cientemente proximos, de maneira a poderem ser considerados

T
|

:. 0m +

Figura 6
Sistema de contraventamento transversal: exemplos
1.3.5.7e9

Nimero Valores de K
de andares 500 300 250 200 150 100 80 60 40 20
4 0,493 0,494 0,494 0,494 0,495 0,496 0,497 0,498 0,500 0,506
5 0,498 0,499 0,499 0,499 0,500 0,502 0,503 0,505 0,509 0,518
6 0,501 0,502 0,503 0,503 0,505 0,507 0,509 0,512 0,516 0,528
8 0,505 0,507 0,508 0,510 0,512 0516 0,519 0,523 0,531 0,548
10 0,509 0,512 0,513 0,516 0,519 0,525 0,529 0,535 0,545 0,564
12 0,512 0,516 0,518 0,521 0,526 0,534 0,539 0,546 0,557 0,578
16 0,519 0,526 0,529 0,533 0,540 0,551 0,557 0,566 0,579 0,598
20 0,526 0,535 0,540 0,545 0,553 0,566 0,573 0,582 0,595 0,611
25 0,535 0,548 0,553 0,560 0,569 0,582 0,590 0,598 0,609 0,622
30 0,544 0,559 0,565 0,573 0,582 0,596 0,602 0,610 0,619 0,629
40 0,563 0,580 0,586 0,594 0,603 0,614 0,619 0,624 0,631 0,638
50 0,579 0,596 0,602 0,609 0,616 0,625 0,629 0,633 0,637 0,642
100 0,623 0,633 0,636 0,639 0,642 0,645 0,646 0,647 0,649 0,650
150 0,639 0,644 0,645 0,647 0,648 0,650 0,650 0,651 0,652 0,652
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Tabela 3
Informagdes gerais dos exemplos 1T a 10
Exemplo 1 2 3 4 5 6 7 8 9 10
N° de andares 5 5 10 10 20 20 30 30 50 50
Altura (m) 15 15 30 30 60 60 90 90 150 150
N° de pérficos 3 3 5 3 5 5 9 7 13 1
Espacamento (m) 10 7.5 7.5 7.5 7.5 4 3.75 5 2,5 3
N° de vaos 1 3 1 3 1 3 1 3 1 3
Dimensdo I, (m) 12 16 12 16 12 18 12 23 20 23
Dimensdo |, (m) - 10 - 10 - 12 - 17 - 17

ez Sm

75m 15m T5m

- L L L
+

Figura 7
Sistema de contraventamento fransversal: exemplos
2,4,6,8¢e 10

iguais, o quociente F/S tera sido determinado. Convém ressaltar que
na aplicagéo do processo deve ser previamente fixado o valor de

da equacéo (40).

Devido a grande quantidade de operagdes, o método é aplicado
com o auxilio de computador. A titulo de ilustragdo, apresenta-se
na figura 4 um fluxograma com a seqiiéncia de operagdes de ob-
tencao de F/S por meio de tentativas.

Representando por b a solugéo de (43) pelo método recém descri-
to e introduzindo sucessivamente as equagdes (40) e (17), pode-
-se escrever:

2
P, ”
S~ EI2N +n%/K)

Pode-se observar na figura 3 que £ =H_/n e F =N,/n, conforme
definicdo de N, na subseg&o 1.1. Por sua vez, a ndo linearidade
fisica pode ser considerada substituindo-se E/ por (E/),,, dado por
(7). Introduzindo essas alteragdes e extraindo a raiz quadrada de
ambos os membros da inequagao (44), resulta:

Hyoes/Ni/Ecslc/ J 0.5755n(2N +n2/K/r < Vb (45)

Comparando (45) com as equagdes (1) e (2), conclui-se que o
limite o, do parametro de instabilidade pode ser expresso por:

a = J0.5755bn(2N +n2/R/r (46)

Assim, entrando-se com o numero de andares desejado (n),

pode-se obter b por meio do processo de tentativas ja descrito e,
em seguida, o valor do coeficiente limite o, aplicando-se a equa-
¢ao (46). Isto foi feito para uma série de quantidades de andares e
para diferentes valores de K . Considerou-se, para efeitos de es-
tudo, um £, de 20 MPa, levando o coeficiente r a assumir o valor
de 0,85, de acordo com a equacgao (3). Conseqlientemente, a re-
lagéo EI/E |, expressa por (7) resulta em 0,677.

Constatou-se que, para um nimero de andares inferior a quatro e
igual ou superior a 200, a variagéo de o, em fungéo de K é muito
pequena, podendo ser desprezada. Assim, estes valores de a,,
que podem ser considerados independentes de K , sdo mostra-
dos na tabela 1. Para um ndmero de andares superior a trés e in-
ferior a 200, a, varia com K . A tabela 2 mostra um resumo dos
resultados obtidos, onde cada coluna contém valores de a, relati-
vos a um valor fixo de K . Para n&o tornar esta exposigéo dema-
siadamente extensa, os valores de o, sdo apresentados para uma
série de quantidade de andares representativa do intervalo consi-
derado; por sua vez, o conjunto de valores de K da tabela repre-
senta a faixa de abrangéncia dos valores de K obtidos nos exem-
plos que se encontram descritos na proxima segéo.

5. Exemplos
EE

5.1 Descrigao dos testes

A figura 6 mostra a configuragéo basica, em planta, do sistema de
contraventamento transversal de um edificio de planta retangular,

Tabela 4
Dimensdes (cm) das sec¢des fransversais
Exemplo Vigas Pilares
1 25 x 68 25x 47
2 19 x 47 19 x 47
3 25x 68 25x 68
4 20 x 60 20 x 60
5 40x 76 40 x 100
6 23 x 60 30x 89
7 33x78 40x 130
8 29 x 65 29x 117
9 64x193 64x130
+ abas 45 x 12
10 32x125 32x 82

+abas 30x 12
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Tabela 5
Par@metros de inércia dos exemplos

Exemplo I (M*) K (EDec / Ecsle
1 0,422 169 0,687
2 0,517 456 0,670
3 3,268 173 0,650
4 3,952 280 0,673
5 22,17 175 0,700
6 35,15 449 0,641
7 66,81 244 0,727
8 133.4 375 0.696
9 299,7 19,5 0,986
10 342,5 69.5 0,967

o qual é constituido por porticos com vao Unico de 7,5 m. Da mes-
ma forma, pode-se observar na figura 7 a configuragao basica do
sistema de contraventamento transversal de um edificio de planta
octogonal alongada, sendo formado por porticos com trés vaos
iguais de 5 m. Em ambos os casos, os porticos apresentam-se
igualmente espagados e os vaos séo considerados de eixo a eixo
de pilar; os elementos contraventados nao estdo representados.
Cada um destes sistemas foi empregado em edificios de 5, 10, 20,
30 e 50 andares com pé direito de 3 m, constituindo os exemplos
1 a 10, cujas informagbes gerais constam na tabela 3.
Considerou-se a utilizagdo de um concreto com f, = 40 MPa e
agregado constituido por basalto, resultando em um modulo E ¢ =
38000 MPa. Foi considerada uma carga vertical total (valor carac-
teristico) de 10 kN/m? por pavimento. Adotou-se uma forga devida
a pressao do vento de 1,5 kN/m? (valor caracteristico), constante
ao longo da altura. Esta consideragéo foi feita por tratar-se de ex-
periéncia com formulagédo baseada em modelo com forga de vento
de taxa constante.

Cada um dos 10 sistemas de contraventamento foi testado com o
objetivo de se determinar a relagéo entre cargas verticais e rigidez
horizontal que resultasse em um acréscimo de 10% no momento
global da base do edificio, em relagao a analise de primeira ordem;
com isso, determinava-se o limite o, do pardmetro de instabilida-
de. O procedimento aplicado em cada teste consistiu em atribuir
dimensdes iniciais as segdes das barras dos poérticos e realizar
uma analise de segunda ordem, empregando-se o método P-A com
processamento em precisdo dupla. Por se tratar de sistemas de
contraventamento com dupla simetria, adotou-se para a analise, no
lugar da estrutura tridimensional, um modelo formado pelos pérticos
transversais dispostos num mesmo plano e unidos por bielas.

Em seguida, realizaram-se novas analises de segunda ordem,
ajustando-se as dimensdes das segdes até resultar o acréscimo
desejado de 10% no momento global da base. A tabela 4 apresen-
ta as dimensbes das segoes resultantes desse processo. Foram
consideradas segdes retangulares para todas as barras, com ex-
cecgao das vigas dos exemplos 9 e 10, para as quais foram adota-
das secgbes T. Apesar de ndo se mostrar adequada nos exemplos
com maior numero de andares, a estruturagdo em pérticos de vao
Unico e de trés vaos foi mantida para fins de comparacgao.

A obtengdo do parametro de instabilidade através da equagao (1)
requer que tenha sido determinada a inércia |, de um pilar

equivalente ao conjunto de porticos transversais. Isto foi feito efe-
tuando-se o procedimento prescrito pelo item 15.5.2 da ABNT
NBR 6118:2014. Assim, para cada exemplo, a inércia equivalente
foi obtida a partir da comparagéao entre os deslocamentos horizon-
tais no topo, resultantes da analise linear do préprio sistema de
contraventamento e de um pilar de referéncia, submetidos ao car-
regamento de vento. Os valores de | obtidos por meio deste pro-
cesso encontram-se na tabela 5. O coeficiente K de cada sistema
de contraventamento foi determinado mediante a aplicagdo da
equagao (40), tendo J e S sido obtidos conforme o exposto na
secdo 3. Os valores de K também se encontram na tabela 5.

A nao-linearidade fisica foi considerada por meio da redugao da
rigidez das barras individuais, expressa pelas equagdes (5) e (6).
Além da aplicagéo do método P-A, também foi realizada uma ana-
lise ndo linear fisica de cada sistema submetido exclusivamente
ao carregamento de vento; trata-se, na verdade, de uma anali-
se linear com a recém mencionada reducdo das rigidezes. Em
seguida, foi obtida a relagéo (E/),,./ E../, do conjunto de barras
dos porticos de cada exemplo, por meio da comparagao entre os
deslocamentos horizontais no topo resultantes das analises com e
sem redugédo das rigidezes. Os valores dessa relagdo constam na
Ultima coluna da tabela 5.

5.2 Analise dos resultados

As tabelas 1 e 2 apresentam valores do coeficiente limite a.,, obti-
dos por meio da sequéncia de operacdes da figura 4, seguida da
aplicagéo da equacgao (46). Por sua vez, a figura 5 mostra curvas
representando a variagdo de o, com o numero de andares, para
trés diferentes valores de K . Observa-se que os valores de a,
sdo crescentes com o numero de andares, variando entre 0,42
(um pavimento) e 0,655 (para o numero de andares tendendo ao
infinito). Entretanto, conforme foi salientado no final da secgéo 4,
estes valores foram obtidos para uma relagéo (El). / Eyl, =
0,677. Alterando-se esta relagao, alterar-se-8o os valores de a, na
proporgao da raiz quadrada da mesma.

A tabela 2 e a figura 5 também mostram que, para um mesmo
numero de andares, os valores de a, sdo crescentes com a

Tabela 6
Valores de a, previstos e encontrados
Exemplo a' a, 2 a, 3 Diferen¢a *

1 0,503 0,500 0,503 0
2 0,499 0,498 0,496 0.60%
3 0,511 0,518 0,508 0.59%
4 0,511 0,512 0,511 0
5 0,555 0,549 0,558 0,54%
6 0,517 0,528 0,514 0.58%
7 0,587 0,566 0,587 0
8 0,556 0,553 0,561 0,90%
9 0,770 0,642 0,775 0.65%
10 0,747 0,631 0,754 0.94%

1 Valores encontrados nos exemplos;
2Valores previstos pela tabela 2;

3 a, (2) com a corregdo do fator (El) . / E.dl.:
4 Diferencas entre o' e a,®.
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diminuicdo de K , ou seja, com a diminuigéo da rigidez dos pérti-
cos a flexdo em relagéo a rigidez ao corte e, portanto, com o au-
mento da flexibilidade a flexdo em relagao a flexibilidade ao corte.
Uma maior flexibilidade a flexdo esta associada a tendéncia da
deformada em apresentar deslocamentos horizontais importantes
somente na regido superior do edificio, ao contrario da deformada
de uma estrutura mais flexivel ao corte, na qual os referidos des-
locamentos ja ocorrem a partir da regido inferior. Esta diminui¢cao
do nimero de pavimentos com deslocamentos horizontais impor-
tantes faz diminuir a parcela do momento fletor global devida aos

0,8,
0,7/ O a, previsto
@ <, obtido
0,61
0,51
0,4
0,31
s 021
0,11
®) ok
5 10 20 30 50
andares —
Figura 8
Valores de a,: exemplos de vao Unico
0,8;
0.7 o, previsto
@ o, obtide

0,61

0,54

a, gk

5 10
andares —

20 30 50

Figura 9
Valores de a,: exemplos de frés vaos

efeitos de segunda ordem, levando a um aumento no coeficiente
limite a,.

Os gréficos da figura 5 mostram que a variagdo de o, com K ¢
mais pronunciada numa faixa intermediaria da quantidade de pa-
vimentos. Por exemplo, para 25 andares, a diferenga entre os va-
lores de o, referentes a K igual a 20 e a 500 é de 16 %, corres-
pondendo a uma diferenga de 35 % entre as respectivas razdes
carga vertical/rigidez horizontal.

Por sua vez, os valores de o obtidos nos exemplos constam na
segunda coluna da tabela 6, podendo se observar que eles tam-
bém aumentam com o ndmero de andares. Para um mesmo nu-
mero de andares, os valores relativos aos exemplos de vao Unico
tendem a ser superiores aos de trés vaos, ocorrendo o contrario
com os valores de K , conforme consta na tabela 5. Isto esta coe-
rente com o exposto anteriormente, pois nos porticos de vao uni-
co, devido ao nimero menor de pilares, a deformagéo axial nos
mesmos tende a ser maior, levando a uma maior deformabilidade
devida a flexao global.

Aterceira coluna da tabela 6 apresenta os valores de o, obtidos por
interpolagao dos valores constantes na tabela 2, em fungao do nume-
ro de andares e do coeficiente K de cada exemplo. Constatou-se
que estes valores apresentam, em alguns casos, diferencgas significa-
tivas em relacéo aos valores de o encontrados nos exemplos.

Em seguida, os valores de o, foram recalculados, substituindo-se
o fator 0,5755/r das equagdes (7) e (46) pelos fatores (El)_ ./ E (.
constantes na tabela 5. Estes valores recalculados de a.,, junta-
mente com as diferengas entre eles e os valores de o obtidos nos
exemplos, constam respectivamente na quarta e quinta colunas
da tabela 6. Constata-se que estas diferencas sao inferiores a 1
% para todos os casos. As figuras 8 (exemplos de vao unico) e 9
(exemplos de trés vaos) demonstram graficamente o bom grau de
precis&o obtido na previs&o dos valores de a,.

A necessidade de se recalcular o, em funcdo dos fatores
(E),../ Ecgl. deveu-se basicamente a diferenga entre o valor de £,
adotado na construgdo das tabelas 1 e 2 (20 MPa) e o adotado
nos exemplos (40 MPa). Assim, foi principalmente essa diferenca
que levou a constatagao de que, para se atingir um bom grau de
precis&o na predi¢io do limite o, de um edificio com certo nimero
de andares e determinada razéo de rigidezes K, é necessario
avaliar a ndo linearidade fisica com um bom grau de aproximagao.
Constata-se ainda que os valores de o, obtidos nos exemplos mos-
tram uma variabilidade que vai de um minimo de 0,499 no exemplo
2 até um maximo de 0,770 no exemplo 9. A proporgao entre estes
valores extremos é de aproximadamente 1,5:1. Considerando que
a obtengao dos mesmos envolve a extragao de uma raiz quadrada,
a proporgao entre os radicandos (relagdes carga vertical/rigidez ho-
rizontal) associados a esses extremos € superior a 2:1.

Essa variabilidade mostra a importancia de se ter uma forma de pre-
ver um limite o, apropriado a razdo K e ao numero de andares de
um dado edificio a ser projetado, no lugar dos valores fixos estabele-
cidos na segao 15 da ABNT [3]. Assim, por exemplo, em relagao ao
valor fixo 0,5 (prescrito para 4 ou mais andares), a tabela 2 fornece
valores variaveis entre 0,493 4 andares e
K =500)e 0,652 (150 andares e K =40 ou 20); estes valores foram
obtidos para uma relagéo fixa (El),_ / E.¢l. = 0,677. Determinando
essa relagao para cada caso, podem-se obter valores ainda maiores
de a,, conforme se pode constatar nos exemplos apresentados.
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6. Conclusdes

EE

No presente trabalho, foi desenvolvido um método baseado no
modelo discreto de Beck e Konig (Figura 1), considerando pé-di-
reito constante e forga de vento uniforme. O método consiste em
resolver a inequagao (43) por meio de tentativas e utilizar o resul-
tado na aplicagdo da equagéo (46), obtendo-se o,. Como o méto-
do ¢é aplicado com o auxilio de computador, pode-se obter o, para
qualquer nimero de andares e qualquer valor de K , conforme se
pode observar nas tabelas 1 e 2.

No estudo voltado para sistemas de contraventamento formados
exclusivamente por paredes e/ou nucleos, realizado por Ellwan-
ger [2], foram deduzidas formulas para a previsdo do limite o,
dependentes unicamente do numero de andares. Por sua vez, os
sistemas formados por poérticos, objeto deste trabalho, requerem
a defini¢do prévia de dois parametros adicionais para se obter a.,.
O primeiro destes parametros é a relagdo K entre as rigidezes do
sistema a flexdo e ao corte, expressa pela equagao (40), sendo J
e S obtidos de acordo com o exposto na segéo 3. O segundo pa-
rametro é a relagéo (E/)_ / E . do sistema de contraventamento
(influéncia da néao linearidade fisica). Uma forma de obtengao da
mesma € submeter o sistema a uma nova analise linear, conside-
rando a redugéo das segdes das barras, expressa pelas equagdes
(4) a (6). Arelagao (El)./ E . é entdo determinada por meio da
comparagao entre os deslocamentos horizontais no topo obtidos
pelas analises com as se¢0Oes reduzidas e com as originais.

Um tema para a continuidade da pesquisa nesta area é investi-
gar a viabilidade de se estabelecerem limites inferiores da relagéo
(El)./ E.gl. para determinadas situagGes (faixas de numero de
andares, numero de vaos, relagao altura/largura do edificio, igual-
dade ou néo entre as areas de armadura A_ e A das vigas etc.) e
introduzi-los na equagédo (46), por meio da substituicdo do termo
0,5755/r. Assim, o projetista teria a opgéo de submeter a estrutura
a analise com as seg¢obes reduzidas ou simplesmente adotar a es-
timativa de (El),,./ E;¢l, recém mencionada.

No estudo voltado a sistemas formados por paredes e/ou nucleos,
Ellwanger [2] abordou casos de forga de vento uniforme e com va-
riacao segundo as prescricoes da ABNT NBR 6123:1988 — Forgas
Devidas ao Vento em Edificagbes (ABNT [11]). Constatou-se que
os valores de a,, obtidos para estes dois padrées de carregamen-
to, apresentam valores muito préximos entre si, com diferengas in-
feriores a 1,7%. Assim, este trabalho ndo abordou casos de forga
de vento com taxa variavel. Entretanto, na continuidade da pesqui-
sa neste tema, é recomendavel verificar se a proximidade entre os
valores de a, para os dois padrdes de carregamento também se
verifica nos sistemas formados por porticos.

Os bons resultados obtidos neste trabalho e no de Ellwanger [2]
recomendam a adogdo do método proposto para pesquisar for-
mas de definigéo de o, também para sistemas formados por asso-
ciagdes de porticos com paredes e/ou nucleos. Casos de variagao
no pé direito e na rigidez horizontal ao longo da altura também
podem ser abordados. Pode-se investigar ainda a viabilidade de
se determinarem férmulas de interpolagédo que reproduzam as sé-
ries de valores das tabelas 1 e 2. Cabe destacar que tudo isto
deve ser feito de forma a manter a simplicidade da formulagéo,
justamente uma das maiores virtudes da utilizagao do parametro
de instabilidade.

Convém salientar que os resultados obtidos no presente trabalho
referem-se a sistemas estruturais constituidos por porticos repeti-
tivos e regularmente distribuidos. Para que a adogao de um limite
variavel para o parametro de instabilidade venha a ser incorpora-
da a pratica do projeto de estruturas € necessario, contudo, que o
método desenvolvido neste trabalho seja testado por meio de uma
série de exemplos bem mais abrangente, incluindo porticos dife-
renciados e irregularmente distribuidos. Além disso, recomenda-se
para os testes um modelo mais realistico de analise, com a simula-
¢ao da estrutura como um reticulado tridimensional, considerando o
comportamento dos pavimentos como diafragmas rigidos.
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Abstract

The behavior of single-storey, single-bay reinforced concrete infilled frame with masonry panel subjected to static horizontal load was studied us-
ing two structural models: i) equivalent strut model (ESM) and ii) model with two-dimensional finite elements for state stress plane (MEF). In the
first model, an equivalent diagonal strut replaces masonry. The axial stiffness of this element is defined by evaluation of the equivalent diagonal
width. In the second model, the infilled frame is modeling by two-dimensional finite elements, requiring the simulation of the sliding and separation
between the wall surfaces and the reinforced concrete frame. Although equivalent strut models are more attractive for design, the formulas found
in the literature to determine equivalent strut width provide very different values. In addition, most of these formulas ignore some parameters that
may be important, such as beam flexural stiffness. For this reason, several numerical analysis were be carried out. The models simulated usual
geometric and mechanical characteristics observed in reinforced concrete buildings. The results of the two-dimensional finite element modeling
(by software ANSYS) were used as reference for the evaluation of the results provided by the equivalent strut model. The comparison of results
allowed the assessment of the analytical expressions for evaluation of the equivalent diagonal width. Based on this assessment, a new expression
is proposed for buildings with similar characteristics as analyzed in this paper. The results of numerical simulations with MEF models also allowed
for an evaluation of stresses and the probable cracking pattern in infill walls.

Keywords: infilled frames, reinforced concrete frames, diagonal strut model, element finite method, structural analysis.

Resumo
E——

Este trabalho tem como objetivo o estudo do comportamento de pérticos de edificios de concreto armado preenchidos com alvenaria frente as
agoes horizontais, empregando-se dois modelos estruturais: i) modelo de diagonal equivalente (MDE) e ii) modelo com elementos finitos bidi-
mensionais para estado plano de tensdes (MEF). No primeiro modelo, a alvenaria € substituida por uma barra diagonal equivalente articulada. A
rigidez axial dessa barra é definida com o calculo da largura da diagonal equivalente. No segundo modelo, a alvenaria € modelada por elementos
finitos bidimensionais, havendo a necessidade da simulacdo do deslizamento e da separacdo entre as superficies da parede e do portico de
concreto armado. Embora os modelos de diagonais equivalentes sejam mais atrativos para o projeto, as expressdes analiticas da bibliografia
internacional para o calculo da largura da diagonal fornecem valores muito diferentes entre si. Além disso, a maioria dessas expressdes descon-
sidera alguns parametros que podem ser importantes, tais como a rigidez a flexdo da viga. Por essa razao, foram realizadas diversas simulagdes
numéricas de porticos isolados de concreto armado preenchidos com blocos ceramicos com caracteristicas geométricas e mecanicas usuais em
edificios de concreto armado. Os resultados da modelagem com elementos finitos bidimensionais (via programa ANSYS) foram utilizados como
referéncia para a avaliagédo dos resultados fornecidos pelo modelo de diagonal equivalente. A comparacao de resultados permitiu a afericdo das
expressoes analiticas da bibliografia para o célculo da largura diagonal equivalente e possibilitou a proposta de uma nova expressao aplicavel a
edificios com geometrias similares aos modelos analisados. Os resultados das simulagées numéricas com os modelos MEF também permitiram
a avaliagdo das tensdes solicitantes e do provavel tipo de fissuragédo nas alvenarias.

Palavras-chave: porticos preenchidos com alvenaria, porticos de concreto armado, modelo de diagonal equivalente, método dos elementos
finitos, analise estrutural.
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1. Introduction

EE

Masonry walls in concrete building frame structures are used as
sealing elements, which must meet basic requirements for wa-
tertightness, thermal and acoustic insulation. However, depend-
ing on the type of fixation with the main structure, infill walls can
promote this structure’s stiffening, performing as bracing walls; in
this case also have a structural function.

With the masonry fixed in framed structure, when the building is
subjected to lateral loads, the panels interact with the beams and
columns, increasing the strength and the stiffness of the entire
structure, called infilled frame structural system.

However, although fixed in the main structure, masonry panels
usually have their stiffness disregarded in the building structural
model. Masonry panels, in this case, appear in the structural
analysis only as gravity (vertical) loads on the structural members
on which they are supported (beams or slabs). In this case, it is
seen that disregarding them as structural members is a practice
in favor of safety. Nevertheless, according to Parsekian, Hamid
and Drysdale [1], there are at least two reasons to show that
this practice is not adequate. The first reason is that, in higher
buildings, masonry infill walls provide a good contribution to the
structure global stiffness compared to lateral loads. By disregard-
ing them, the checks associated with the limit states of the struc-
ture would be more conservative. The second reason is that not
always disregarding the stiffness of the infill walls leads to a more
conservative design. According to these authors, the existence
of infill walls at the some locations of the structure can significant-
ly increase the stiffness of that part of the structure, which causes
the internal forces distribution. Consequently, certain structural
elements can be subjected to higher internal forces than the ones
obtained in the structural model in which the infill wall as resistent
member is ignored. In addition, a non-symmetrical distribution of
the plan view walls can cause torsional moments and significantly
change the internal forces distribution.

The most attractive model for considering the interaction between
masonry and framed structure under lateral loads is the equiva-
lent strut model (MDE). In this model, masonry is represented
by a diagonal strut, whose cross section is defined by the wall
thickness and the equivalent strut width. Models with more than
one diagonal strut can be used to more accurately simulate the
presence of the wall in the structural system. The equivalent
strut width can be obtained by means of analytical expressions
found in the international literature. Most of these expressions are
presented and commented by Asteris et al. [2] for walls without
openings. More recently, Morandi, Hak and Magenes [3] have
compiled the analytical expressions in order to obtain the equiva-
lent strut width, for both infill walls, without openings and for infill
walls with openings.

Although there are several expressions in the literature to calcu-
late the equivalent strut width, they provide very different results
among them, which may inhibit the consideration of masonry-
structure interaction in modeling (particularly in structural de-
sign). According to Araujo [4], the difference between the equiva-
lent strut width values obtained with the various expressions can
be higher than 100%. Thus is necessary to be careful in the ex-
pression’s choice so that a solution contrary to security is not

obtained. It should be noted that most of these expressions dis-
regard some parameters that may be important, such as flexural
stiffness of the beam, the ratio between stiffness to beam and to
column, as highlighted in Doudoumis [5], or the occurrence of
columns with different cross sections in real buildings. Besides,
it can be seen in the extensive international bibliography on the
subject that there are no explicit indications of recommended ex-
pressions that provides more accurate results. In Brazil, no re-
search is currently found to contribute to this.

The modeling of infilled frames can also be carried out by using
of the Finite Element Method (FEM) in a plane stress state, which
must consider the possibility of separation between the two sur-
faces (masonry infill wall and reinforced concrete frame) and the
sliding between them. The results from this modeling can serve
as a basis for the calibration of the equivalent strut width or for the
assessment of the analytical expressions assigned to the calcu-
lation of the equivalent strut, as demonstrated in Doudoumis [5],
Alva et al. [6] and Asteris et al. [7].

Several surveys are found in the international bibliography
about the behavior of masonry infilled frames, the majority of
which are dedicated to behavior under cyclic (seismic) load-
ing. In Brazil, the number of research on the subject is reduced
and more recent. Among the most recent research are those
from Alvarenga [8], Santos [9], Tanaka [10], Madia [11], Silva
[12] and Sousa [13]. In all of these studies, there was numeri-
cal simulation using FEM for simulating the stiffness of the infill
walls subjected to lateral loads. The contribution of Alvarenga’s
investigations [8] deserves to be highlighted, due to the experi-
mental results generated and the proposal of a new model to
determine the strength capacity in strut-and-tie models. Re-
garding to Santos [9], Tanaka [10], Madia [11] and Sousa [13],
single-storey reinforced concrete infilled frame were modeled,
where the contact between infill wall and frame is simulated by
springs. In these studies there are also application examples of
the infilled frames modeling of entire structural systems. On the
other hand, in Silva [12] the studies were focused on the effects
of openings in walls on the structural behavior of infilled frames
for checks at Serviceability Limite State. However, in none of the
mentioned studies there are more detailed investigations on the
differences between the several expressions from the literature
for the calculation of the equivalent strut width nor on which
expressions can provide better results in relation to the more
precise models (FEM models or experimental models).

The central objective of this paper is the assessment of the main
analytical expressions found in the specialized literature to calcu-
late the equivalent strut width (MDE). For this purpose, numeri-
cal simulations of reinforced concrete frames with clay masonry
infills were carried out with 2D finite elements for stress plane
state (FEM), with contact’s simulation among the masonry-frame
interfaces. Numerical models have tried to represent beam spans
and floor-to-floor distance commonly used in reinforced concrete
buildings for different sizes of beams, columns and clay brick
strength. The results provided by the FEM models served as ref-
erence for the verification of the analytical expressions presented
in the literature. Finally, it is proposed a new expression appli-
cable to buildings with geometries and mechanical properties
(frame and masonry) similar to the models analyzed.
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2. Equivalent strut model for analysis
of infilled frames
—

2.1 Diagonal strut model (MDE)

The concept of equivalent diagonal strut was presented by
Polyakov [14]. From this concept, the wall is replaced by a pin-
jointed diagonal strut, as shown in Figure 1.

In the last two decades, important research [2, 3, 7, 15-26] are
found in the international specialized bibliography regarding the
development and application of strut equivalent models for struc-
tural analysis of infilled frames, for both single-strut models and
multiple-strut models. It can be seen that important factors on the
behavior of infilled frames were investigated: material nonlinear-
ity (especially masonry), the strength capacity and possible failure
modes, effects of cyclic loading (in particular seismic actions) and
the effects of openings in infill walls.

2.2 Equations for calculating equivalent
diagonal strut

For the complete definition of the equivalent strut model, it is nec-
essary to know, besides the mechanical properties and the ma-
sonry thickness, the equivalent strut width.

Several analytical expressions are found in literature for the width
of the equivalent diagonal strut calculating. However, the results
obtained in each of these expressions can lead to differences
among them of more than 100% [4,12]. For this reason, a careful
selection of the expression to be used is necessary, with a focus
on structural safety. Table 1 contains the expressions analyzed in
this paper. Figure 2 illustrates the geometric parameters used in

Table 1
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Figure 1

Static scheme of the investigated infill frame:
MDE model
Adapted from SILVA [12]

these expressions.

In Table 1:

a — equivalent strut width;

o, = length contact between masonry infill wall and column;
a, — length contact between masonry infill wall and beam;
D — diagonal length of the masonry infill wall;

E — modulus of elasticity of the masonry infill wall;

E, — modulus of elasticity of the column;

E, — modulus of elasticity of the beam;

h — height of masonry infill wall;

Ip — second moment of area of the column;

Yield stress and viscosity of the pastes with varying contents of grinding dust (GD)

Authors

Expressions

Mainstone [27]

a=0,175-(Ay)"% D

’2 2
a5+ aj

A
Hendry [28] @y =7 <l
a = P
2
T oK 0 0,95 - sen(26) D
iaw and Kwan a=———-
[29] ™
Ay <785 Ay > 7,85
ini i : 0,748 0,393
Decanini and Fantin [30]: uncracked a=(0,085+ D a=(0130+ D
A A
Ay <785 Ay > 7,85
ini i : 0,707 0,470
Decanini and Fantin [30]: cracked a=(0010+ D a=(0040+ D
Ay Ay
. D
Paulay and Priestley [31] a=7

Durrani and Luo [32]

a= y-sen(20)-D

1+6-Ey-Iy-H
m=6|——————
w-Ep-Ip-L

Chrysostomou and Asteris [22]

a=027-(A)" %D

1060 m——
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Figure 2

Dimensions used for calculating of equivalent strut
width (@)

Adapted from SILVA [12]

|, — second moment of area of the beam;

H — height between beam axes (floor-to-floor distance);

| — length of the masonry infill wall;

L — distance between column axes;

t — wall thickness;

6 — angle whose tangent is the infill height-to-length aspect ratio
(as shown in Figure 2).

The factor A, (Equation 1) consists of multiplication of the relative
panel-to-frame-stiffness parameter (A p) and the distance between
the beams (H) axes. This parameter consists of a dimensionless
parameter (1/length unit) and expresses a stiffness ratio between
the infill wall and the column. Most expressions use this factor to
get the diagonal strut width. Hendry [ 28] expression, which uses
the length contact between the frame members and the infill wall,
the relative stiffness between the infill wall and the beam (A ) is also
used. Equations 2 and 3 contain the expressions for the calculation
of mentioned relative stiffness parameters.

Ay=2,"H M
E-t-sen(26)

Y i i 2

A 4-E, 1, h @
E-t-sen(26)

Y et i 3

Ay ’4-EU-IU-I @)

It should be noted that the expression of Mainstone [27] is the most
known among researchers in the infilled frames analysis, which is
employed by FEMA 306 [34].

3. Numerical modeling

EE

3.1 Investigated models

In this paper, 48 different models of single-storey reinforced con-

crete frames with clay masonry infills were studied. For all models,
the height H (height between beam axes) was 3.0 m. The beam

and column widths was 20 cm and the wall thickness (t) was also
equal to 20 cm. The varied parameters were the height of the col-
umn cross section (same direction of longitudinal axis of the beam)
according to Table 2, the height of the beam cross section with
the length (span) (Table 3) and the compressive strength of the
clay brick (Table 2). Efficiency factor of 0.5 (compressive strength
of prisms/compressive strength of clay bricks) was assumed for
the calculation of the masonry mechanical properties. Each pa-
rameter’s code, for nomenclature purposes, is shown in Table 2.
The model is the combination of a code for each parameter (eg
B30V40P100, the compressive strength of the clay brick equal 3.0
MPa, the height of the beam cross section equal to 40 cm and the
height of the column cross section equal to 100 cm).

According to Doudoumis [5] numerical simulations, ratio between
the second moment area of the beam and the column (I /I ) causes
a significant influence on the structural behavior of infilled frames.
In the numerical simulations from [5], models with relationships
(IV/Ip) between 0.25 and 8.0 were analyzed. On the other hand, in
this paper, the variation spectrum of (IV/Ip) is between 0.064 and 8.0.

3.2 Equivalent strut models — MDE

The equivalent diagonal strut widths were obtained in two ways: i)
by the analytical expressions from literature (Table 1); ii) obtained
from the MDE models calibration according to the results provided
by the FEM models, in which the lateral displacement equality be-
tween the two models was the calibration criterion.

In order to improve the MDE models results, in which beams and
columns were simulated as plane frame members, the finite joint
dimensions were considered by rigid offsets. The position of the
rigid offsets was defined according to ABNT NBR 6118 [33] (see
Figure 3). The values relating to second moment of area of the rigid
sections were calibrated with FEM models results, whereby the

Table 2
Nomenclature used for the investigated models
Compressive Height of Height of
strength of the the beam the column
clay brick cross section cross section
(MPa) (cm) (cm)
30 (P30)
40 (V40) 40 (P40)
1.5 (B15) 50 (P50)
60 (P60)
50 (V50) 70 (P70)
80 (P80)
3.0 (830) 60 (V60) 90 (PQO)
100 (P100)
Table 3
Beam cross sections and respective spans
Beam (cm) Span (m)
20 x 40 4.5
20 x 50 6.0
20 x 60 7.5
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Figure 3
Schematization for considering of rigid offsets
Font: ABNT NBR 6118 [33]

lateral displacement was the calibration criterion. This was per-
formed for both models without the presence of walls.

The infilled frames, simulated with the strut equivalent models,
were performed using program for linear analysis of plane frames.

3.3 FEM models

The numerical simulations using the Finite Element Method (FEM)
were performed in the ANSYS software. The PLANE182 element from
the program library was used for the modeling of both the concrete
structure and the clay brick infill wall. This finite element, applicable for
the plane stress state case, has four nodes, where each node has two
degrees of freedom, which are the translations in the X and Y directions.
These directions form the XY plane for analysis of the infilled frame. The
discretization was based on a mesh refinement analized by Silva [12].
Thus, finite elements of dimensions 5 cm x 5 cm were defined for both
the reinforced concrete frame and the infill panel (see Figure 4).

Regarding the contact problem, the CONTA172 / TARGE169 el-
ements were used for the contact pair, which should allow the

Reinforced concrete

—_—

B )
2]

Figure 4

simulation of sliding and separation between the surfaces of the
reinforced concrete frame and the masonry wall. In the ANSYS
program, the normal contact stiffness factor FKN was calibrated
in order to obtain the lowest possible penetration between the sur-
faces without causing numerical inconsistency.
Other parameters defined in the contact problem are the friction
coefficient (u) among the frame-masonry surfaces, the maximum
shear strength (stress) between the surfaces (f, ) and the cohe-
sion (t,). These parameters were obtained according to the FEMA
306 [34] recommendations, presented in Table 4. In this Table, fp is
the compressive strength of the prism.
Finite Element Analysis does not provide the average stress acting
on the entire infill wall, but the stress on nodal points of the infill
wall. Thus, in order to avoid acting stresses larger than the strength
stresses, the maximum shear stress mobilized between the frame-
masonry surfaces was limited to f, _ = o.f, where a = 1,5. Equa-
tion 4 calculates the average shear stress on the infill wall (f)), as
recommended by FEMA 306 [34].

T0+0,56g‘p.

= e @

f —average shear stress on the infill wall;
u — friction coefficient among the surfaces;

Table 4
Parameters related to the contact problem
ANSYS
Parameter Nomenclature Value
Cohesion f
COHE =P
(To) To 40
Maximum shear
stress mobilized TAUMAX fomax= 15" f,
(fV,mQX)
Friction agefﬁmen’r Friction coefficient 0.7

FEM model of masonry infilled reinforced concrete frames: a) boundary conditions; b) model discretization

s
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Table 5
Minimum values for compressive strength of the
clay brick (f,). Adapted from ABNT NBR 15270-1 [35]

f

. . b
Direction of the holes (MPa)
Horizontal >15
Vertical >3.0
Table 6
Material mechanical properties
. Clay brick
Material Concrete f.=1.5 MPa f. = 3.0 MPa
E (MPa) 25000 450 900
v 0.2 0.15 0.15

o, — vertical stress due to self weight of the infill wall (Equation 5);
tgd — height-to-length ratio of the infill wall;

T, — cohesion.

Waw

e ®)
| — wall length;

t — wall thickness;

W, — total wall weight.

Gg:

3.4 Mechanical properties

Both the reinforced concrete frame and the masonry wall were as-
sumed as linear elastic materials (in tension and compression) in
order to simplify the analysis. Due to this simplification and the fact
that the modeling assumes the homogenization of the materials,
neither the mechanical characteristics of the steel reinforcement
nor masonry mortars are mentioned. In addition, according to ABNT
NBR 15270-1 [35], the clay brick has minimum limits for compres-
sive strength depending on the direction of the holes (horizontal or
vertical) with which it is built. These limits are expressed in Table 5.
Thus, in the numerical analysis, these minimum limits were chosen
to establish the strength of the brick in numerical models.

The mechanical properties adopted for the materials, such as the
modulus of elasticity (E) and Poisson’s coefficient (v) values, are
indicated in Table 6. The reinforced concrete properties were ob-
tained in ABNT NBR 6118 [33] assuming C25 concrete strength
class and the masonry properties, according to ABNT NBR 15812
[36]. The elasticity modulus of masonry was obtained as a result of
the compressive strength of the prism (fp), according to Equation 6.

E=600-f, ()
According to Parsekian, Hamid and Drysdale [1], the relationship
between the compressive strength of the prism and the compressive
strength of the brick can vary between 0.30 and 0.60 (clay bricks).

For this paper, an intermediate value, corresponding to 50% of the
brick strength was considered for the strength of the prism.

3.5 Application of horizontal loads to the models

Alva et al. [6] procedure was followed in order to choose the hori-

zontal loads values to be applied in the models. Initially, horizontal
loads were applied concentrated on the frames (beam’s longitudi-
nal axis) that produced interstory drifts equal to H/850 in the mod-
els without infill walls - limit recommended by ABNT NBR 6118
[33] for the Serviceability Limit States verification, as Equation 7.
These forces have been reapplied in the models with infill walls for
the internal forces in the masonry analysis, in order to verify their
stresses level when two consecutive floors are designed with the
limits of interstory drifts of ABNT NBR 6118 [33] regarding to Ser-
viceability Limit States.

H
6y < 850 (7)

6, — interstory drift (consecutive floors);

H — Distance between beams or between consecutive floors
(Figure 2).

Once the forces were defined, the walls were inserted in the MDE
and FEM models, in order to assess the expressions of the litera-
ture intended to calculate the equivalent diagonal width. In addi-
tion, it has been checked if the acting stresses in the infill wall do
not exceed the stresses strengths. Equation 4, Equation 8 and 9
from FEMA 306 [34] allow, respectively, the computation of shear,
diagonal tensile and diagonal compressive strength stresses of the
infill wall.

f
feo =35 ®
g

f, , — diagonal compressive strength of the infill panel;

C,

f,o — diagonal tensile strength of the infill panel.

4. Results analysis

EE

The equivalent diagonal widths in the MDE models were calibrat-
ed with the criterion of displacements, i.e, so that the interstory
drift in these models were the same as those obtained in the FEM
models. Figures 5 to 10 contain the comparative graphs of the
values from the equivalent diagonal strut width according to the

=+FEM Calibration

300 .
> == Mainstone [27]
. 250 —4—Hendry [28]
é 200 == Liaw and Kwan [29]
z
2 5 —— Decanini and Fantin [30):
= 150 uncracked
=
B ~#—Decanini and Fantin [30]: cracked
g 100
= Paulay and Priestley [31]
50
~— Durrani and Luo [32]
L]
0 30 40 S0 60 0 80 90 100 Chrysostomot and Asteris [22]
Height of the column cross section (cm)
Figure 5

Values of equivalent strut widths vs. height
of the column cross section: B15V40 models
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expressions from the bibliography addressed in this paper and ac-
cording to the results obtained by FEM calibration.

By analyzing the graphs of Figures 5 to 10, it is possible to note the
increase of the width of the equivalent diagonal strut as the height
of the column is increased. All expressions analyzed can simulate
this tendency of increase, except for Paulay and Priestley [31].
The increase of the compressive strength of the clay brick (from 1.5
MPa to 3.0 MPa) led to a reduction of the equivalent strut width (was

—+—FEM Calibration

400
=8 Mainstone [27]

350
E 300 —a— Hendry [28]
E 250 ——Liaw and Kwan [29]
g 200 ——Decanini and Fantin [30]:
- uncracked
E 150 — ————— — =&~ Decanini and Fantin [30]: cracked
=
i
= 100

—— Paulay and Priesiley [31]

—— Duirani and Luo [32]

20 30 40 50 60 T0 80 o 100 Chrysostomou and Asteris [22]

Height of the column cross section (cm)

Figure 6
Values of equivalent strut widths vs. height
of the column cross section: B15V50 models
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- Durrani and Luo [32]
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Figure 7
Values of equivalent strut widths vs. height
of the column cross section: B15V60 models
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Figure 8
Values of equivalent strut widths vs. height
of the column cross section: B30V40 models

about 8%) referring to the results obtained by FEM calibration. Using
the analytical expressions discussed in this paper, such reductions
assumed the following values: about 7% for the Mainstone [27], Dur-
rani and Luo [32] and Chrysostomou and Asteris [22] expressions;
about 8% for the Liauw and Kwan [29] expression; about 16% for
Hendry [28] and Decanini and Fantin [30] expressions.

It is possible to note that the expression proposed by Durrani and
Luo [32] led to results closer to the FEM calibration results. Moreover,
this expression was the only one that could simulate the decrease
of the equivalent strut width value based on the height increase of
the beam section (for a same block resistance), a performance also
observed in the calibration results via FEM. It is important to note
that the good proximity to FEM results may have ocurred because
this expression is the only expression among those addressed in
this paper which considers the beam mechanical properties.

By analyzing the extreme values provided by the expressions in
Figures 5 to 10, it can be seen that Mainstone [27] expression was
the most conservative, confirming what is stated in the international
bibliography: this expression, in fact, provides the lowest values of
equivalent strut width in relation to the others. In turn, the expres-
sions proposed by Decanini and Fantin [30] (uncraked wall) and by
Hendry [28] were the ones which provided the highest values.

As it can be seen in the graphs from Figures 5 to 10, the expres-
sions present significant differences among them for value of the
equivalent strut width. However, for structural design purposes, the
differences that matter are related to the internal forces. In addition,

400
—+—FEM Calibration
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=& Mainstone [27]
300
_ —i— Hendry [28]
[
< 250
£ ——Liaw and Kwan [29]
1 200
g —— Decanini and Fantin [30]:
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z e Decanini and Fantin [30]; cracked
=
< 100
—— Paulay and Priestley [31]
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~— Durrani and Luo [32]
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20 30 40 S0 60 70 80 90 100 Chrysostomot and Asteris [22]
Height of the column cross section (cm)
Figure 9

Values of equivalent strut widths vs. height
of the column cross section: B30V50 models
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Values of equivalent strut widths vs. height
of the column cross section: B30V60 models
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because the infilled frame consists of two materials with different
mechanical properties, the percentage differences in the equiva-
lent strut width are not expected to be the same as in the internal
forces, either in axial force in diagonal strut, which simulates the
wall, or in the beams and columns internal forces. Tables 7 to 10
contain results of axial force in equivalent diagonal strut and bend-

presented in these tables allow to analyze the variation occurred
in the internal forces based on different values provided by the lit-
erature expressions and cited in this paper to obtain the equivalent
strut width. In the mentioned Tables, the FEM calibration column
refers to the results obtained with the bar frame models whose
equivalent strut width (pinned strut representing the wall) was cali-
brated with the FEM model results. The calibration criterion was

ing moments at the ends of the upper beam for the B15V40P 100,
B30V40P100, B15V60P30 and B30V60P30 models. The results

Table 7
Comparison of values obtained from B15V40P100 model (1, /1, = 0.064)

the interstory drift equality.

Liaw and Kwan

Decanini and

Durrani and Luo

Equation FEM Calibration Mainstone [27] Fantin [30]:
[29] uncracked [32]
Equivalent strut
width (cm) 134.0 72.7 186.8 326.6 130.2
Axial force in
equivalent diagonal 38.1 25.6 45.7 58.2 37.5
strut (kN)
Bending moment
at the beam end 33.6 41.5 28.9 21.0 34.0
(KN.m)
Table 8

Comparison of values obtained from B30V40P100 model (1, /1, = 0.064)

Liaw and Kwan

Decanini and

Durrani and Luo

Equation FEM Calibration Mainstone [27] Fantin [30]:
[29] uncracked [32]
Equivalent strut
width (cm) 125.5 67.9 171.3 280.5 121.5
Axial force in
equivalent diagonal 524 38.4 59.2 68.7 51.7
strut (kN)
Bending moment
at the beam end 24.7 334 204 14.5 25.1
(KN.m)
Table 9

Comparison of values obtained from B15V60P30 model (1, /1, = 8)

Liaw and Kwan

Decanini and

Durrani and Luo

Equation FEM Calibration Mainstone [27] Fantin [30]:
[29] uncracked [32]
Equivalent strut
width (cm) 94.5 91.7 136.2 371.9 93.8
Axial force in
equivalent 17.7 17.4 21.0 28.7 17.6
diagonal strut (kN)
Bending moment
at the beam end 13.1 13.3 10.8 5.6 13.1
(KN.m)
Table 10

Comparison of values obtained from B30V60P30 model (1, /1, = 8)

Liaw and Kwan

Decanini and

Durrani and Luo

Equation FEM Calibration Mainstone [27 Fantin [30]:
a 271 [29] uncrcuEkegi [32]
qu%?r!e(rg;t)r ut 85.0 85.6 129.4 356.4 87.6
Axial force in

equivalent 22.9 23 26.2 31.9 23.2
diagonal strut (kN)
Bending moment

at the beam end 9.4 9.4 7.1 3.1 9.2

(kN.m)
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According to the results of Tables 7 to 10, the percentage differ-
ences among the equivalent strut width values, axial forces on
the equivalent diagonal strut and bending moments at the ends of
the beams for the B15V40P100, B30V40P100, B15V60P30 and
B30V60P30 were calculated. Such differences, indicated by the
graphs from Figures 11 to 14 were calculated taking into account
FEM calibration results, which are considered as a reference (ac-
curacy basis).

The results of Figures 11 to 14 indicate that the percentage ac-
curacy loss in the evaluation of the equivalent strut width is not

150
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Percentage differences for model B30V40P100
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Percentage differences for model B15V60P30

equally reflected in the percentage accuracy loss related to the
internal forces. To exemplify, the results obtained can be analyzed
by using the expression of Liaw and Kwan [29] in Figures 11 to 14:
although this expression leads to differences of accuracy 40% in
the equivalent strut width, the differences in terms of internal forces

'g_’ 270
= 240 = Mainstone [27]
210
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150 m Liaw and Kwan [29]
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E w0
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: ull
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Figure 14
Percentage differences for model B30V60P30
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Comparison between equations: Mainstone [27],
Durrani and Luo [32] and proposed equation for
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Comparison between equations: Mainstone [27],
Durrani and Luo [32] and proposed equation for
B15V50 models
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4.3 Proposta de expressao para obtengao
da largura da diagonal equivalente

Although it is one of the expressions most known by research-
ers and recommended in some standard codes, Mainstone’s
[27] expression did not lead to satisfactory results, as numerical
simulations showed using FEM. Thus, a correction was made in
Mainstone [27] expression aiming a new expression applicable to
buildings with characteristics similar to the models analyzed in this
paper is proposed. Similar characteristics refer to the theoretical
spans of the beams (4.50 m, 6.00 m and 7.50 m), the interstory
height (3.0 m) and the masonry strength (blocks with compres-
sive strength of 1.5 MPa and 3.0 MPa). From the results of the
numerical analyzes and by varying (by tries) the parameters from
the Mainstone expression [27], the proposed expression was ob-
tained, according to Equation 10.

a=0,51- ()" -send.D (10)
In Figures 15 to 20 it is possible to notice that the proposed expres-

sion presented closer results to the numerical calibration via FEM if
compared to the original Mainstone expression [27].
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Figure 17

Comparison between equations: Mainstone [27],
Durrani and Luo [32] and proposed equation for
B15V60 models
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Comparison between equations: Mainstone [27],
Durrani and Luo [32] and proposed equation for
B30V40 models

4.4 Acting stresses vs. strength stresses
on the infill wall

The acting stresses in the infill masonry wall were obtained in the
FEM modeling. Compressive principal stresses, tensile principal
stresses and shear stresses were object of analysis. The distribu-
tion of such stresses in the panel is shown in Figure 21 for one of
the analyzed models. Figure 21 also shows the deformed shape
of the infilled frame and the separation between the frame and the
wall. The acting stresses values were compared to the values of
the strength stresses calculated according to FEMA 306 [34], as
presented in Equations 4, 8 and 9.

Tables 11 and 12 show the acting stresses values (tensile principal
stresses, compressive principal stresses and shear stresses) be-
sides the strength stresses of the models, in order to evaluate the
predicted cracking type.

In all 48 analyzed models, there was no diagonal compression fail-
ure. For models with blocks of 1.5 MPa compressive strength, the
ratio between the compressive principal stresses and the diagonal
compressive strength was between 0.42 and 0.77, with an aver-
age value of 0.67. For models with 3.0 MPa compressive strength
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Comparison between equations: Mainstone [27],
Durrani and Luo [32] and proposed equation for
B30V50 models
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Comparison between equations: Mainstone [27],
Durrani and Luo [32] and proposed equation for
B30V60 models
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Figure 21
Contact between frame-infill wall and distribution of stresses in the B15V50P50 model (units in kN/m?)

Table 11
Acting and strength stresses in infill walls for B15 models. Units in kN/m?

f,=1.5 MPa (B15) - f_, = 375 kN/m? f,, = 18,75 kN/m?

Model Compressive Tensile Shear f, Predicted cracking
B15V40P30 158 12.3 324 52.6 None
B15V40P40 205 16.9 42.6 53.6 None
B15V40P50 233 19.3 50.0 54.7 Tensile
B15V40P60 252 21.1 55.4 55.9 Tensile
B15V40P70 264 227 59.8 57.3 Tensile/Shear
B15v40P80 279 24.5 63.9 58.7 Tensile/Shear
B15V40P90 292 26.4 68.0 60.3 Tensile/Shear

B15V40P100 306 28.1 72.2 62.1 Tensile/Shear
B15V50P30 173 7.5 26.7 43.0 None
B15V50P40 217 104 36.0 43.3 None
B15V50P50 237 18.0 39.2 43.7 None
B15V50P60 254 18.9 42.4 44.0 Tensile
B15V50P70 265 19.2 45.0 44.4 Tensile/Shear
B15V50P80 280 19.5 47.8 44.9 Tensile/Shear
B15V50P90 285 19.6 50.2 45.3 Tensile/Shear

B15V50P100 295 19.8 52.8 45.8 Tensile/Shear
B15V60P30 191 4.5 20.4 38.7 None
B15V60P40 227 6.4 257 38.9 None
B15V60P50 244 7.4 304 39.1 None
B15V60P60 260 8.0 36.7 39.3 None
B15V60P70 267 8.3 37.2 394 None
B15V60P80 274 8.6 38.0 39.6 None
B15V60P90 280 8.8 38.7 39.8 None

B15V60P100 288 8.9 39.6 40.1 None

1 (0165 63 1 IBRACON Structures and Materials Journal * 2019 « vol. 12+ n°5
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Table 12

Acting and strength stresses in infill walls for B30 models. Units in kN/m?

f, = 3,0 MPa (B30) — f_, = 750 kN/m?

f., = 37,5 KN/m?

Model Compressive Tensile Shear f, Predicted cracking
B30V40P30 216 154 40.9 102.3 None
B30V40P40 300 221 56.0 104.2 None
B30V40P50 347 257 67.8 106.3 None
B30V40P60 374 28.1 76.5 108.7 None
B30V40P70 395 30.5 83.4 111.2 None
B30V40P80 406 33.1 89.2 114.1 None
B30V40P90 416 35.2 94.9 117.2 None
B30V40P100 447 38.1 101.9 120.7 Tensile
B30V50P30 243 11.0 35.0 83.5 None
B30V50P40 330 15.7 44.7 84.2 None
B30V50P50 377 17.8 57.4 84.9 None
B30V50P60 414 18.7 63.4 85.6 None
B30V50P70 427 27.8 67.2 86.4 None
B30V50P80 444 27.0 71.2 87.3 None
B30V50P20 458 26.5 75.1 88.1 None
B30V50P100 480 30.1 79.7 89.1 None
B30V60P30 276 10.6 27.2 75.4 None
B30V60P40 369 15.9 39.4 75.7 None
B30V60P50 429 17.9 50.8 76.1 None
B30V60P60 459 19.5 53.0 764 None
B30V60P70 462 20.2 53.0 76.8 None
B30V60P80 476 20.9 54.3 77.2 None
B30V60P90 488 21.5 55.8 77.6 None
B30V60P100 500 21.8 57.6 78.0 None

blocks, the ratio between the compressive principal stresses and
the diagonal compressive strength was between 0.29 and 0.67,
with an average value of 0.53. It is important to highlight that the
non-occurrence of the diagonal compression failure makes valid
the results obtained in this paper, since ultimate strength capacity
generally occurs due to this type of failure [1, 17, 34].

The occurrence of cracking was predicted in 12 models. For mod-
els with bricks of 3.0 MPa compressive strength, the ratio between
the main stress strength and the diagonal tensile strength was be-
tween 0.28 and 1.02, with an average value of 0.67. There was
only 1 model with predicted cracking, which is associated with ten-
sile strength stresses. For models with blocks of 1,5 MPa compres-
sive strength, there were 11 models with predicted cracking. The
relationship between the tensile principal stresses and the diago-
nal tensile strength was between 0.24 and 1.50, with an average
value of 0.81. The relationship between the acting shear stresses
and the shear strength stresses was between 0.62 and 1.16, with
an average value of 0.92. Among the 11 mentioned models, in 8
of these the cracking starts by tensile strength stresses and in the
remaining 3 models the cracking starts by shear. It is important to
note that the occurrence of tensile strength stresses cracking is not
a failure mode of the masonry infill wall, but it is related to a State
Service Limit [15].

5. Final considerations and conclusions

This paper was focused on the modeling masonry infilled reinforced
concrete frames, using equivalent strut model and two-dimensional

finite elements for state stress plane with the sliding simulation and
separation between reinforced concrete frame and infill masonry
wall. Using Finite Element software (ANSYS), 48 models of infilled
frames were simulated numerically, with distance between col-
umns and interstory height usual in reinforced concrete buildings.
The mechanical properties of the infilled masonry were estimated
from the standard minimum strength for clay bricks. The columns
dimensions, the beams dimensions (height of the cross section
and span) and the masonry compressive strength were varied.
In all models, horizontal loads were applied that induced the frame
without masonry to an interstory drift equal to H/850 (where H is
the distance between consecutive floors), which consists of the
maximum interstory drift recommended by NBR 6118 for Service-
ability Limit State (conventional modeling, without contribution of
the infill walls as resistant elements). The forces were reapplied
to the respective frames, but with the presence of masonry in the
structural model. From these considerations, the following conclu-
sions were obtained:

m  With the interstory drift fixed at H/850, the equivalent strut width
increases with the increase of the frame stiffness (dimensions
of cross section of the columns). This increase was observed
for all the expressions discussed in this paper, except for the
expression of Paulay and Priestley [31]. It was also noticed that
the increase of the frame stiffness produced acting stresses
increases in the infill walls;

B The relevant differences between the equivalent strut width
values provided by the main expressions from the literature
were confirmed. On the other hand, Durrani and Luo [32] ex-
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pression provided the closest results comparing to the results
obtained with FEM models. It is worth noting that this expres-
sion is the only one that considers the mechanical properties of
the beam in the equivalent strut width calculation;

Internal forces obtained in the infilled frame were compared to the
values of the equivalent diagonal strut width calculated with the
different expressions. It was noted that the internal forces in the
infilled frame vary less than the equivalent strut width variation;

A new expression was proposed for the equivalent strut width
by a modification in the Mainstone expression [27], thus obtain-
ing good results in comparison to the FEM models. It is recom-
mended, however, that the proposed new expression be used
for buildings with geometrical characteristics and mechanical
properties similar to the infilled frame models analyzed in this
paper. For beams, columns and masonry walls with higher
strength than those analyzed (such as concrete blocks), the
authors suggest possible changes in Mainstone expression
[27] as a theme for future studies [27] to improve the accuracy
of the results;

The analysis of 48 FEM models indicated the important influ-
ence of the masonry compressive strength for verification of
the Serviceability Limit State related to excessive lateral defor-
mations. Based on the comparison of the acting stresses with
the strength stresses, in only 1 model was predicted the crack-
ing of the masonry wall with bricks of 3.0 MPa. For masonry
walls with 1.5 MPa bricks of compressive strength, cracking
was predicted in 11 models. These results also indicate that
the limitation of NBR 6118 for interstory drift (H/850) does not
guarantee the absence of cracking of the infill walls due to the
lateral deformability of the principal structure, which must be
accompanied by a minimum strength of masonry.
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Abstract

The behavior of single-storey, single-bay reinforced concrete infilled frame with masonry panel subjected to static horizontal load was studied us-
ing two structural models: i) equivalent strut model (ESM) and ii) model with two-dimensional finite elements for state stress plane (MEF). In the
first model, an equivalent diagonal strut replaces masonry. The axial stiffness of this element is defined by evaluation of the equivalent diagonal
width. In the second model, the infilled frame is modeling by two-dimensional finite elements, requiring the simulation of the sliding and separation
between the wall surfaces and the reinforced concrete frame. Although equivalent strut models are more attractive for design, the formulas found
in the literature to determine equivalent strut width provide very different values. In addition, most of these formulas ignore some parameters that
may be important, such as beam flexural stiffness. For this reason, several numerical analysis were be carried out. The models simulated usual
geometric and mechanical characteristics observed in reinforced concrete buildings. The results of the two-dimensional finite element modeling
(by software ANSYS) were used as reference for the evaluation of the results provided by the equivalent strut model. The comparison of results
allowed the assessment of the analytical expressions for evaluation of the equivalent diagonal width. Based on this assessment, a new expression
is proposed for buildings with similar characteristics as analyzed in this paper. The results of numerical simulations with MEF models also allowed
for an evaluation of stresses and the probable cracking pattern in infill walls.

Keywords: infilled frames, reinforced concrete frames, diagonal strut model, element finite method, structural analysis.

Resumo
E——

Este trabalho tem como objetivo o estudo do comportamento de pérticos de edificios de concreto armado preenchidos com alvenaria frente as
agoes horizontais, empregando-se dois modelos estruturais: i) modelo de diagonal equivalente (MDE) e ii) modelo com elementos finitos bidi-
mensionais para estado plano de tensdes (MEF). No primeiro modelo, a alvenaria € substituida por uma barra diagonal equivalente articulada. A
rigidez axial dessa barra é definida com o calculo da largura da diagonal equivalente. No segundo modelo, a alvenaria € modelada por elementos
finitos bidimensionais, havendo a necessidade da simulacdo do deslizamento e da separacdo entre as superficies da parede e do portico de
concreto armado. Embora os modelos de diagonais equivalentes sejam mais atrativos para o projeto, as expressdes analiticas da bibliografia
internacional para o calculo da largura da diagonal fornecem valores muito diferentes entre si. Além disso, a maioria dessas expressdes descon-
sidera alguns parametros que podem ser importantes, tais como a rigidez a flexdo da viga. Por essa razao, foram realizadas diversas simulagdes
numéricas de porticos isolados de concreto armado preenchidos com blocos ceramicos com caracteristicas geométricas e mecanicas usuais em
edificios de concreto armado. Os resultados da modelagem com elementos finitos bidimensionais (via programa ANSYS) foram utilizados como
referéncia para a avaliagédo dos resultados fornecidos pelo modelo de diagonal equivalente. A comparacao de resultados permitiu a afericdo das
expressoes analiticas da bibliografia para o célculo da largura diagonal equivalente e possibilitou a proposta de uma nova expressao aplicavel a
edificios com geometrias similares aos modelos analisados. Os resultados das simulagées numéricas com os modelos MEF também permitiram
a avaliagdo das tensdes solicitantes e do provavel tipo de fissuragédo nas alvenarias.

Palavras-chave: porticos preenchidos com alvenaria, porticos de concreto armado, modelo de diagonal equivalente, método dos elementos
finitos, analise estrutural.
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1. Introducgao

EE

Paredes de alvenaria em estruturas reticuladas de edificios de con-
creto sdo empregadas como elementos de vedagéo, devendo estes
atender a requisitos fundamentais de estanqueidade, isolamento
térmico e acustico. Entretanto, dependendo do tipo de fixagdo com
a estrutura principal, as alvenarias podem promover o enrijecimen-
to desta estrutura, funcionando como painéis de contraventamento;
neste caso exercem também fungao estrutural.

Quando os painéis de alvenaria agem como elementos resisten-
tes, tem-se o sistema estrutural de porticos preenchidos. Estando
as alvenarias fixadas na estrutura reticulada, quando o edificio &
submetido a agdes horizontais, os painéis interagem com as vigas
e pilares, aumentando a resisténcia e a rigidez do conjunto (ou
seja, do sistema de porticos preenchidos).

Entretanto, ainda que fixados na estrutura principal, usualmente os pai-
néis de alvenaria tém a sua rigidez desprezada no modelo estrutural
do edificio. Os painéis de alvenaria, neste caso, aparecem na analise
estrutural apenas como cargas verticais (peso proprio) nos elementos
estruturais sobre os quais estao apoiados (vigas ou lajes). Neste caso,
imagina-se que despreza-los como elementos estruturais seja uma
pratica a favor da seguranga. Entretanto, conforme Parsekian, Hamid
e Drysdale [1], existem pelo menos duas justificativas para mostrar que
essa pratica ndo é adequada. A primeira justificativa € que, em edifi-
cios mais altos, as alvenarias de preenchimento oferecem boa contri-
buicdo para a rigidez global da estrutura frente as agdes horizontais.
Ao desconsidera-las, as verificagdes associadas aos estados limites
da estrutura seriam mais conservadoras. A segunda justificativa é que
nem sempre a desconsideragao da rigidez das alvenarias leva a um
dimensionamento mais conservador. Segundos os referidos autores,
a existéncia de paredes em determinadas posices da estrutura pode
aumentar significativamente a rigidez dessa parte da estrutura, alte-
rando a distribuigao de esforgos. Dessa maneira, certos elementos es-
truturais podem estar submetidos a esforgos maiores que os esforgos
obtidos no modelo estrutural em que se despreza a alvenaria como
elemento resistente. Além disso, uma distribuicao ndo simétrica das
paredes em planta pode causar momentos torsores e alterar significa-
tivamente a distribuicdo de esforgos.

O modelo mais atrativo para a consideracéo da interagéo entre al-
venaria e estrutura reticulada sob agdes horizontais € o modelo de
diagonal equivalente (MDE). Neste modelo, a alvenaria é represen-
tada por uma barra (biela) diagonal, cuja segéo é definida pela es-
pessura da parede e pela largura da diagonal equivalente. Modelos
com mais de uma barra diagonal podem ser usados para simular
com mais precisao a presenga da parede no sistema estrutural. A
largura da diagonal equivalente pode ser obtida por meio de ex-
pressoes analiticas encontradas na literatura internacional. A maio-
ria dessas expressodes sao apresentadas e comentadas por Asteris
et al. [2] para paredes sem aberturas. Mais recentemente, Morandi,
Hak e Magenes [3] fizeram uma compilagéo das expressdes analiti-
cas para a obtengao da largura da diagonal equivalente, tanto para
painéis sem abertura quanto para painéis com aberturas.

Embora existam diversas expressoes na literatura para o calculo da
largura da diagonal equivalente, as mesmas fornecem resultados bas-
tante distintos entre si, o que pode inibir a consideragao da interacao
alvenaria-portico na modelagem (em particular em projetos estrutu-
rais). Segundo Araujo [4], a diferenca entre os valores da largura da

diagonal equivalente obtidos com as diversas expressoes pode chegar
a ser maior que 100%, sendo necessario cuidado na escolha da ex-
pressao para que nao se obtenha uma solugao contraria a seguranga.
Cabe destacar que a maioria dessas expressdes desconsidera alguns
parametros que podem ser importantes, como por exemplo, a rigidez a
flexdo da viga, a razéo entre arigidez a flexdo da viga e do pilar, confor-
me destacado em Doudoumis [5], ou o fato de se ter pilares de segdes
transversais diferentes no contorno da parede em edificios reais. Além
disso, percebe-se na extensa bibliografia internacional sobre o tema
que nao ha indicagdes explicitas, de valor orientativo, sobre qual das
expressoes fornece resultados de maior acuracia. No Brasil, tampouco
sao encontrados atualmente pesquisas que contribuam nesse sentido.
Amodelagem de pdrticos preenchidos com alvenaria também pode
ser realizada por meio do Método dos Elementos Finitos (MEF) em
estado plano de tensdes, a qual deve considerar a possibilida-
de de separagédo entre as duas superficies (alvenaria-portico) e
o deslizamento entre as mesmas. Os resultados oriundos dessa
modelagem podem servir de base para a calibragéo da largura da
diagonal equivalente ou para a aferigdo das expressdes analiticas
destinadas ao calculo da diagonal equivalente, conforme demons-
trado em Doudoumis [5], Alva et al.[6] e Asteris et al. [7].

Inimeras pesquisas sdo encontradas na bibliografia internacional so-
bre o comportamento de porticos preenchidos com alvenaria, sendo a
maioria dessas dedicadas ao comportamento frente as agdes ciclicas
de sismos. No Brasil, o nimero de pesquisas sobre o tema é reduzido
e mais recente. Dentre as pesquisas mais recentes, podem ser citadas
as de Alvarenga [8], Santos [9], Tanaka [10], Madia [11], Silva [12] e
Sousa [13]. Em todas essas pesquisas, houve simulagdo numérica via
MEF para a representagao da rigidez das paredes frente as agdes ho-
rizontais. A contribuicéo do trabalho de Alvarenga [8] merece ser desta-
cada, devido aos resultados experimentais gerados e pela proposta de
um novo modelo para determinar a capacidade resistente em modelos
de biela e tirante. Nos trabalhos de Santos [9], Tanaka [10], Madia [11]
e Sousa [13] foram modelados porticos isolados de concreto armado
de um andar preenchidos com alvenaria, onde o contato entre parede
e portico € simulado por meio de molas. Nesses trabalhos também
ha exemplos de aplicagdo da modelagem de porticos preenchidos em
estruturas inteiras (reais). Por sua vez, no trabalho de Silva [12], os
estudos estiveram concentrados nos efeitos das aberturas nas pare-
des no comportamento estrutural dos porticos preenchidos para ve-
rificagbes no Estado Limite de Servigo. No entanto, em nenhuma das
mencionadas pesquisas ha investigagdes mais aprofundadas sobre as
diferengas entre as diversas expressoes da literatura para o calculo da
largura da diagonal equivalente nem sobre quais expressdes podem
fornecer resultados melhores em relagdo aos modelos mais precisos
(modelos MEF ou modelos experimentais).

O objetivo central deste trabalho consiste na afericdo das princi-
pais expressdes analiticas encontradas na literatura especializada
para o calculo da largura diagonal equivalente (MDE). Para esse
fim, simulagdes numéricas de porticos de concreto armado preen-
chidos com alvenaria de blocos ceramicos foram realizadas com
elementos finitos bidimensionais para estado plano de tensdes
(MEF), com simulacdo do contato entre as interfaces alvenaria-
-portico. Os modelos numeéricos procuraram representar vaos de
vigas e distancias entre pisos usuais em edificios de concreto ar-
mado, para diferentes dimensdes de vigas, pilares e resisténcias
de blocos ceramicos. Os resultados fornecidos pelos modelos
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MEF serviram de referéncia para a verificagdo das expressdes
analiticas apresentadas na literatura. Por fim, propde-se uma nova
expressao aplicavel a edificios com geometrias e propriedades
mecanicas (pértico e alvenaria) similares aos modelos analisados.

2. Modelo de diagonal equivalente
na analise de poérticos preenchidos
_——

2.1 Modelo de diagonal equivalente (MDE)

O conceito de diagonal equivalente foi apresentado por Polyakov
[14]. A partir desse conceito, a parede é substituida por uma bar-
ra (biela) articulada na dire¢do da diagonal comprimida, conforme
ilustrado na Figura 1.

Nas duas ultimas décadas, importantes pesquisas [2, 3, 7, 15-26] séo
encontradas na bibliografia especializada internacional a respeito do
desenvolvimento e da aplicagdo de modelos de diagonal equivalente
para analise estrutural de poérticos preenchidos, tanto para os mode-
los com uma unica diagonal quanto para os modelos com mulltiplas
diagonais. Percebe-se nessas pesquisas que fatores importantes no
comportamento de pdrticos preenchidos foram objeto de investigacéo,
a saber: a ndo linearidade fisica dos materiais (especialmente da alve-
naria), a capacidade resistente dos painéis de alvenaria frente aos ti-
pos de ruptura possiveis, o efeito de agdes ciclicas (em especial agbes
sismicas) e os efeitos da presenca de aberturas nas alvenarias.

2.2 Expressoées para cdlculo da largura
da diagonal equivalente

Para a completa definicdo do modelo de diagonal equivalente, é
necessario conhecer, além das propriedades mecanicas e da es-
pessura da alvenaria, a largura da diagonal equivalente.

Tabela 1
Expressdes para o cdlculo da diagonal equivalente

;

Figura 1

Esquema estatico do portico estudado:
modelo MDE

Fonte: Adaptado de SILVA [12]

Diversas expressoes analiticas sédo encontradas na literatura para
o calculo da largura da barra diagonal equivalente. Porém os re-
sultados obtidos em cada uma das expressodes fornecidas podem
apresentar diferencas entre si de mais de 100% [4,12]. Por essa
razao, € necessaria uma escolha criteriosa da expressao a ser uti-
lizada, mantendo o foco na segurancga estrutural. A Tabela 1 con-
tém as expressdes analisadas nesse trabalho. A Figura 2 ilustra os
parametros geomeétricos empregados nessas expressoes.

Na Tabela 1:

a — largura da diagonal equivalente;

Autores

Expressoes

Hendry [28]

a=0,175-(Ay)"% D

’2 2
a5+ aj

A
Liow e Kwan [29] ay = <l
a= »
2
. . ) 0,95 - sen(26)
Decanini e Fantin [30]: ndo fissurado a=———D
2y
Ay <785 Ay > 7,85
ini i i 0,748 0,393
Decanini e Fantin [30]: fissurado a={0,085+ D a=(0130+ D
A A
Ay <785 Ay > 7,85
i 0,707 0,470
Paulay e Priestley [31] a={0010+ D a=(0040+ D
/1H AH
. D
Durrani e Luo [32] a=,

Chrysostomou e Asteris [22]

a= y-sen(20)-D

1+6-Ey-Iy-H
m=6|——————
w-Ep-Ip-L

Chrysostomou e Asteris [22]

a=027-(A)" %D
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Figura 2

Dimensdes empregadas no célculo da largura da
diagonal equivalente (a)

Fonte: SILVA [12]

o, = comprimento de contato entre parede e pilar;

a, — comprimento de contato entre parede e viga;

D — comprimento da diagonal da parede;

E — mdédulo de elasticidade do material do painel de preenchimento;
Ep — modulo de elasticidade do pilar;

E, — mddulo de elasticidade da viga;

h — altura da parede;

Ip — momento de inércia do pilar no plano do pértico preenchido,
em torno do eixo perpendicular ao plano da parede;

|, — momento de inércia da viga no plano do portico preenchido;

H — distancia entre eixos das vigas (distancia entre pisos);

| — comprimento da parede;

L — distancia entre eixo dos pilares (vao tedrico da viga);

t — espessura da parede;

0 — angulo da diagonal equivalente em relagéo a horizontal.

O fator A, (Equag&o 1) consiste na multiplicagio do pardmetro de rigi-
dez relativa entre a parede e o pilar ()\p) com a distancia entre os eixos
de vigas (H). Este parametro consiste em uma grandeza dimensional
(1/unidade de comprimento) e expressa uma relagao de rigidez entre
a alvenaria e o pilar. Amaioria das expressodes utiliza este fator para
obter a largura da barra diagonal equivalente. No caso da expressao
de Hendry [28], que utiliza o comprimento de contato entre os ele-
mentos do pdrtico com a parede, também € utilizada a rigidez relativa
entre a parede e a viga (A ). As Equagdes 2 e 3 contém as expressdes
para o calculo dos referidos parametros de rigidez relativa.

Ay=2,"H M
E-t-sen(26)

- - 2T 2

A 4-E, 1, h @
E-t-sen(20)

Y et i 3

Ay ’4-EU-IU-I @)

Cabe salientar que a expresséo de Mainstone [27] € a mais conhe-
cida entre os pesquisadores na analise de porticos preenchidos,
sendo empregada pela FEMA 306 [34].

3. Modelagem numérica
—
3.1 Modelos estudados

Neste trabalho foram estudados 48 modelos diferentes de porticos
isolados de concreto armado preenchidos com bloco ceramicos. Para
todos os modelos, a altura H (distancia entre eixos das vigas) foi igual
a 3,0 m. Alargura de vigas e pilares foi de 20 cm e a espessura da pa-
rede t também foi igual a 20 cm. Os parametros variados foram a altura
da secao transversal do pilar (dimensé&o paralela ao vao da viga), con-
forme Tabela 2, a altura da segéo transversal da viga juntamente com
o comprimento do vao (vide Tabela 3) e a tensao resistente do bloco
(vide Tabela 2). Assumiu-se, para fins de calculo das propriedades me-
canicas da alvenaria, uma eficiéncia prisma-bloco igual a 0,5 (relagéo
entre a resisténcia a compressao do prisma e a resisténcia a compres-
sa0 do bloco). O codigo de cada parametro, para fins de nomenclatura
dos modelos, ¢ indicado na Tabela 2. O modelo é a combinagao de um
codigo de cada parametro (ex.: B30V40P100, sendo a resisténcia a
compressao do bloco igual a 3,0 MPa, a altura da segao da viga igual
a 40 cm e a altura da segéo do pilar igual a 100cm).

De acordo com as simulagdes numéricas de Doudoumis [5], a razao
entre os momentos de inércia a flex&o da viga e do pilar (1,/1.) exerce
influéncia relevante no comportamento estrutural de pérticos preen-
chidos. Nas simulagdes numéricas de [5] foram analisados modelos
com relagdes (IV/IP) entre 0,25 e 8,0. Por sua vez, neste trabalho, o
espectro de variagdo de (IV/ID) esta compreendido entre 0,064 e 8,0.

3.2 Modelos de diagonal equivalente - MDE

As larguras das diagonais equivalentes foram obtidas de duas ma-
neiras: i) por meio das expressoes analiticas da literatura (Tabela 1);
ii) obtida a partir de calibragdo dos modelos MDE em fungédo dos re-

Tabela 2
Codigos dos par&metros variados
nos modelos estudados

Resisténcia &

compressdo Altura da viga Altura do pilar
do bloco (cm) (cm)
(MPa)
30 (P30)
40 (V40) 40 (P40)
1.5 (B15) 50 (P50)
60 (P60)
50 (V50) 70 (P70)
80 (P80)
30 (830) 60 (V60) 90 (PQ0)
100 (P100)
Tabela 3
Altura da viga em fun¢cdo do comprimento do vdo
Viga (cm) Vao (m)
20 x40 4,5
20 x 50 6.0
20 x 60 7.5
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————— Eixo do elemento normal

s Trecho rigido E
hl L =
1

LT

03h, 03h,

Figura 3

Esquematizacdo de consideragcdo
dos trechos rigidos

Fonte: ABNT NBR 6118 [33]

sultados fornecidos pelos modelos MEF, sendo a igualdade de des-
locamento horizontal entre os dois modelos o critério de calibragéo.
Para aprimorar os resultados dos modelos MDE, nos quais vigas
e pilares foram simulados como elementos de portico plano, as di-
mensoes finitas dos nés foram consideradas por meio de trechos
rigidos (offsets). A posicéo dos trechos rigidos foi definida segundo
a ABNT NBR 6118 [33] (vide Figura 3). Os valores de momento
de inércia a flexdo dos trechos rigidos foram calibrados com os
resultados dos modelos MEF, sendo o deslocamento horizontal o
critério de calibragdo. Esta foi realizada para ambos os modelos
sem a presenga das paredes.

Os porticos preenchidos, simulados com os modelos de diagonal
equivalente, foram processados em programa de analise linear de
porticos planos.

3.3 Modelos MEF

As simulagdes numéricas pelo método dos elementos finitos dos
porticos preenchidos foram realizadas no programa computacional
ANSYS. Foi utilizado o elemento PLANE182 da biblioteca do pro-
grama, para a modelagem tanto da estrutura de concreto quanto
da parede de bloco ceramico. Este elemento finito, aplicavel para o
caso de estados planos de tensdes, possui quatro nos, onde cada

—e

Concreto armado

B
2]

Figura 4

né possui dois graus de liberdade, que sao as translagdes nas dire-
goes X e Y. Essas diregdes formam o plano XY, onde se encontra o
pértico preenchido. Quanto a discretizagao, com base em estudo de
refinamento de malha e na pesquisa de Silva [12], foram definidos
elementos finitos de dimensdes 5 cm x 5 cm, tanto para o poértico de
concreto armado quanto para o painel de alvenaria (vide Figura 4).
Em relagéo ao problema de contato, os elementos